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Abstract

Based on the observations from previous earthquakes, brittle failure poses a
significant threat to the integrity of steel-concrete composite moment-resisting
frames (MRFs). Hence, there has been successful research in developing fuse
strategies that cluster deformation demand away from the column face well within
the beam. However, this approach involves the extensive intervention of the
column and provision of stocky supplemental plates on flanges and the web,
making retrofitting of structures complex, particularly if they were not designed
with full consideration of capacity design principles. An alternative approach is to
use reduced web section (RWS) connections. These rely on perforations made
on the beam’s web rather than flange trimming or the use of supplemental plates
to increase moment capacity at the column’s face. In particular, it is easier to cut
through webs than remove floors to intervene on beam flanges.

Limited attention has been paid to the response of RWS connections with
composite slabs subjected to cyclic loads. The presence of composite action over
the protected zone has raised concerns about jeopardising the concept of a
strong column-weak beam and, thereby, causing an asymmetric yield moment
mechanism. The former can lead to weak column (story mechanism) and large
panel zone yielding, while the latter can induce excessive strain demands on the
beam’s bottom flange. The response mechanism of RWS connections, acting as
two partial beams above and below the opening (top and bottom Tee-sections),
induces four plastic hinges around the web opening (Vierendeel mechanism).
This mechanism can overcome the aforementioned concerns.

The results of experimental and numerical investigations in this research, along
with the compiled and extrapolated findings from the literature, were used to
assess the cyclic response of RWS connections. This thesis advocates the
application of RWS connections in both new seismic-resistant structures and the
retrofitting of non-seismically designed structures. The research findings
demonstrate the effectiveness of the capacity design concept in achieving the
expected ductile response of RWS connections with overlaid slabs. The inelastic
demands and slab cracking were alleviated by eliminating composite interaction
over the protected zone without compromising the beam’s stability. The test
results suggest that RWS connections could be a viable seismic fuse solution for
existing and new structures. The experimental and numerical findings established
the ability of steel-concrete composite RWS connections to meet the response
requirements set by ANSI/AISC 358-16, ANSI/AISC 341-16 and Eurocode 8.
These include achieving an inter-storey drift larger than 4% with strength
degradation of less than 20% of the beam’s plastic moment capacity and cap
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shear transfer to non-ductile components of the connections. This was attributed
to a highly ductile Vierendeel mechanism that led to an increase in the
deformability and ductility of the reduced sections as well as the connections. The
analysis of the collected RWS database supports the findings of both
experimental and numerical investigations in this research, in which the current
design approaches of RWS connections for seismic purposes overlooked the
significant effect of a capacity design to ensure a stable yield mechanism is
governed.
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Chapter 1

Introduction

1.1 Research background and motivation

Recent efforts have been made to update European standards to develop seismic
prequalification  procedures for steel beam-to-column  connections
(EQUALJOINTS, 2017). Nonetheless, challenges persist regarding the presence
of composite interaction over the protected zone. Current seismic design
practices emphasise the importance of decoupling the slab from the beam in
these zones and preventing structural continuity between the slab and the column
(Sumner and Murray, 2002; CEN, 2005d; ANSI/AISC 341-16, 2016). Aiming to
reduce uncertainties that could affect the capacity design hierarchy of beam-to-
column connections. However, their application is challenging, especially in
existing buildings where composite action is crucial for supporting gravity loads
and preventing damage from sagging moments (see Figure 1.1). Furthermore,
the composite slab acts as a diaphragm to distribute the seismic loads throughout
the structure, contributing to the overall stability of the steel-concrete composite
moment-resisting frames (MRFs).
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In seismic events, this mandatory composite interaction can lead to a soft story
collapse mechanism (see Figure 1.2) despite adherence to capacity design
principles (ANSI/AISC 341-16, 2016; Jisr, 2022). Moreover, the presence of
composite action over the protected zone can cause an asymmetric yield moment
mechanism (Figure 1.3), compromising the concept of strong column, strong
connection and weak beam. Increased yielding moment capacity further places
higher strength demands on elements outside the protected zone, causing a
failure of welds and bolts in endplates and fracture at the beam bottom flange
even in the well-known reduced beam section (RBS) connections (Chen and
Chao, 2001; Sumner, 2003; Lee et al., 2016) As part of the strong connection-
weak beam strategy, a Reduced Web Section (RWS) connection emerges as a
promising solution in this context, acting as a ductile fuse and economically
addressing the limitations of traditional connections.
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Figure 1.2: Story Mechanism (Hamburger and Malley,
2009).
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Figure 1.3: Asymmetrical yield moment mechanism (Sumner, 2003; Lee et
al., 2016).
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RWS connections have demonstrated acceptable behaviour under different types
of loading with a most promising and straightforward choice that requires only
one perforation within a beam web without removing the concrete slab (see
Figurel.4) (Yang et al., 2009; Tsavdaridis et al., 2014; Shin et al., 2017b; Shin et
al.,, 2017a; Shaheen et al., 2018; Zhang et al.,, 2019; Erfani et al., 2020;
Davarpanah et al., 2020a; Du et al., 2021; Tsavdaridis et al., 2021; Jia et al.,
2021; Lin et al., 2021; Dong et al., 2021; Bi et al., 2021; Tabar et al., 2022). Thus,
it could be an economic benefit in terms of both manufacture, usage, and seismic
retrofit while limiting out-of-plane instability found in RBS connections and
protecting non-ductile elements (Tsavdaridis et al., 2014). The concept of RWS
connections as ductile fuses is derived from the development of a Vierendeel
mechanism by localising the failure to the yielding and buckling of the Tee-
sections within the web opening while keeping other members of MRFs in an
elastic state. Optimising the size and location of the web opening is essential for
triggering such a mechanism. The studies above have explored various ranges,
with web opening sizes from 0.5 to 0.8 of the depth of the beam (h) and locations
from 0.5h to 1.74h from the column face. While there was no consensus on a
single ideal configuration, a larger opening closer to the column face tends to
induce the Vierendeel and strong-column weak-beam mechanisms.

Figure 1.4: RWS connection (Tsavdaridis et al., 2021).

RWS connections act as two partial beams above and below the opening (i.e.,
top and bottom Tee-sections), as illustrated in Figure 1.5. The top Tee-section is
the composite section, where the bottom one is the bare steel section. When the
applied load goes upward at the high moment side (HMS), the web of the top
Tee-section undergoes tension, while the flange-web of the top Tee-section
exhibits compression at HMS (see Figures 1.6a and 1.7). Under the same
conditions, the web of the bottom Tee-section will experience compression while
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the flange-web and the bottom Tee-section will be under tension at the low
moment side (LMS). Such behaviour can induce local yielding at the web of the
top composite Tee-section and the flange-web of the bottom bare steel Tee-
section. This early local yielding results in stretching the opening and local
buckling of flanges. Both indicate the formation of the Vierendeel (ductile)
mechanism, which becomes the dominant mechanism rather than simple shear
failure at the web opening due to the redistribution of the global actions. Thus,
the effect of the asymmetric yield mechanism is alleviated, and a seismic fuse is
developed at a reduced section.
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Figure 1.5: Tee-sections of the perforated beam (two partial beams).
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1.2 Problem statement and research objectives

The previous section suggests that the presence of composite interaction over
the protected zone profoundly affects the overall steel MRF seismic stability due
to the asymmetric yield effects. By focusing on the unique response mechanism
of RWS connections, this thesis aims to advocate for utilising RWS connections
as an alternative to traditional seismic fuses, often complex retrofitting strategies.
The research employs a comprehensive study through the combination of
experimental and numerical methods, along with the development of a database
that combines empirical data from the literature and this research. This approach
seeks to contribute significantly to seismic design practices by optimising RWS
connections to control the extent of damage in composite steel-concrete
connections. Given the above, the research objectives of this thesis are
summarised as follows:

e Perform experimental tests to examine how composite action influences
the cyclic behaviour of RWS connections, aiming to augment available
data.

e Uncover the phenomena that govern the behaviour of composite RWS
connections when subjected to cyclic actions by using adaptable but

detailed finite element modelling (FEM).

e Conduct comprehensive parametric assessments to extend the
observations on the experimental results.

e Compile test and FEA databases from this research and existing literature
to assess the capacity design ratio effect and the applicability of SCI P355
guidance (Lawson and Hicks, 2011), thereby promoting the use of RWS
connections in MRFs in seismic areas.

1.3 Methodology

1.3.1 Necessity of numerical investigations

Numerical investigations are integral to this research, serving multiple vital roles.
Primarily, they provide essential preliminary insights that guide the experimental
testing of RWS connections. These insights help to hypothesise and predict
behaviours, which is crucial for planning practical physical experiments.
Additionally, numerical analysis is invaluable for its efficiency and cost-
effectiveness. It allows for the exploration and comparison of various parameters
across different specimens, which would be impractical or prohibitively expensive
to test physically. This aspect is particularly significant given the research's focus
on a less-explored area - the interaction between RWS connections and overlying



slabs. Furthermore, a numerical investigation was employed to validate the
experimental tests conducted in this research. This validation paves the way for
further parametric studies exploring the influence of critical parameters governing
the behaviour of RWS connections.

1.3.2 Experimental investigation

Based on preliminary investigations, an experimental campaign was conducted
to explore the cyclic response of composite RWS connections. This investigation
fills a gap in existing research by providing empirical evidence on how the
presence or absence of shear studs over the web opening, a novel aspect of this
research, affects the seismic performance of these connections. The
experimental results are not just a reinforcement of existing theories but a crucial
step towards developing more resilient seismic designs in steel-concrete
composite structures. This approach also offers practical insights for employing
RWS connection designs in both new constructions and retrofitting projects,
contributing to a deeper understanding in a field where such focused
experimental data is currently limited.

1.3.3 Desk Study and Analytical work

Over the past decade, there has been a strong push toward the development of
robust guidance and numerical models and acceptance criteria for the design and
promotion of the use of RWS connections in MRFs in areas predisposed to
seismic events (Tsavdaridis and D’Mello, 2012; Tsavdaridis et al., 2014; Akrami
and Erfani, 2015; Tsavdaridis et al., 2017; Erfani and Akrami, 2017; Erfani and
Akrami, 2019; Erfani et al., 2020; Tsavdaridis et al., 2021). However, limited
experimental tests on RWS connections are available to synthesise or evaluate
the robustness of design guidelines and existing numerical models. Several
researchers have presented different models to predict the responses of
unstiffened and stiffened BEEP connections as well as RBS connections, as
demonstrated by Ding and Elkady (2023). These can be categorised as analytical
(e.g. the yield line method), mechanical (e.g., Eurocode 3 component method
(CEN, 2005b)), or empirical (regression analysis for experimental and/or FE
simulation data) (Ding and Elkady, 2023). Due to the complexity and lengthy
procedures of analytical and mechanical models, empirical models are
favourable among practising engineers and researchers (BCSA/SCI, 2013;
D’Alessandro et al., 2018; Terracciano et al., 2018; Ding and Elkady, 2023). Thus,
an empirical study was employed by developing a database on bare steel and
steel-concrete composite RWS connections from the literature and this research.
This database aids in verifying the assumptions and observations made during



the numerical and experimental investigations. Such a database is valuable for
researchers and engineers as it allows them to refine the existing models and
contribute to developing and validating design codes and standards.

1.4 Thesis outline

The thesis consists of seven chapters briefly summarised in the following
subsections and as illustrated in Figure 1.8:

Chapter 2: Literature Review

Chapter 2 reviews the past and recent experimental and numerical investigations
related to the research and the relevant design codes of practice.

Chapter 3: Preliminary Finite Element Analysis (FEA)

This chapter showcases the development of numerical validated models that
replicated the findings of an experimental investigation performed in beams
without perforations (Chaudhari, 2017; Chaudhari et al., 2019). After its
benchmarking, a numerical parametric investigation was presented to uncover
the effects of interactions arising between slabs and overlaid RWS connections.
Aiming to explore the untapped potential of utilising RWS-slab composite
structural systems with European beam and column sections in seismic areas.
The parameters included the presence and absence of composite interaction
over the web opening, along with the size and location of the web opening.

Chapter 4: Experimental Investigation

Chapter 4 introduces an experimental test of demountable steel-concrete
composite bolted RWS connections. Aiming to verify the findings of the
preliminary FEA in Chapter 3 in terms of i) the suitability of using such
connections as seismic fuses for existing and new buildings and ii) the positive
effect of the capacity design principle. Four composite connection specimens
were subjected to sagging and hogging moments to investigate the response of
RWS connections under reversible actions. A single circular opening with a
diameter equal to 0.8 times the beam’s depth was fabricated near the beam-
column joint. Two different parameters were investigated, namely the effect of the
web opening location and the presence or absence of bolted shear studs over
the protected zone. The assessment of retrofitted connections was also
examined by creating a web opening of the solid-webbed specimen after
exposing it to cyclic actions representing moderate seismicity. This chapter
presents an overview of experimental works, the design overview, test specimen
details, material properties, test set-up, instrumentation and the interpretation of
the test results, as well as the test observations and results.



Chapter 5: Parametric Assessments

This chapter investigates the cyclic behaviour of demountable steel-concrete
composite RWS connections. To enhance understanding, a high-fidelity finite
element (FE) model was developed following experimental studies, focusing on
parameters including the presence of composite action over the web opening,
diameter, and the end-distance of the web opening. The study encompasses 285
FE models. The assessment of response characteristics of such connections
follows the Ibaraa-Medina-Krawinkler (IMK) model, considering aspects such as
stiffness, strength, ductility, and reinforced concrete slab contribution.

Chapter 6: Capacity Design Assessments

The focus of this chapter is to compile experimental and numerical databases
developed within this PhD research and existing literature for assessing the
capacity design ratio on the response of the RWS connections. A gap in current
design approaches demands explicitly introducing a capacity design approach
when designing RWS connections. This chapter presents two main databases to
identify similar trends.

The first database consists of the following:

1. The results of the parametric numerical investigation are presented in
Chapter 5.

2. The benchmarked finite element (FE) models constructed and validated in
Chapter 3 were utilised for further parametric investigation considering the
New Zealand section profiles. The goal is to expand the database with a
wider range of steel sections.

The second database was compiled and derived from experimental and
numerical non-dimensionalised results in existing literature, along with results
from Chapter 3.

Chapter 7: Conclusions

A summary and set of conclusions drawn from the research study are presented
in this chapter. Recommendations and suggestions for future work are also
discussed.
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Chapter 2

Literature Review

2.1 Introduction

The literature review comprises five main sections: (1) structural behaviour of
seismic moment connection; (2) review of prior research on seismic connections;
(3) the relevant design codes of practice; (4) structural behaviours and failure
modes of web opening regions; and (4) a review of reduced web section (RWS)
connections. The main objective of this chapter is to identify gaps in the
knowledge regarding the seismic performance of prequalified seismic-resistant
and RWS connections and highlight the required research to address them.

2.2 Structural behaviour of seismic moment connection

2.2.1 Steel connection characterisation

A good balance between stiffness, strength, and ductility among members, as
well as connections and supports of steel moment-resisting frames (MRFS), is
critical when characterising a well-designed earthquake-resilient structure. Steel
MRFs are highly dependent on the seismic behaviour of the beam-to-column
connections. Consequently, any appropriate assessment of the MRFs’ seismic
performance necessitates a detailed understanding of beam-to-column
connections' stiffness, strength and ductility properties. In this context, it is worth
noting that, at the beam-to-column connection level, ductility is often referred to
as rotational capacity.

Traditionally, steel MRF design connections are pinned or fully rigid to simplify
the analysis and design processes. However, this leads to the inability to obtain
a detailed understanding of the behaviour of the connection in terms of stiffness
(Diaz et al., 2011, Liu et al., 2016). In practice, most connections transfer some
moments and have some rotation. The term ‘semi-rigid’ is now frequently used to
define the structural response of connections between these two extremes, as
shown in Figure 2.1. According to Eurocode 3 Part 1-8, connections can be
classified based on their initial rotational stiffness in relation to the elastic stiffness
of the connected beam (see Figure 2.2). In unbraced frames (i.e., MRFs), a
connection's stiffness is classified as semi-rigid if its initial stiffness (S; in; g¢3) falls
between 0.5 EpI, /L, and kg EpI,/L,. Where k;, is equal to 25 for MRFs; E,
represents the measured steel beam elastic modulus; I, is the beam moment of
inertia about the section’s major axis; and L is the beam length between column
centerlines.
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Figure 2.1: Connection types according to their behaviour (a) pinned;
(b) rigid; and (c) semi-rigid (Diaz, Marti, et al., 2011).
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Figure 2.2: Classification of steel connections by rotational stiffness
according to Eurocode 3: Part 1-8 (CEN, 2005b).

Regarding the strength classification, depending on the contribution of each joint
component to the plastic failure mechanisms, a connection could be designed as
full, equal (balanced), or partial-strength, with or without yielding of the web panel.
A full-strength connection can transfer the full plastic moment of the connected
beams without plastic deformations within it. In a partial-strength connection,
plastic deformations occur in the connection before full plastification of the
connected beam (Landolfo et al., 2010). An equal-strength falls into the category
of partial-strength according to the current Eurocode 3: Part 1-8 (CEN, 2005b;
D’Aniello et al., 2023). In the new generation of Eurocodes, equal-strength
connections are balanced strength, where the plastic deformations in the
connection (e.g., end-plate) and the beam are concurrent (D’Aniello et al., 2023).

The connection classification can also be based on ductility, a characteristic that
significantly influences the seismic behaviour of the connection. In Eurocode 3:
Part 1-8 (CEN, 2005b), ductility is not explicitly specified but instead defined from
the geometric and mechanical properties of the connection components.
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However, the approach of Eurocode 8 Part 1 (CEN, 2005d) involves ductility by
giving the option to select different ductility levels for a structure by providing
different ductility classes. This forms the basis for introducing ductility classes
and applying behaviour factor q, as elaborated in clause 2.2.2(2). Selecting one
ductility class over another directly impacts the design process. For example, a
ductility class has direct consequences on the value of behaviour factor q,
specific detailing and design requirements for all structural materials, and relevant
types of structures as well (Landolfo et al., 2017).

2.2.2 Plastic mechanism under cyclic loading

The main concept of the component method coded in Eurocode 3: Part 1-8 (CEN,
2005b) is that the weakest component's behaviour governs the joint's overall
behaviour. The joint components may be classified in terms of ductility, as shown
in Figure 2.3. Since the main aim of seismic design is to eliminate the brittle
fracture, a sufficient deformation capacity must be provided to endure the
specified ground motion intensity with a low probability of collapse. Hence, a high
degree of ductility is required in steel MRFs to ensure satisfactory seismic
behaviour.

(a) (b) (c)
J,PI M M

ﬁ\/‘f’\

Collapse due to the

ductile fracture Collapse due to
local buckling Collapse due to

brittle fracture

6 6 allv)

Figure 2.3: Ductile and brittle collapse (Gioncu and Mazzolani, 2013).

Although steel is a ductile material, that does not guarantee the ductile behaviour
of the structure. This is attributed to the different plastic failure mechanisms
manifesting in steel MRF systems. These mechanisms depend on the relative
strengths of beams, connections (i.e. end-plates), and columns (including panel
zones) framing into a joint. These components of a joint can dissipate hysteretic
energy through cyclic plastic deformations, providing that fragile failure of bolts
and welding is impeded (Tartaglia, D’Aniello, Rassati, et al., 2018; Mou et al.,
2019; Landolfo, 2022; D’Aniello et al., 2023).
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Steel MRFs derive their ductility through one or a combination of the following:
plastic hinge formation in beams away from the beam-to-column connections,
limited shear deformation in the panel zone or limited plastic deformation in the
columns and their bases, as displayed in Figure 2.4a (Gioncu, 2000; FEMA 350,
2000). The plastic hinges are generally preferable to be formed in a beam at a
distance from the column/connection face. This helps the columns and beam-to-
column connections (i.e. the end-plate) to remain elastic before the formation of
plastic hinges in the beams (FEMA 350, 2000) which is the strong-column-weak-
beam concept. Adoption of this framework allows avoidance of the following
undesirable behaviours (Hamburger and Malley, 2009), namely:

)

i)

storey mechanism (Figure 2.5), which leads to instability and the collapse
of the whole structure; and,

high stress and strain demand on the connection, which leads to brittle
damage.
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Figure 2.4: Plastic collapse mechanism (Gioncu, 2000).




Figure 2.5: Soft-story collapse mechanism
(Lignos et al., 2013).

However, the beam-ends, where plastic deformations favourably form during an
earthquake, are connected to the node zone, which consists of the joint
components as shown in Figure 2.4c. Thus, the local plastic deformations in the
MRFs could be localised not only at the member ends (i.e., beam and/or column
end) but also at joints or both member ends and joints, as illustrated in Figure
2.4b (Gioncu, 2000). To this end, capacity design and ductility design employ a
combination of i) components with high strength and ii) components with high
plastic deformation capacity to optimise the response of the MRF. This approach
involves linking a favourable failure mechanism to a responsible component to
provide the needed hysteretic energy dissipation. Other elements with
comparable strength are then protected to ensure elastic behaviour.

Under reversals of seismic loading, the sagging moment causes buckling of the
beam's upper flange, while the hogging moment causes buckling of the beam's
lower flange, as illustrated in Figure 2.6a. The buckled flanges will be
straightened in subsequent cycles due to load reversal. This process will continue
the same way until the applied actions cannot straighten the buckled beam
flanges (Gioncu and Mazzolani, 2013). Consequently, the beam section will work
with an introduced geometrical imperfection at the start of each cycle. Moreover,
the accumulation of plastic deformations in the buckled flanges will make buckling
and extensive deformation more likely (Gioncu and Mazzolani, 2013). Regardless
of engaging strain-hardening in the steel, in Figure 2.6b, there is a net fallout in
the strength and stiffness of the connected beam due to extensive local buckling.
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Figure 2.6: Plastic mechanism at the beam (Gioncu and Mazzolani,
2013).

Such behaviour is the strong-column-weak-beam concept, which is an
application of the capacity design method wherein beam yielding is generally
preferable to be the primary dissipative element in MRFs. It can be achieved by
strengthening the connections or weakening the beam at specific locations away
from the column face. Weakening the beam instead of strengthening the
connections has proved to be the more cost-effective solution. The strong
column-weak beam concept can be achieved by using different types of seismic
connections, as shown in Figure 2.7. Amongst these are extended end-plate
connections and the well-known reduced beam section (RBS) connections, which
have proven their ability to enhance the seismic performance of connections
while enabling the formation of plastic hinges within the beam.
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Four-bolt Four-bolt Eight-bolt Reduced web
unstiffened (4E) stiffened (4ES) unstiffened (8ES) section (RBS)

Figure 2.7: Prequalified seismic connections (ANSI/AISC 358-16, 2016).

Such connections were a part of the prequalification campaign after the 1994
Northridge and 1995 Kobe earthquakes. This prequalification campaign was
carried out due to the challenge of the perception that the structural damage of
the steel-concrete composite MRFs would be confined to protected zones, which
are locations where yielding is encouraged, leading to the development of
structural fuses. The damage arose in the form of brittle fractures of traditional
beam-to-column, welded flange-bolted web connections in buildings with a
number of floors ranging from one to twenty-six. Even this phenomenon was
observed in areas that experienced only moderate ground shaking (see Figure
2.8) (FEMA 350, 2000; FEMA 355E, 2000).

=3

c) Fractures through column d) Fracture progresses into
flange. column web.

Figure 2.8: Fractures of Beam-to-Column Connections (FEMA
350, 2000; FEMA 355E, 2000).
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These brittle fractures in steel-concrete composite MRFs were generally due to
the excessive strain demands on the bottom flange as a result of the composite
slab, which might be several times larger than one fabricated with bare steel,
causing a higher potential of such failure (Uang et al., 2000; Kim et al., 2004).
Therefore, proper assessments should be made to avoid fragile behaviour, like
the strong-beam-weak-column mechanism. This could be a dominant
mechanism if the contribution of the composite slab is neglected in the design
process (Roeder, 2002). Although no steel MRFs collapsed during the Northridge
earthquake, expensive repair costs and time-consuming processes were incurred
to fix the brittle fractures of beam-to-column connections (Bruneau et al., 2011).
Consequently, a great deal of research has been undertaken to understand and
enhance the seismic performance and design of steel-concrete composite MRFs
since these disruptive events.

SAC Joint Venture conducted a campaign with the participation of the American
Institute of Steel Construction (AISC) and other industry groups funded by the
Federal Emergency Management Agency (FEMA) (ANSI/AISC 358-16, 2016).
Consequently, this campaign led to improved AISC seismic provisions and the
development of new seismic design criteria for beam-to-column connections that
favour prequalification. Prequalification involves testing in real-scale prototypes
to identify their failure mechanisms and assess their capacity to accommodate
inter-story drifts without compromising the capacity to endure vertical structural
demands. Now, this framework is being adopted in Europe, leading to the
EQUALJOINTS and EQUALJOINTS-Plus projects. They aim to seismically
prequalify a set of steel beam-to-column joints with different connections,
including bolted unstiffened and stiffened extended end-plate connections
(EQUALJOINTS, 2017).

2.2.3 Research studies on prequalified seismic connections

Two seismic connections are mainly reviewed herein:- extended end-plate
connections and steel-concrete composite RBS connections. Extended end-plate
connections have been reviewed, as such connection types have been used with
RWS in this thesis due to the popularity of extended end-plate connections as
moment connections in Europe and seismic and wind active zones. The review
of steel-concrete composite RBS connections arises because of the similarity
between RWS and RBS connections in terms of the strong-column weak-beam
concept (i.e., a seismic fuse). Also, other types of seismic moment connections
have been reviewed to understand the impacts of the composite interactions over
the plastic zone.
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Generally, there are three configurations of extended end-plate moment
connections in ANSI/AISC 358-16 (2016), as shown in Figure 2.7. They are shop-
welded to the beam and then bolted to the column flange in situ. Several failure
modes control the behaviour of this connection type, including flexural yielding of
the beam section, flexural yielding of the end-plates, yielding of the column
flange, tension and shear rupture of the end-plate bolts as displayed in Figure 2.9
(ANSI/AISC 358-16, 2016). Since the rotational capacity is a key factor in the
ductility of structures in seismic areas, the rotational capacity of such connections
is mainly controlled by the flexural yielding extended end-plate and the column
flange and by elongation of the bolts (D’Aniello et al., 2017).

Mode 1: Complete flange yielding Mode 2: Bolt failure + flange vielding Mode 3: Bolt failure
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Figure 2.9: T-stub failure modes.

Many researchers have conducted experimental and finite element (FE) studies
to investigate the behaviour of stiffened and unstiffened extended end-plate
connections under monotonic and cyclic loads (Ghobarah et al., 1990; Korol et
al., 1990; Bernuzzi et al., 1996; Guo et al., 2006; Augusto et al., 2017; Tartaglia,
D’Aniello and Landolfo, 2018; ElSabbagh et al., 2019). All have concluded that
unstiffened extended end-plate connections can exhibit satisfactory seismic
performance if they are properly designed and detailed. They have found that the
ductility can be enhanced by using stiffened extended end-plate connections.

Sumner et al. (2000) conducted a series of tests on the four-bolt extended
unstiffened and the eight-bolt extended stiffened moment end-plate connections
as a part of the SAC Steel Project. One test was an interior steel-concrete
composite extended end-plate connection consisting of two main beams
connected to a single column in a cruciform. Their results show that the extended
end-plate connections exhibited good performance under cyclic loading in terms
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of ductility, rotation capacity and energy dissipation (see Figure 2.10). In the
composite test, despite the concrete slab having positive effects in terms of
providing lateral stability to the connected beam, the response was not as
expected, as local buckling of the beam bottom flanges occurred. As the loading
cycles continued, the composite slab maintained its contribution to the overall
strength of the connection. As a result, the bottom bolts of the connection failed
in tension without yielding or separation of the end-plate before failure as shown
in Figure 2.11. They recommended that the composite action should be low by
not placing the shear studs from the column face to 1.5 times the depth of the
connected beam to reduce the cracking and crushing of the concrete slab around
the column. Slab reinforcement should also be reduced in the area from the
column face to twice the depth of the connecting beam. In addition, 13mm of
compressible expansion joint material should be installed between the slab and
the column face.
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Figure 2.10: Four bolt extended unstiffened connection after testing
(4E-1.25-1.5-24) (Sumner, 2003).
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Similar to the SAC Steel Project, an extensive research campaign of
EQUALJOINTS and EQUALJOINTS-Plus, aimed to develop seismic
prequalification procedures for seismic steel moment connections, currently
missing in Eurocode 8 Part 1 (CEN, 2005d), was carried out in Europe
(EQUALJOINTS, 2017). A set of steel beam-to-column joints that are most used
in European practice, with different connection types, were included in these
campaigns. These include unstiffened, haunch- and rib-stiffened bolted extended
end-plate joints as well as welded RBS. Design procedures for end-plate moment
connections were developed, experiment tests were conducted, and FE studies
were employed to evaluate aspects of the design procedures. The findings
confirmed the consistency of these joints’ behaviour with the adopted capacity
design criteria in terms of the locations of the expected plastic mechanisms in the
joint (Figure 2.12). Moreover, the behaviour of the joints complies with both
qualification criteria in North America (ANSI/AISC 358-16, 2016; ANSI/AISC 341-
16, 2016) and European Eurocode 8 Part 1 (CEN, 2005d).
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requirements for the prequalified joints (Landolfo, 2022).
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There have been concerns about the detrimental impact of the presence of steel-
concrete composite interactions over the plastic zone with seismic moment
connections (Figures 2.13 and 2.14) (Chen and Chao, 2001; Kim and Lee, 2017).
These were attributed to the resulting composite action in jeopardising the
concept of the strong-column-weak-beam concept. Despite its significant benefits
in enhancing the beam's strength and stiffness under sagging moments, it
increases the strain demand in the beam bottom flange near the connection face
where the plastic hinges are formed. Also, it could lead to the strengthening rather
than weakening of the beam if the slab contribution is not properly accounted for.
Previous studies examined the conventional welded steel moment connections
and RBS connections with high composite action degrees (Chen and Chao, 2001;
Lee et al., 2016; Kim and Lee, 2017; Shaheen et al., 2018). They concluded that
the concrete slab and resulting composite action kept contributing to the
connections’ capacity even when the reinforced concrete slab was cracked and
crushed. That could lead to the strengthening rather than weakening of the beam
and the early brittle rupture of the beam’s bottom flange due to the unforeseen
asymmetric behaviour (Chen and Chao, 2001; Lee et al., 2016; Landolfo et al.,
2017; Shin et al., 2017a; Shaheen et al., 2018). These findings are consistent
with the findings of Sumner et al. (2000), who conducted a test on an interior
steel-concrete composite bolted extended end-plate connection as part of the
SAC Steel Project. Despite the positive effect of the concrete slab in providing
lateral stability to the connecting beam, the bolt rupture and bottom flange
buckling were apparent. As stated before, they recommended that the composite
action should be low by not placing the shear studs in the zone of the beam’s
plastic hinges and a gap between the concrete slab and column should be
provided. Thus, understanding the composite action effect on the seismic
performance of the connections is very important for the erection of new buildings
and the retrofit of existing buildings.
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Figure 2.13: Typical plastic zone of the composite
RBS specimen tested (Chen and Chao, 2001).
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(c) PN500C—HST (d) PN500C-SH (¢) PN500C-TH

Figure 2.14: Plastic hinge region after completion of testing (Kim and Lee,
2017).

Summer and his collaborators (Sumner et al., 2000b; Sumner et al., 2000a)
studied ways to prevent the undesired coupled beam-slab action near
connections, finding that the best solution is decoupling their joint action in that
place while preserving its midspan. This can be accomplished by suppressing
beam shear studs in the protected zone while allowing for a gap between the
column and the slab. Laboratory testing has since validated Sumner’s approach
(Sumner et al., 2000b; Sumner et al., 2000a; Civjan et al., 2000; Civjan et al.,
2001; Jones et al., 2002; Zhang and Ricles, 2006a; Zhang and Ricles, 2006b;
Lee et al., 2016) and found that damage to the beam is reduced, while structural
demands outside the protected zone are mitigated, even leading to a significant
reduction of slab cracking (Lee et al., 2016) (Figure 2.15).



(a) Opening

(b) Closing

Figure 2.15: Composite RBS connection, before, during
and after the test (Lee et al., 2016)

The behaviour of bolted extended end-plate connections under cyclic loading is
complex due to non-linear interactions among connection components through
surface contacts and the effect of bolt preload. There are numerous FE studies
of seismic and non-seismic bolted extended end-plate connections with and
without steel-concrete composite beams in which the researchers considered
simplification of the shape of the bolts as rectangular or hexagonal instead of
circular (Diaz, Victoria, et al.,, 2011; Mashaly et al.,, 2011; Lim et al., 2012;
ElSabbagh et al., 2019). Others considered the reduction of the bolt diameter to
capture the behaviour of the bolt under monotonic and cyclic loadings (Diaz et
al., 2011; Morrison et al., 2017). Further simplifications have been made,
including suppressing the contact interaction between the head and nut of the
bolt with the plates and tying them to simplify their interactions (Lam and Fu,
2005; Gil et al., 2013; Tsavdaridis and Papadopoulos, 2016; Elflah et al., 2019;
Nazaralizadeh et al., 2020). Other techniques used a combination of shell and
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solid elements to model the bolted steel beam-to-column joint (Sofias et al., 2014)
and model each component of the bolted extended end-plate connections in
detail, including the components’ contact interactions using contact pairs and bolt
preload (Gerami et al., 2011; Sofias et al., 2014; Morrison et al., 2017; EISabbagh
et al., 2019). Some of these studies applied symmetry conditions and used
different material non-linearities (Figure 2.16).
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Figure 2.16: Symmetric boundary conditions (ElSabbagh et al., 2019).

Also, there are some cases of steel-concrete composite bolted extended end-
plate connections where bolts and plates are considered to deform monolithically
(Lam and Fu, 2005; Vasdravellis et al., 2009; Wang, 2010; Gil et al., 2013). Their
FE results showed a good agreement with experimental tests. The ones that
simulate steel-concrete composite bolted extended end-plate connections under
cyclic loading (Chaudhari, 2017; Wang et al., 2018). Wang et al. (Wang et al.,
2018) presented experimental and FE investigations of extended end-plate
connections with concrete-filled steel tubular columns under push-release
loading, as shown in Figure 2.17. In Chaudhari (2017), the end-plate and bolts
were not modelled for the FE validation of all tested specimens. Nevertheless,
both of these studies demonstrated a good agreement between FE results and
corresponding experimental tests.
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Figure 2.17: Layout of finite element model (Wang et al., 2018).

2.3 Design criteria

This section presents the main requirements of the relevant design codes of
practice. It begins with the main design criteria for steel-concrete composite
seismic connections in Eurocode 8. Unlike US codes, Eurocode 8 is not a
normative standard design rule that specifies design, detailing, fabrication and
quality criteria to achieve the required seismic performance for beam-to-column
joints. Thus, prequalified connections requirements from ANSI/AISC 358-16
(2016) and FEMA 350 (2000) are used in the absence of direct design guidance
of connections in EC-8 (Landolfo et al., 2010).

2.3.1 Eurocode 8

Eurocode 8-1 requires that MRFs be designed such that the formation of plastic
hinges resides mainly within beams rather than in columns and connections. To
avoid unfavourable performance — for instance, the soft story mechanism and
ensuring the development of the strong-column weak-beam mechanism —
columns should remain elastic, except at their ends, while plastic failure mode
should occur in the beams. Hence, the overall ductile behaviour should be
guaranteed by meeting the following criterion of clause 4.4.2.3(4):
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XMp,

Rb

where:

IMpg. isthe sum of design values of the flexural strengths of the columns
connected to the joint.

IMp, is the sum of design values of the flexural strengths of the beams
connected to the joint.

2.3.1.1 Connections

In MRFs with beams acting as dissipative elements, connections should be
designed at full-strength and with a rotation capacity of at least 35mrad (Eurocode
8-1- 6.6.4(3)). General design rules of non-dissipative connections of dissipative
elements are provided in Eurocode 8-1- clause 6.5.5. These rules ensure
sufficient connection overstrength to prevent high local plastic strain within a non-
dissipative connection. This can be satisfied by applying the following equation
(Eurocode 8-1- 6.5.5(3)):

Ry = 1.1 ¥ - Rpy
Where:

Ry is the design resistance of non-dissipative welded or bolted
connections.

Rr,  is the plastic resistance of the connected member.

Yo» IS the overstrength factor = 1.25.

Following Eurocode 8-1/clause 6.2(9), high-strength bolts of grade 8.8 or 10.9
should be used in bolted connections of primary seismic members.

2.3.1.2 Composite beams

Despite the benefits of the presence of a floor slab diaphragm, such as axial
forces being negligible in beams and enhancing the stiffness against gravity and
seismic actions, composite action between the slab and steel beam can impair
the strong-column weak-beam concept when not properly accounted for.
Eurocode 8-1 clauses 7.7.5(1)P and 7.7.5(2) state that no shear studs should be
placed over the plastic hinges area and provide a gap between slab and column
faces on all sides of the column to avoid overestimating the capacity of the
structure.
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2.3.2 American codes

Seismic provision (ANSI/AISC 341-16, 2016), prequalified connections
(ANSI/AISC 358-16, 2016) and FEMA 350 (FEMA 350, 2000) were developed by
the research group SAC Joint Venture to present new seismic design criteria for
beam-to-column connections. One of the main criteria in the latter two standards
is the beam span-to-depth ratio. This is due to its significant effect on the inelastic
behaviour of beam-to-column connections; the increase in member size leads to
an increase in strain on the connections, which means the connections become
prone to brittle behaviour (FEMA 350, 2000). Both these standards require that
the clear span-to-depth ratio of the beam for special steel moment frames should
be equal to 7 or greater.

ANSI/AISC 341-16 (2016) adopts a strong-column weak-beam mechanism that
requires the sum of the design values of the flexural strengths of the columns to
be higher than that of the beam at each joint. The design procedure of extended
end-plate connections in ANSI/AISC 358-16 (2016) also aims to design such
connections to have sufficient strength to ensure the formation of plastic hinges
within the connected beam. The intent of the design procedure of RBS
connections in ANSI/AISC 358-16 (2016) and FEMA 350 (2000) is to act as a
seismic fuse and weaken the beam at a specific location. Both these connections
satisfy the requirement of strong-column weak-beam in seismic provision
ANSI/AISC 341-16 (2016). A rotation capacity of a minimum of 0.04 rad is
recommended for seismic design with no more than 20% strength degradation of
the connection (ANSI/AISC 341-16, 2016).

More detailed recommendations regarding the acceptance criteria for allowable
and permitted rotations of various connection types based on three primary
performance levels are provided by ASCE/SEI 41-17 (ASCE, 2017). These
performance levels are Immediate Occupancy (10), Life Safety (LS) and Collapse
Prevention (CP), which categorise the connection's ability to withstand
earthquake forces. Connections are generally classified into two main types
based on their strength and stiffness: fully and partially restrained. RWS
connections can be defined as fully restrained connections; they are not explicitly
mentioned in ASCE/SEI 41-17 (ASCE, 2017). Table 2.1 presents the acceptance
criteria for the two aforementioned seismic connection types — Reduced Beam
Section (RBS) and extended end-plate connections.
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Table 2.1: Acceptance criteria from ASCE/SEI 41-17

) Acceptance criteria
Connection
10 LS CP
RBS 0.025-0.00015d | 0.0525-0.00023d | %97
' ' ' ' 0.0003d

Extended end-pale
(yield of end plate) 0.010 0.035 0.035
Note: d is the beam depth

2.4 Structural behaviour and failure modes of perforated beams

This section outlines the behaviour and failure modes of steel-concrete
composite and non-composite (bare steel) perforated beams. The similarity in the
behaviour to RWS connections is the reason for the review. For instance, one of
the most critical failure modes considered in the design of RWS connections and
perforated beams is the Vierendeel mechanism (VM) (see Figure 2.18). For this
reason, understanding the behaviour and influence of the web opening in
composite and non-composite beams is essential for a better understanding
RWS connections. Different shapes and numbers of web openings are
presented, with particular emphasis on single circular web openings.
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4t @MW Ived - 5*ved 1 2)

Vsd + (5*Vsd / 2) 6:' (5*Msd / 2) —/

. 4

Msd, Vsd

Figure 2.18: Vierendeel Mechanism (Chung et al., 2001; Shaheen
et al., 2018).
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Owing to the widespread application of perforated beams, which includes cellular
beams and beams with web openings, a great deal of research on their behaviour
and design has been conducted. Cellular beams, manufactured through a
specific process that involves splitting and re-welding an entire beam in an offset
position, as shown in Figure 2.19, are contrasted with beams having single web
openings. The latter, forming the primary focus of this thesis, are created by
cutting individual openings into an existing beam, as exemplified in Figure 2.20.
While cellular beams aim for a high strength-to-weight ratio along the entire beam
length, beams with single web openings are more about accommodating specific
requirements at particular locations along the beam. The manufacturing process
for cellular beams leads to a more efficient material distribution for load
resistance, whereas single web opening beams may require additional
reinforcement around the openings.
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Figure 2.20: Laser cutting of web opening (Qiao, Guo, et al., 2022).
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The steel-concrete composite perforated section consists of two Tee-sections
above and below the web opening (Figure 2.21), with the top Tee-section
comprising the composite slab-beam and the bottom Tee-section being bare
steel. In Figure 2.21, a composite beam is displayed; the ensuing behaviour is
equally applicable to steel beams. The applied global bending moment and shear
force induce three local forces on the concrete slab and perforated steel beam
(Liu and Chung, 2003). The applied global bending moment is transferred by a
couple of axial forces in Tee-sections above and below the web opening, as
illustrated in Figure 2.22. These local axial forces cause a tensile yielding in the
bottom Tee-section or/and crushing of the concrete slab (Darwin, 2000; Lawson
and Hicks, 2011). The global shear force is transferred through the opening by a
couple of local shear forces, creating secondary “Vierendeel” moments in the top
and bottom Tees (see Figure 2.22). These secondary moments lead to the
formation of four plastic hinges at the four corners of the web opening, known as
the VM, as illustrated in Figure 2.18. The VM physically manifests when the steel
reaches its yield capacity at the Tee-section ends due to the combination of these
local forces. This mechanism is a ductile failure and is critical in the presence of
large web openings (Lawson and Hicks, 2011). It is worth mentioning that in the
presence of a composite slab, VM causes cracking of the concrete slab, as shown
in Figure 2.23d (Darwin, 2000). This mechanism is critical in the presence of large
web openings (Lawson and Hicks, 2011).

Top part
Top Tee-section

| . ——— Bottom part

—54¥ Top part
Bottom Tee-section

Bottom part

Figure 2.21: Tee-sections of the perforated beam.
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Figure 2.22: Global moment and shear forces around the web opening
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Figure 2.23: Failure modes at web openings, (a) steel beam, pure
bending, (b) steel beam, low moment-shear ratio, (c) composite beam
with solid slab, pure bending, and (d) composite beam with solid slab,

low moment-shear ratio (Darwin, 1990).

The incorporation of a single web opening introduces three new key failure
modes, specifically: (1) shear failure because of the reduction in the shear
capacity, (2) flexural failure because of the reduction in moment capacity, and (3)
VM (Chung, 2012). These modes are influenced by the web openings' shapes,
sizes and locations (Darwin, 2000; Tsavdaridis and D’Mello, 2012). Moreover, the
reduction in load-carrying capacity is dependent on the type of loading, the
geometry of the beam, and the shear-to-moment interaction at the centreline of
the web opening, as displayed in Figure 2.23 (Darwin, 1990; Lawson and Hicks,
2011; Zeytinci et al., 2021). It is observed that both shear failure and the VM may
coincide around the web opening (Chung et al., 2003; Lagaros et al., 2008). Such
failure modes of the perforated beam could be controlled by adjusting the web
opening location and size (critical length for rectangular and elliptical web opening
shapes) (Liu and Chung, 2003; Chung et al., 2003; Lagaros et al., 2008; Yang et
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al., 2009; Tsavdaridis and D’Mello, 2012; Tsavdaridis et al., 2017; Erfani and
Akrami, 2017; Shaheen et al., 2018).

In the design of the beam with a single web opening, the primary procedure
involves assessing the moment and shear capacities at the web opening, in
addition to the Vierendeel moment (Chung et al., 2001; Lawson and Hicks, 2011;
Chung, 2012). The presence of a concrete slab can enhance Vierendeel bending
resistance due to the local composite action between the top steel Tee-section
and the concrete slab (Lawson and Hicks, 2011; Fares et al., 2016). However,
major cracks can occur due to vertical deflection between two ends of the web
opening, as shown in Figure 2.24. These can lead to a significant reduction in the
load-carrying capacity of the composite perforated beam, which leads to a
significant drop in ductility (Patrick, 2001).

Top T-Section

Diagonal
cracking
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Figure 2.24: Behaviour of composite perforated beam at
ultimate load (PATRICK, 2001).

According to SCI P355 guidance (Lawson and Hicks, 2011), Vierendeel bending
resistance is considered as the sum of the bending resistances of the four corners
in a perforation (two for each Tee-section), plus the contribution due to composite
action between the top Tee-section and the concrete slab, and can be expressed
as:

2MyrnvRa + 2MernyRa + Mycra = Via le

where My nv ra)» Myt nv ra @Nd M, pq are the contributions from the bottom Tee-
section, top Tee-section and concrete slab, respectively. Vg, is the design shear
force at the opening at the LMS of the opening, as shown in Figure 2.25. 1, is the
effective opening length for Vierendeel bending.
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Figure 2.25: High and low moment sides.

SCI P355 guidance also provides a design process to calculate the plastic
bending resistance at the opening’s centreline. This is done by first determining
the plastic neutral axis (PNA) position using plastic stress blocks in a perforated
composite beam. The forces in the Tee-sections and the concrete slab must be
in equilibrium. Thus, two situations are possible: with the PNA in the concrete
slab and the top Tee-section, as illustrated in Figure 2.26.
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Figure 2.26: Plastic stress blocks in a perforated composite beam
(Lawson and Hicks, 2011).

2.5 Prequalified Connections: Reduced web section (RWS)

connection.

RWS connections make use of two concepts. The first is the use of perforated
beams such as cellular steel beams, and the second is the ‘strong-column and
weak-beam’ concept. RWS connections offer a competitive solution for retrofitting
buildings, as making perforations on the beam web can be done with relative
ease from the floor below while strengthening the beam-column connection using
supplementary plates or trimming of flanges for making in situ RBS connections
would be highly disruptive because that course of action requires partial
demolition of floors overlaid on the beams. The most usual final configuration with
and without a slab is depicted in Figure 2.27.
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Figure 2.27: RWS connection.

The concept of using RWS connections as ductile fuses is derived from the
beams with single or multiple openings (aka cellular beams). SCI P355 guidance
provides the main failure modes of perforated composite beams and their
associated design equations. The guidance presented in SCI P355 is derived
from the Tee-section approach (TSA), which was initially introduced for
composite perforated beams. This approach can also be utilised to determine the
capacities of non-composite perforated beams by disregarding the composite
slab's contribution. Figure 2.28 summarises the associated failure modes of a
single web opening, which are also applicable to RWS connections. The three
main failure modes of concern for RWS connections are bending of the beam at
the opening, shear of the beam at the opening, and Vierendeel bending.

The main failure modes of single web opening
- RWS connections

| | |

Bending of beam at opening Shear of beam at opening Vierendeel bending
Mo,Rd Va,Rd Mv,Rd

M, ra= Np1ra her T Nera he Vora= Vorrat Vitra T Vera  Myra= 2Mygra + 2Mirra + M ra
0y (2 A 3

Load upward

[}
‘oT.Rd
NbT,Rd
--- Global Shear Force at opening

Global Moment at opening

Figure 2.28: Main failure modes of single web opening — RWS connections.
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The most common yielding mode of RWS connections is through the VM, similar
to a cellular beam, that involves local yielding of the Tee-sections of the
perforations, starting in the corner of the perforations and eventually leading to
the formation of four plastic hinges as displayed in Figure 2.29. The VM is a highly
ductile and stable yield mechanism that occurs in RWS connections. This results
in the redistribution of global actions to prevent plastic deformation in non-ductile
elements (Tsavdaridis and Papadopoulos, 2016; Shin et al., 2017b; Tsavdaridis
et al., 2017). This load redistribution allows for extensive rotation ductility if the
formation of plastic hinges controls local buckling and torsion (Yang et al., 2009;
Tsavdaridis et al., 2014; Erfani and Akrami, 2017). The plastic hinges always form
in the low moment side (LMS) before the high moment side (HMS) — in a
cantilever configuration — and its occurrence depends on the global moment-
shear ratio (Chung et al., 2001; Tsavdaridis and D’Mello, 2012).

Figure 2.29: Vierendeel mechanism (Kerdal and Nethercot,
1984; Shin et al., 2017a)

This ductile mechanism limits the shear along the beam, thus capping demands
outside protected zones (Tsavdaridis et al., 2021). The size of the web opening
and its location within a high-shear zone may cause a non-ductile failure due to
tearing and out-of-plane buckling. Chung et al. stated that both shear failure and
the VM may coincide around the web opening (Chung et al., 2003; Lagaros et al.,
2008). High global shear forces and an extensive critical length of the opening
are required to promote such a ductile mechanism and cap deformation demands
on non-ductile elements (Chung et al., 2003; Tsavdaridis and D’Mello, 2012;
Tabar et al., 2022). Therefore, the failure mode of the perforated section could be
controlled by adjusting the web opening location and size (critical length for
rectangular and elliptical web opening shapes) (Liu and Chung, 2003; Chung et
al., 2003; Lagaros et al., 2008; Yang et al., 2009; Tsavdaridis and D’Mello, 2012;
Tsavdaridis et al., 2017; Erfani and Akrami, 2017; Shaheen et al., 2018).
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As the VM allows for large deformations in the inelastic range, there is potential
for using RWS beams to endure earthquake actions where the seismic hazard is
low, leading to design guidelines for their use in supporting static loads
(Aschheim, 2000; Lawson and Hicks, 2011). This has led to research about the
behaviour of RWS connections when subjected to cyclic actions (Yang et al.,
2009; Tsavdaridis et al., 2014; Shin et al., 2017a; Erfani and Akrami, 2017; Shin
et al., 2017b; Zhang et al., 2019; Erfani et al., 2020; Davarpanah et al., 2020a;
Tsavdaridis et al., 2021; Tabar et al., 2022).

In the literature review, it was found that the circular opening of RWS connections
has a satisfactory seismic behaviour in moving the plasticity away from the
column face and without a significant compromise to the connection capacities,
providing that the proper size and location of the web opening is chosen
(Tsavdaridis and D’Mello, 2011; Tsavdaridis and D’'Mello, 2012; Tsavdaridis et
al., 2017). The maximum diameter (d,) of the circular web openings was 0.8 of
the steel beam depth (h), and can be used to ensure the Vierendeel mechanism
will occur (Tsavdaridis and D’Mello, 2012; Tsavdaridis et al., 2014; Tsavdaridis
and Papadopoulos, 2016; Tsavdaridis et al., 2017; Boushehri et al., 2019). This
mechanism can lead to additional rotation of the beam-to-column joint, which, in
turn, will increase the ductility of the structure. The end-distance from the column
face to the web opening centerline (S,) is a key parameter to gain the full benefit
of the VM and the strong-column-weak-beam mechanism. While different values
of §, were used in the previous research, namely, 0.5h, 0.65h, 0.75h, 0.8h,
0.87h, h, 1.25h, 1.3h, 1.5h, and 1.74h (Tsavdaridis et al., 2014; Tsavdaridis et
al., 2017; Shaheen et al., 2018; Boushehri et al., 2019). However, there are some
geometric (i.e. practical) limits mentioned in the SCI P355 and in the AISC design
guide 31 for the minimum spacing of the end post (S.), which are S, > 0.5 do and
S. = 3in (~76.2mm) respectively, (Lawson and Hicks, 2011; Fares et al., 2016).

Testing of RWS connections under monotonic loading (Jia et al., 2021), cyclic
load with and without an axial force on the column (Shin et al., 2017b; Zhang et
al., 2019; Tsavdaridis et al., 2021; Bi et al., 2021), pseudo-dynamic (Yang et al.,
2009), and column removal (Lin et al., 2021; Lin et al., 2022; Qiao, Xie, et al.,
2022), has demonstrated their ability to develop plasticity at the web opening and
facilitate the implementation of the strong-column-weak-beam framework.
Moreover, results of these experimental and numerical studies have established
that RWS connections can act as a ductile fuse with acceptable behaviour under
different types of loading while limiting structural instability and protecting non-
ductile elements (Tsavdaridis et al., 2014; Davarpanah et al., 2020a; Erfani et al.,
2020; Du et al., 2021; Zeytinci et al., 2021; Dong et al., 2021; Bi et al., 2021,
Tabar et al., 2022).



38

It is generally acknowledged that beams are primary dissipative elements in
MRFs, adhering to the strong-column-weak-beam concept. In line with this
concept, RWS connections have been demonstrated to enhance energy
dissipation through the yielding of the perforated section (Shin et al., 2017a; Shin
et al., 2017b; Shaheen et al., 2018; Tsavdaridis et al., 2021; Bi et al., 2021; Tabar
et al., 2022; Guo et al., 2023). However, at first sight, RWS connections seem
incapable of high ductility as they reduce the shear resistance of the web.
Capacity design principles aim to ensure that the shear resistance is larger than
the demands induced by plastic mechanisms to prevent tearing and other fragile
failure modes. However, RWS connections showcase a high resiliency.
Particularly, tests considering column removal indicate that loads can be
transferred around perforations, allowing for catenary action in this highly
demanding condition (Lin et al., 2021; Lin et al., 2022; Qiao et al., 2022) (see
Figures 2.30, 2.31 and 2.32).
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Figure 2.30: Progressive collapse test results of specimen RWS (Qiao, Xie,
et al., 2022).
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Figure 2.32: Overall deflection of specimens (Lin et al., 2021).
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Investigations into composite RWS connections with a single circular web
opening (Shaheen et al., 2018) with multiple hexagonal (castellated) web
openings (Bi et al., 2021) or multiple circular (cellular beam) web openings (Guo
et al., 2023) established their efficiency in harnessing high shear forces near the
column face (Shaheen et al., 2018; Bi et al., 2021; Guo et al., 2023) (see Figure
2.33). It has been observed that when the web opening diameter equals 0.5h and
0.8h, the contribution of the composite slab increases the moment capacity by an
average of 25.9% and 65.5%, respectively. Similarly, the study by Bi et al. (2021)
reported comparable contributions from the composite slab for web openings with
diameters of 0.5h and 0.8h, at 25% and 77.5%, respectively. These findings
indicate that the larger the opening size, the more pronounced the composite
effect of the floor slab becomes. This value is close to what has been accounted
for in other composite flooring systems, and thus, decoupling beam and slab
response by suppressing shear transfer studs could be a reasonable course of
action (CEN, 2005d; ANSI/AISC 358-16, 2016; ANSI/AISC 341-16, 2016).
Despite the utilisation of large size of web opening in high shear zone (near
connection), the VM generally governed the failure of all studied RWS
connections (Yang et al., 2009; Li et al., 2011; Guo et al., 2011; Tsavdaridis et
al., 2014; Erfani and Akrami, 2017; Naughton et al., 2017; Zhang et al., 2019;
Boushehri et al., 2019; Tsavdaridis et al., 2021), whilst meeting performance
requirements of ANSI/AISC 358-16, ANSI/AISC 341-16 and Eurocode 8 (CEN,
2005d; ANSI/AISC 358-16, 2016; ANSI/AISC 341-16, 2016).
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Figure 2.33: Experimental and numerical Investigations into RWS
connections.

The presence of welded shear studs over the protected zone could compromise
the attainment of the strong-column-weak-beam framework. If composite action
is not properly accounted for, it could strengthen the connection rather than
weaken it. This is consistent with the findings of Shaheen et al. (2018), who only
examined composite RWS connections with joint action with the slab over the
opening. Their study concluded that small to medium web opening sizes should
be considered, as large openings compromise their stable hysteretic response
(see Figures 2.34 and 2.35).
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Figure 2.35: Stress distribution of different RWS models.

The hysteretic behaviour of steel-concrete composite welded and bolted
extended end-plate (BEEP) RWS connections can arise from complex plastic
deformations across more than one of the connection components (especially in
BEEPSs). Given the range of components that may undergo deformation in elastic
and plastic regions, predicting the hysteretic responses of BEEP-RWS
connections could be challenging. In the past decade, there has been a strong
push toward the development of robust guidance and numerical models and
acceptance criteria for design and promote the use of RWS connections in MRFs
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in seismic areas (Tsavdaridis and D’Mello, 2012; Tsavdaridis et al., 2014; Akrami
and Erfani, 2015; Tsavdaridis et al., 2017; Erfani and Akrami, 2017; Shaheen et
al., 2018; Boushehri et al., 2019; Erfani and Akrami, 2019; Davarpanah et al.,
2020a; Erfani et al., 2020; Zeytinci et al., 2021). This extensive research has
resulted in patents and software developments (Tsavdaridis et al.,, 2014;
Tsavdaridis and Papadopoulos, 2016; Tsavdaridis et al., 2017; Naughton et al.,
2017; Shaheen et al., 2018; Boushehri et al., 2019; Ferreira et al., 2022;
Degtyarev and Tsavdaridis, 2022). Given the significance and continuity of this
work, it is necessary to provide a comprehensive understanding of the key
parameters that influence the cyclic response of RWS connections, both with and
without composite slabs.

2.6 Summary

The literature review highlighted the challenges posed by asymmetric yield
mechanisms in steel-concrete composite MRFs during earthquakes, leading to
structural compromises and damage, particularly in beam bottom flanges.
Existing retrofitting strategies, such as decoupling slabs and beams in protected
zones, often face practical limitations. To address these challenges, RWS
connections serve as ductile fuses, requiring minimal structural alterations with a
single perforation in the beam web. This solution simplifies manufacturing and
retrofitting and helps prevent out-of-plane instability. RWS connections localise
failures, fostering a Vierendeel mechanism that enhances seismic performance
and mitigates asymmetric yield effects. These practical implications underscore
the importance of our research in the field of seismic engineering.

While the literature acknowledges the potential benefits of RWS connections, a
significant knowledge gap exists regarding their response in steel-concrete
composite structures. The one that does exist was a numerical study showing
that composite action should be considered due to its effects on the behaviour of
the seismic connections under cyclic loads. However, the effect of the presence
and absence of composite action (bolted or/and welded shear studs) over the
web opening has yet to be studied. Additionally, while previous research
highlights the importance of web opening size and location on RWS performance,
a comprehensive understanding of the effects of presence/absence composite
action and capacity design principles still needs to be investigated.

This thesis directly addresses these research gaps by aligning its objectives with
overcoming these limitations and aiming to bridge them by conducting
experimental tests to significantly enhance the existing knowledge base on RWS
performance under seismic loads. Detailed finite element analysis was also
employed to identify key factors governing the cyclic response of double-sided
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extended end-plate/RWS connections with and without composite engagement
over the web opening. Additionally, comprehensive parametric assessments
extend observations from experimental results in this thesis, shedding light on
key factors influencing seismic performance. Finally, through compiling test and
FEA databases from this research and existing literature to establish a
comprehensive database, seeking to evaluate the capacity design ratio effect and
assess the applicability of existing design guidelines, such as SCI P355, thereby
advocating for the widespread adoption of RWS connections in seismic regions.
This knowledge will ultimately facilitate a more robust and expansive
understanding of RWS connections, supporting the development of improved
design practices and standards in seismic engineering. The summary of
experimental and numerical studies on RWS connections is tabulated in
Appendix A.
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Chapter 3

Preliminary Finite Element Analysis

3.1 Introduction

The lack of experimental and numerical studies on the cyclic response of steel-
concrete composite extended end-plate and reduced web section (RWS)
connections has been manifested. In light of this gap, it becomes imperative also
to consider the inherent complexities in steel-concrete composite bolted
extended end-plate connections subjected to cyclic loading. These connections
exhibit complex behaviour due to the range of components that may undergo
plastic deformation. Consequently, while distinct, modelling and predicting the
hysteretic responses of such components possesses similar challenges. To
name a few, there is sliding and friction between several components, such as
the concrete-steel and the steel-steel interfaces. Also, there are secondary
effects arising from preloading bolts, and buckling and stretching when subjected
to reversible loads. This requires detailed rules for matching node behaviour on
distinct types of components/elements, balancing accurate finite element (FE)
results against the need to reduce computational time and storage requirements.

This chapter presents a preliminary FE analysis to increase understanding of the
behaviour of joint slab-beam action of RWS connections. This was achieved by
formulating parametric high-fidelity FE models in Abaqus© (ABAQUS, 2019), to
represent with detail the interaction of all structural elements in the connection.
The FE model is benchmarked firstly by validating against the findings of an
experimental investigation performed in beams without perforations (Chaudhari,
2017; Chaudhari et al., 2019). After reaching close agreement with the
experimental results, a parametric study with 48 different models was analysed,
employing European beam and column sections. These models studied different
configurations with varying (1) web opening diameter (d,), (2) the end distance
from the connection face to the centreline of the web opening (S,) and (3) the
presence and absence of composite interaction over the protected/plastic zone
(i.e., web opening) to ensure effective coupling and decoupling of the beam and
the slab.
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3.2 Finite element model validation

3.2.1 Model description

This study considers a cruciform arrangement to test the structural capacity of
the RWS column connection. The cruciform arrangement allows for direct
estimation of the drift capacity of beam-column connections and closely
represents the behaviour of an inner joint in a multi-storey frame (NZS3404:1,
1997). Furthermore, benchmarking of the finite element model is done by
replicating results obtained by Chaudhari (Chaudhari, 2017; Chaudhari et al.,
2019) by testing a bare steel joint (BSF) and a steel full-section beam-concrete
composite slab (FI-SU). Both types of specimens employed extended end-plate
connections, shown in Figure 3.1. Detailing of the connection was done in
accordance with the New Zealand standards (NZS3404:1, 1997). Continuity
plates were welded on both sides of the column. The 25mm extended end-plate
connections include four rows of two bolts (M24 class 8.8) that were subjected to
a prestress tension of 212 kN. The thicknesses of rib stiffeners and continuity
plates were 12mm and 16mm, respectively. The boundary and loading conditions
employed in FE models simulated the ones in the experimental tests. The ACI
loading protocol (ACI, 2005) considering displacement control was applied,
shown in Figure 3.2
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Figure 3.2: Displacement Control Loading Regime of ACI reportT1.1-01
(ACI, 2005).

3.2.2 Element type

The concrete slab, the panel zone, bolts, end plates, and shear studs were
modelled using 8-node solid elements with reduced integration (element type
C3D8R). Beams, stiffeners, and top and bottom parts of the column were
modelled using 4-node shell elements with reduced integration (S4R), as shown
in Figure 3.3. This modelling technique of using a combination of 3D shell and 3D
solid elements was adopted to increase accuracy in simulating the behaviour of
the steel-concrete composite bolted extended end-plate whilst decreasing
computation time and memory usage, compared to what would be required if all
elements were modelled as solids. Reinforcement steel bars were represented
using truss elements (2-node linear, T3D2), as they can only endure uniaxial
tension and compression. The metal deck was not modelled because it is
primarily used as formwork for the placement of concrete, whilst its inclusion
would increase the complexity of the model without aggregated value, as the
absence of metal decking affects the pattern of cracks in the concrete slab but
not the structural capacity of connection (Darwin and Donahey, 1988; Shaheen
et al.,, 2018). This is explained by the fact that the interaction of shear studs
(number of shear studs) with the concrete slab is the most critical factor that
governs the capacity of the connection, instead of allocation of the steel deck,
which acts primarily as workform (Darwin and Donahey, 1988; Shaheen et al.,
2018). Furthermore, the inclusion of metal decking in the model may lead to
numerical instabilities that could end in the early termination of the analysis
(Baskar et al., 2002).
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C3D8R

Slab Column's Top and Bottom Parts
S84R

Rib stiffener
S4R

Column's Middle Part
C3D8R

Figure 3.3: Selected element types for FE model.

3.2.3 Contact modelling

Modelling contact interactions are very critical for steel-concrete composite bolted
extended end-plate connections. This importance arises because the bending
resistances of such connections depend on the collaborative functioning of all
components, where forces are transferred through contact interactions.
Moreover, the combination of 3D shell and 3D solid models adopted in this FE
analysis, along with the imposed cyclic loading, requires careful treatment to
avoid convergence failures. This necessity is heightened due to the high level of
nonlinearity expected during the FE analysis.

Interactions amongst diverse components to simulate the experimental test are
in accordance with one of the following approaches:

e Tie constraints (equal displacements) to simulate the welding between
steel elements were applied (Figure 3.4).

¢ Normal and tangent interactions considering hard contact and a friction
coefficient equal to 0.2 (which corresponds to the case of untreated rolled
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surfaces (CEN, 2005b; Chaudhari, 2017) were adopted while allowing for
finite sliding to simulate contact amongst steel elements (Figure 3.5).

¢ Frictionless normal and tangent interactions with displacement control to
simulate steel-concrete contact were used (Figure 3.6).

e Embedded elements for interaction of concrete, rebar and tie-studs within
the slab were utilised (Figure 3.7).

Tie

(Ux,Uy,Uz only)
Discretization Method:
Node to Surface

Rib and Beam are
modeled as one part

Tie

(Ux,Uy,Uz only)
Discretization Method:
Node to Surface

(Ux,Uy,Uz only)
Discretization Method?
Node to Surface

Figure 3.4: Tie constraints.
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Surface-to-Surface contact
-Normal interaction:
hard contact
-Tangent interaction:
iction coefficient = 0.2

Extended End-Plate

Column

Surface-to-Surface contact
-Normal interaction:
hard contact

-Tangent interaction:
friction coefficient = 0.2

Figure 3.5: Normal and tangent interactions between
steel components.
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A gap to account for shell eleme(
between slab and beam

Figure 3.6: Frictionless contact between concrete slab and steel beam.

Embedded elements
tuds and Rebars

Figure 3.7: Embedded element technique.
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3.2.4 Boundary and loading conditions

The boundary conditions have a strong influence on the lateral-torsional stability,
the deformation capacity, and, eventually, the accuracy of the replicated results.
Therefore, the applied boundary and loading conditions were consistent with the
tests observed by Chaudhari et al. (2019), aiming to achieve highly accurate FE
results. Figure 3.8 illustrates the translations and rotations of pin and roller
supports, as well as the out-of-plane restrain. The modelling of these boundary
conditions was simplified by employing the “kinematic coupling constraints”
option in ABAQUS (2019). Similarly, the cyclic displacement applied to the
column's tip also used the kinematic coupling constraint option. Furthermore,
preloading forces of 211.8 kKN were applied to simulate the tightening of bolts
using the “Bolt Load” option.

Bolt Pretension

Out of plane restrain Applied Displacement
Uz=0 T i

Roller Support . Roller Support
Uy=Uz=0 Pin Support Uy=Uz=0
URx=URy =10 Ux=Uy=Uz=0 URx =URy = 0
URx=URy =0
Y [=a
|

Figure 3.8: Boundary condition and bolts pretensions.



53

3.2.5 Material model

3.2.5.1 Steel

Steel was modelled considering a bilinear stress-strain relationship with
adaptative parameters, representing a combined isotropic and kinematic
hardening material, in accordance with the formulation implemented in
ABAQUS®. This material model was allocated to the main steel structural
elements (beam, column and extended end-plate), as shown in Figure 3.9, using
yield and ultimate stresses from coupon test results provided in Chaudhari
(2017). The three points from stress-strain curves, as shown in Figure 3.9, were
used to reduce computational time and storage requirements. The ultimate strain
for which peak stress is observed, ¢, was set equal to 15 times the yield unitary
strain, g,. Whilst the strain at which fracture is observed, ¢, was set up at 10 times
&, in accordance with (Diaz et al., 2018). A value of ¢, equal to 0.05 was enforced
for bolts, while the fracture was considered to happen upon achievement of peak
resistance. An elastic-perfectly-plastic model was adopted for steel elements
outside the panel zone and rebar. Nominal properties were considered for all
materials, as assessing the effects of variability during manufacturing is out of the
scope of this study.

f f
ful . fulb oo oo oo
fy

Enz2

i © ! : !

Ey Eu Er € Ey €u ¢t
a) For steel elements. b) For bolts.

Figure 3.9: Material stress—strain curve for beam, column, and connection
(Diaz et al., 2018)

3.2.5.2 Concrete

The concrete slab was modelled using a concrete damaged plasticity (CDP)
model based on the constitutive law presented in the Eurocode 2 (CEN, 2004)
and the exponential tension softening model (Cornelissen et al., 1986). The
stress-strain relation for the normal concrete’s compression behaviour is defined
in Eurocode 2 (CEN, 2004) by an equivalent uniaxial stress-strain curve, as
shown in Figure 3.10. Several models can be used to express the tension-
softening behaviour of normal concrete, such as linear, bilinear and exponential.
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The exponential expression was adopted (Figure 3.11) as it has been judged to
be the most practical realistic model, in accordance with results obtained by
Cornelissen et al. (1986) and Ahmed and Tsavdaridis (2022). The average value
of three concrete compression cylinders f., tests, as provided by Chaudhari
(2017), was used to model concrete’s compression behaviour. The axial tensile
strength f, of the concrete was taken as 10% of the average compressive
strength value f,, in accordance with (Qureshi et al., 2010).

Oc 1

fcm _______________________________

0.4fom |----
tan a = Ecm

Ec1 €oul  Ec

Figure 3.10: Schematic representation of the stress-
strain curve for structural analysis - Eurocode 2 - (CEN,
2004).

o)
ft

G
We=514(2) We

t

Figure 3.11: Exponential tension softening
(Ahmed and Tsavdaridis, 2022).

3.2.6 Geometric nonlinearity

Geometric nonlinearity was considered to ensure buckling occurs when the FE
mode becomes unstable. Therefore, small geometric imperfections must be
introduced before performing the nonlinear FE analysis. Eigen buckling analyses
were initially performed to introduce a geometric imperfection. As suggested in
Tsavdaridis and D’Mello (2009), the first shape of Eigenmode was selected and
scaled by the recommended factor of tw/200. Figure 3.12 shows the first shape
of the Eigenmode adopted.
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Figure 3.12: First shape of Eigenmode.

3.2.7 Mesh sensitivity analysis

A mesh sensitivity analysis was conducted using various mesh sizes to evaluate
the calculation time, storage, and accuracy of the results. Based on the mesh
sensitivity analysis as displayed in Figures 3.13 and 3.14, the element sizes
ranged between 30mm for steel and 35 mm for the slab, which is enough to
capture the effects of stress concentration features that are observed during
laboratory testing (Chaudhari et al., 2019). The element sizes of the bolts and
shear studs were 15 mm and 6 mm, respectively. This resolution provides close
agreement with experimental results but with a significant reduction in time and
computing resources, as shown in Figures 3.13 and 3.14.

250 ‘ :
—-©—-Experimental Test b——@—
200 - — A~ mesh size =35mm and 30mm /,/@/ i ®
- mesh size =20mm %
150 - .
mesh size =10mm - /
100 - aborted at 0.75% g
due to time limitation d

_— éﬁ
=4 /
H 4
=}
= 50 §

-100 - %

-150 -

Ve
//
2000 go.og. g8
_250 I L L L L
-6 -4 -2 0 2 4 6

Story Drift %

Figure 3.13: Skelton curves for all FE models in mesh
sensitivity analysis.
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Figure 3.14: Comparison between FE models in mesh
sensitivity analysis.
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3.3 FE models benchmarking

The proposed numerical model is capable of reproducing the displacement-load
hysteresis curves of both benchmarking experiments well (Chaudhari, 2017;
Chaudhari et al., 2019). Behaviour before yielding, stiffness degradation and
hysterical energy dissipation are closely simulated as differences between load-
story drift ordinates diverge less than 6% for the model without a slab (BSF); while
becoming less than 4% for the model with a slab (FI) as shown in Figure 3.15. In
addition, the model captures well residual deformations, and yield and failure
modes. Particularly, it reproduces closely flange buckling and slab cracking, both
features being showcased in Figures 3.16 and 3.17. Therefore, the numerical
model is reliable enough for attaining the objectives of this analysis.

300 1 300
200 200
z z
< 100 - =< 100
=9 =8
g ol g 0.
£ £
g £
2 100 - £ -100 4
= =
[ —
=200 - 200
2300 4 ---- FE model 2300 4 ---- FE model
— BSF Subassembly — FI-SU Subassembly
T T v T v T v T ¥ T v 1 T T T T T T T T T T T 1
-6 -4 2 0 2 4 6 -6 -4 2 0 2 4 6
Lateral Drift (%) Lateral Drift (%)

Figure 3.15: Comparison of Hysteresis Behaviour of FE Result with the
Test Results of Chaudhari (2017).
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Figure 3.16: Comparison of local buckling between experimental tests
(Chaudhari, 2017; Chaudhari et al., 2019) and FE model (with render the
thickness of the shell elements).
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Figure 3.17: Comparison of concrete cracks between
experimental test (Chaudhari, 2017; Chaudhari et al., 2019)
and FE model.
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3.4 Parametric study

3.4.1 Model description

Using the modelling approach outlined in the previous sections, a parametric
study was undertaken to study the effects of varying configurations of the RWS
connection on response to cyclic actions. The focus was made on the following:

i) End-distance from the face of extended end-plate connections to the web
opening centreline ( $,=0.5h, 0.65h, 0.80h, h, 1.2h. Where h is the overall
section height of the steel beam),

i) Web opening diameter d,= 0.5h, 0.65h, 0.80h. and

iii) Allocation of shear studs on the protected zone (either absent or present),
leading to the provision of 9 to 7 stud rows over the whole length of the
beam. The first case represents high beam-slab coupling, while the
second represents low beam-slab coupling.

Iv) Both composite and non-composite RWS connections were examined
simultaneously in terms of performance and load-carrying capacity.

The parameters, including web opening size and location, were chosen based on
a combination of literature review and considerations for achieving a balance
between maximising the benefits of the Vierendeel mechanism and maintaining
adequate beam strength. This selection ensured practical relevance and
facilitated comparison with existing research, as the chosen range of diameters
and end-distances are commonly employed in RWS connections (e.g. (Boushehri
et al., 2019). Additionally, the limitations of the end-post width (Se) were adhered
to by following SCI P355 guidance (Lawson and Hicks, 2011). The baseline
model is comprised of compact European beam and column sections, which
comply with code specifications stated in Eurocodes 3, 4 and 8. Rib stiffeners
were avoided, while 6 mm doubler plates were provided to strengthen and stiffen
the panel zone. Table 3.1 summarises the properties of all structural elements
allocated. The model was excited by a drift time history in accordance with the
prequalification protocol defined in AISC 341 (ANSI/AISC 341-16, 2016), as
shown in in Figure 3.18. A gap of 25mm around the column perimeter for all cases
was provided, as shown in Figure 3.19 (ANSI/AISC 358-16, 2016), EN 1998-1
clause 7.7.5(1P) and (2) (CEN, 2005d). A slab thickness of 150mm
corresponding to a Comflor80 metal deck was considered for all models, as done
in (Chaudhari, 2017; Chaudhari et al., 2019). The characteristics of all specimens
and the naming convention for each one are presented in Table 3.2 and Figure
3.20, respectively.
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Table 3.1: The dimensions and the detailed configuration of the connection

in the parametric study.

Element Section type Material
stab | Concrete f'c = 30 MPa,
Rebar f, = 515 MPa.
Beam IPE300 S355
Column HEB320 S355
Extended end-plate 530x260x25 S355
Bolt M24 Class 10.9
Continuity plate 279x144.25x16 S355
Doubler plates 730x279%x6 S355

Note: The concrete slab, studs and steel rebars were kept the same as in the
experimental test (Chaudhari, 2017; Chaudhari et al., 2019).
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Figure 3.18: AISC 2016 loading protocol (ANSI/AISC 341-16, 2016).

a) Side view of model with
absence of composite action (no
shear studs above web opening).

b) Top view of model with
absence of composite action
(25 mm gap between RC and

steel elements).

Figure 3.19: Model with absence of composite action.
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Table 3.2: Summary of assessed specimens.

Number End
Model of shear | Composite | Diameter distance SCI
studs’ action d, s P355
rows °
NR-NC N/A N/A N/A N/A N/A
NR-C-H 9 High N/A N/A N/A
NR-C-L 7 Low N/A N/A N/A
R-C-H-50d-50S 150 150
R-C-H-50d-65S 150 195
R-C-H-50d-80S < 150 240 Yes
R-C-H-50d-100S 5 150 300
R-C-H-50d-120S @ 150 360
R-C-H-65d-50S 2 195 150 No
R-C-H-65d-65S § 195 195
R-C-H-65d-80S 9 o 195 240 Ves
R-C-H-65d-100S § 195 300
R-C-H-65d-120S o 195 360
R-C-H-80d-50S g 240 150 "
R-C-H-80d-65S < 240 195
R-C-H-80d-80S T 240 240
R-C-H-80d-100S 240 300
R-C-H-80d-120S 240 360
R-C-L-50d-50S 150 150 Ves
R-C-L-50d-65S o 150 195
R-C-L-50d-80S c 150 240
R-C-L-50d-100S = 150 300
R-C-L-50d-120S 7 o 150 360
R-C-L-65d-50S [ 195 150 No
R-C-L-65d-65S o = 195 195
R-C-L-65d-80S § 195 240 Ves
R-C-L-65d-100S Q 195 300
R-C-L-65d-120S 7 9 195 360
R-C-L-80d-50S J 240 150 No
R-C-L-80d-65S 8 z 240 195
R-C-L-80d-80S - 240 240
R-C-L-80d-100S : 240 300
R-C-L-80d-120S 240 360 Ves
R-NC-50d-50S 79 150 150
R-NC-50d-65S N/A 5 éc‘é 150 195
R-NC-50d-80S S o 150 240
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R-NC-50d-100S 150 300
R-NC-50d-120S 150 360
R-NC-65d-50S 195 150 No
R-NC-65d-65S 195 195
R-NC-65d-80S 195 240 Yes
R-NC-65d-100S 195 300
R-NC-65d-120S 195 360
R-NC-80d-50S 240 150 NG
R-NC-80d-65S 240 195
R-NC-80d-80S 240 240
R-NC-80d-100S 240 300 Yes
R-NC-80d-120S 240 360
. | 1
|
S d.| |h
|
|
|E| -IEI - -| 80d [-| 80S [+ Representing the percentage of the edge distance to the h.
For instance 80S means S,=80%h.
Indicating the percentage of the opening depth to the h.
—eeeeeps

For instance 80d means d ,=80%h.

L = Low (absence) of composite action over the protected zone.

H = High (presence) of composite action over the protected zone.

C = With composite slab.

v

NC = Without composite slab.

Letter representing the connection type:-

A A

R = Extended end-plate RWS connection.
E = Extended end-plate connection (without web opening).

Figure 3.20: Model identifier.
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3.4.2 Nominal capacities of the protected zones

All RWS connections were designed based on the strength of the connected steel
solid-webbed beam section, denoted as M, ,gq, Of a partial/equal-strength
connection according to Eurocode 3, Eurocode 4, and Eurocode 8 (CEN, 2005a;
CEN, 2005b; CEN, 2005c; CEN, 2005d). Nominal (code-specified) load-bearing
capacities of the connection are expected to be governed by the full plastification
of the reduced cross-section. For the case where joint slab-beam action is
prevented, the nominal moment capacity is given by Eq.3.1:

d,? ¢,
My rarws = fy(Wp — T'b) (3.1)

Where My, rqarws is the plastic moment considering an idealised elastoplastic
material model for perforated steel section, f, is the yield stress,
W1, is the plastic modulus of the steel section, d, is the perforation diameter
and t,, , is the beam web thickness.

The nominal capacity of the composite section is calculated considering joint
deformation of both the slab and the beam. Firstly, the steel deck is transformed
into an equivalent uniform thickness slab by matching their cross-sectional areas.
For this study, a 100 mm thick equivalent slab (t,.) is found. This leads to a
“virtual analysis gap” of 50 mm due to the difference amongst the equivalent
thickness and the actual thickness of the steel deck. Then the effective width of
the composite slab (b.) is calculated according to code specifications (CEN,
2005c¢) finding that it is 8 times the equivalent slab thickness, namely, 800 mm.
The comparable cross-section for assessing the nominal moment capacity is
shown in Figure 3.21.

b

e

Equivalent Slab — C

Analysis Gap

=
e
—T I

Figure 3.21: Equivalent composite section for nominal moment
capacity assessment, sagging moment.
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Then it is possible to consider Whitney’s equivalent rectangular stress theory
(CEN, 2005c) to find the ultimate capacity of the ensemble. Firstly, peak
compressive and tensile actions on both beam and slab must be calculated,
following Egs. 3.2, and 3.3:

C=0.85fch,t,, (3.2)

T=f,(4, —t,d,)(33)

where C is the compression force in the cross-section, f’c is the nominal
compression resistance of concrete in the slab, b, is the thickness of the
equivalent T section to account for shear lag in the slab, t;, is the slab thickness,
T is the tension load on the cross-section, and 4, is the gross cross-section of
the steel beam without perforations). In this case, the tension capacity of the
beam at the reduced cross-section is lower than the compression action that can
be sustained within the slab. Consequently, the neutral axis will be within it. The
depth of the equivalent uniform stress field is given by:

T

a=———
0.85 f'c b,

(3.4)

Then the moment capacity of the cross-section can be computed by multiplying

the tensile action by its lever arm on the cross-section, leading to the following
expression for the nominal moment capacity (M rq):

h
Myga =T (E +g+t,— g) (3.5)

Where h is the beam depth, g is the gap due to the difference between the real
thickness of the steel deck and its equal-area idealization. For the hogging
moment, the compression fibre is on the bottom, while the steel within the slab
allows for an increase of the internal tensile action. However, only minimum
reinforcement to prevent cracking due to shrinkage was provided, and
consequently, its effect on capacity can be ignored. If that is the case, the hogging
moment capacity will be the same as provided by the beam alone, in accordance
with Eq. 3.1. A summary of the diverse nominal moment resistances is provided
in Table 3.3.
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Table 3.3: Nominal moment capacities of main specimen typologies.

, Nominal Moment Resistance
Specimen
[KN-m]
Description Sagging Hogging
Non composite,
Solid webbed 223 223
beam
Non composite,
187 187
do = 0.80h
Non composite,
199 199
do = 0.65h
Non composite,
209 209
do = 0.5h
composite,
Solid webbed 485 223
beam
composite,
360 187
do = 0.80h
composite,
388 199
do = 0.65h
composite,
416 209
do =0.5h
The capacity of the connection, M_(c,Rd), designed
following the components method outlined in
Eurocode 3-1-8 (CEN, 2005b) equal 216 kN.m
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3.5 Parametric results

Lateral load and interstorey drift relationships are depicted in Figures 3.22, 3.23
and 3.24. For all cases, wide and stable hysteresis cycles without pinching are
observed. Likewise, drifting away from the zero ordinate is at most slight,
indicating that residual deformations are symmetrical, following the loading
protocol. This indicates that buckling of end plates and yielding outside protected
zones was mild, leading to symmetrical strain reversals.

The analysis was terminated when the specimen reached an interstorey drift of
6%; a loss of moment capacity larger than 20% of the maximum value was
observed; the analysis failed to converge or there was a failure of any of the shear
studs or bolts in the end plate. The great majority of RWS of specimens (84%)
achieved the 6% threshold and all exceeded a 4% interstorey drift demand. The
latter is the performance standard that a connection must satisfy if it is going to
be used in special moment-resisting frames, according to AISC-341 16
specifications (ANSI/AISC 341-16, 2016). Results are summarised in Tables 3.4
and 3.5.

In addition to the RWS specimens that met the 6% threshold criteria, it is essential
to note that a subset of specimens did not satisfy this criterion during the analysis.
These specimens exhibited deviations from the expected response. Although the
proportion of specimens that did not meet the 6% threshold was relatively small
(16%), it is imperative to understand the factors contributing to their performance,
as discussed in Section 3.5.3. A further thorough examination of these FE models
revealed that these specimens experienced more severe buckling of end plates,
flange/web buckling and yielding outside protected zones, resulting in a brittle
response.

Table 3.6 showcases the observed moment capacity of the beam normalized by
the bare section nominal moment capacity (without a slab). At most, it is observed
that peak moment resistance reaches 1.5 times the nominal capacity of the bare,
reduced steel section. Contrarily, for all perforation sizes considered in this study,
the moment capacity of the composite cross-section ranges between 1.9 and 2
times the capacity of the beam with perforations at the critical (smallest) cross-
section (Table 3.3). This is expected as full plastification of the reduced cross-
section solely in tension is unlikely to happen before the full development of the
Vierendeel mechanism along the perforation edges. For that reason, it is more
sensible to express the maximum moment capacity of the connection in terms of
the plastification moment of the bare steel reduced section, according to Eq.3.1,
and presented in Table 3.6.
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Figure 3.22: Hysteretic curves of solid model and models with the
diameter of the opening equal to 0.8h.
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Figure 3.23: Hysteretic curves of solid model and models with the
diameter of the opening equal to 0.65h
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Table 3.4: Load capacity, initial stiffness and strength degradation of all
connections.

Strength
Models Lateral Load (kN) Initial rotational degradation
stiffness K; (kN.rad) (%)

sag hog sag | hog

NR-C-L 242.0 242 .4 30912 0.4 0.6
NR-C-H 269.5 270.3 38920 0.0 0.0
NR-NC 232.1 230.1 24612 16.4 | 15.6
R-C-L-80d-120S 185.6 183.6 28868 3.6 3.2
R-C-L-80d-100S 183.7 181.1 28924 6.2 5.6
R-C-L-80d-80S 180.0 179.2 31248 7.9 8.3
R-C-L-80d-65S 178.1 177.2 31248 8.8 9.1
R-C-L-80d-50S 172.4 171.9 31080 7.4 8.1
R-C-H-80d-120S | 260.8 264.6 36232 5.8 6.4
R-C-H-80d-100S | 247.6 249.4 36400 11.8 | 12.8
R-C-H-80d-80S 227.4 226.0 36120 10.6 | 10.9
R-C-H-80d-65S 207.7 204.6 35532 5.9 5.8
R-C-H-80d-50S 188.2 185.8 34384 2.0 1.1
R-NC-80d-120S 182.0 180.3 23660 21.3 | 21.3
R-NC-80d-100S 178.5 177.3 23688 20.1 | 204
R-NC-80d-80S 173.6 173.4 23688 19.8 | 20.7
R-NC-80d-65S 175.4 175.1 23688 21.4 | 22.2
R-NC-80d-50S 169.7 169.0 23688 22.2 | 22.6
R-C-L-65d-120S 227.7 226.4 30156 6.8 8.8
R-C-L-65d-100S 224.8 223.5 32900 9.8 | 10.9
R-C-L-65d-80S 218.1 216.3 32956 7.1 | 10.0
R-C-L-65d-65S 212.3 209.8 32956 5.5 5.0
R-C-L-65d-50S 206.5 203.9 32956 4.4 3.6
R-C-H-65d-120S | 268.5 269.2 37716 0.0 0.0
R-C-H-65d-100S | 266.1 268.0 37659 0.2 15
R-C-H-65d-80S 250.2 251.0 37604 3.8 4.5
R-C-H-65d-65S 232.9 231.8 37352 2.7 2.7
R-C-H-65d-50S 216.0 215.7 36904 0.0 0.0
R-NC-65d-120S 217.3 214.9 24304 16.7 | 21.1
R-NC-65d-100S 211.4 210.7 24248 14.4 | 14.8
R-NC-65d-80S 208.7 208.4 24276 19.3 | 19.3
R-NC-65d-65S 204.8 204.4 24304 15.9 | 16.8
R-NC-65d-50S 201.7 201.4 24304 20.0 | 194
R-C-L-50d-120S 241.7 242.1 30632 5.7 6.3
R-C-L-50d-100S 247.5 248.4 33600 4.2 5.2
R-C-L-50d-80S 240.6 238.9 33600 5.4 5.5
R-C-L-50d-65S 234.1 234.3 33628 4.6 5.0
R-C-L-50d-50S 229.0 228.1 33628 3.6 2.6
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Strength
Models Lateral Load (kN) Initial rotational degradation
stiffness K; (kN.rad) (%)

sag hog sag

R-C-H-50d-120S | 269.6 270.9 38360 0.0 0.0
R-C-H-50d-100S | 268.8 269.9 38360 0.0 0.0
R-C-H-50d-80S 267.0 268.8 38360 0.7 1.0
R-C-H-50d-65S 254.6 253.7 38304 2.6 2.8
R-C-H-50d-50S 239.9 238.3 38052 0.3 0.3
R-NC-50d-120S 229.4 226.7 24472 15.0 | 14.6
R-NC-50d-100S 225.7 224.0 24472 16.0 | 154
R-NC-50d-80S 223.9 222.7 24472 16.9 | 15.1
R-NC-50d-65S 221.9 221.2 24500 16.5 | 15.5
R-NC-50d-50S 220.9 220.5 24528 14.4 | 145
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Table 3.5: Interstory drift deformation capacity of all specimens.

Yield

Ultimate

Models rotation @y rotation Ductility Dlzsler;gtyed

(Y%rad) Ou (%rad) (KN.m)
sag | hog | sag | hog | sag | hog

NR-C-L 1.79 | 1.79 | 5.00 | 5.00 | 2.79 | 2.79 15.27
NR-C-H 159 | 159 | 400 | 4.00 | 252 | 2.52 13.95
NR-NC 2.14 | 2.14 | 6.00 | 6.00 | 2.80 | 2.80 27.26
R-C-L-80d-120S | 1.39 | 1.39 | 6.00 | 6.00 | 4.32 | 4.32 23.26
R-C-L-80d-100S | 1.35 | 1.35 | 6.00 | 6.00 | 4.44 | 4.44 23.00
R-C-L-80d-80S | 1.25 | 1.25 | 6.00 | 6.00 | 4.80 | 4.80 23.22
R-C-L-80d-65S | 1.24 | 1.24 | 6.00 | 6.00 | 4.84 | 4.84 22.74
R-C-L-80d-50S | 1.35 | 1.35 | 6.00 | 6.00 | 4.44 | 4.44 22.25
R-C-H-80d-120S | 1.63 | 1.65 | 5.00 | 5.00 | 3.07 | 3.03 21.55
R-C-H-80d-100S | 1.50 | 1.50 | 6.00 | 6.00 | 4.00 | 4.00 27.86
R-C-H-80d-80S | 1.39 | 1.39 | 6.00 | 6.00 | 4.32 | 4.32 28.15
R-C-H-80d-65S | 1.33 | 1.31 | 6.00 | 6.00 | 451 | 4.58 27.73
R-C-H-80d-50S | 1.21 | 1.21 | 6.00 | 6.00 | 4.96 | 4.96 23.50
R-NC-80d-120S | 1.65 | 1.65 | 6.00 | 6.00 | 3.64 | 3.64 23.54
R-NC-80d-100S | 1.65 | 1.64 | 6.00 | 6.00 | 3.64 | 3.66 23.49
R-NC-80d-80S 1.60 | 1.60 | 6.00 | 6.00 | 3.75 | 3.75 23.30
R-NC-80d-65S 1.60 | 1.60 | 6.00 | 6.00 | 3.75 | 3.75 22.73
R-NC-80d-50S 155 | 155 | 6.00 | 6.00 | 3.87 | 3.87 20.96
R-C-L-65d-120S | 1.75 | 1.75 | 6.00 | 6.00 | 3.43 | 3.43 30.21
R-C-L-65d-100S | 1.60 | 1.60 | 6.00 | 6.00 | 3.75 | 3.75 30.73
R-C-L-65d-80S | 1.50 | 1.50 | 6.00 | 6.00 | 4.00 | 4.00 30.61
R-C-L-65d-65S | 1.50 | 1.45 | 6.00 | 6.00 | 4.00 | 4.14 27.64
R-C-L-65d-50S | 1.40 | 1.40 | 6.00 | 6.00 | 4.29 | 4.29 26.81
R-C-H-65d-120S | 1.51 | 1.51 | 4.00 | 4.00 | 2.65 | 2.65 14.00
R-C-H-65d-100S | 1.51 | 1.51 | 4.98 | 4.88 | 3.30 | 3.23 13.92
R-C-H-65d-80S | 1.50 | 1.50 | 6.00 | 6.00 | 4.00 | 4.00 27.20
R-C-H-65d-65S | 1.38 | 1.38 | 6.00 | 6.00 | 4.35 | 4.35 30.66
R-C-H-65d-50S | 1.29 | 1.29 | 6.00 | 6.00 | 4.65 | 4.65 26.97
R-NC-65d-120S | 1.95 | 1.90 | 6.00 | 6.00 | 3.08 | 3.16 28.34
R-NC-65d-100S | 1.90 | 1.89 | 6.00 | 6.00 | 3.16 | 3.17 28.54
R-NC-65d-80S 1.88 | 1.88 | 6.00 | 6.00 | 3.19 | 3.19 28.71
R-NC-65d-65S 1.75 | 1.80 | 6.00 | 6.00 | 3.43 | 3.33 28.87
R-NC-65d-50S 1.80 | 1.80 | 6.00 | 6.00 | 3.33 | 3.33 28.10
R-C-L-50d-120S | 1.80 | 1.80 | 6.00 | 6.00 | 3.33 | 3.33 24.38
R-C-L-50d-100S | 1.69 | 1.69 | 5.00 | 5.00 | 2.96 | 2.96 17.73
R-C-L-50d-80S | 1.68 | 1.69 | 6.00 | 6.00 | 3.57 | 3.55 25.46
R-C-L-50d-65S | 1.61 | 1.61 | 6.00 | 6.00 | 3.73 | 3.73 28.83
R-C-L-50d-50S | 1.60 | 1.60 | 6.00 | 6.00 | 3.75 | 3.75 29.72




73

Continued Table 3.5

Yield Ultimate Dissipated
Models rotation @y rotation Ductility energy
(Yorad) Ou (Yrad) (KN.m)
sag | hog | sag sag | hog

R-C-H-50d-120S | 1.58 | 1.58 | 3.96 | 3.98 | 251 | 2.52 13.92

R-C-H-50d-100S | 1.55 | 1.55 | 4.00 | 4.00 | 2.58 | 2.58 14.03

R-C-H-50d-80S | 1.53 | 1.53 | 5.00 | 5.00 | 3.27 | 3.27 14.72

R-C-H-50d-65S | 1.45 | 1.45 | 6.00 | 6.00 | 4.14 | 4.14 27.16

R-C-H-50d-50S | 1.40 | 1.40 | 6.00 | 6.00 | 4.29 | 4.29 28.20

R-NC-50d-120S | 2.00 | 2.00 | 6.00 | 6.00 | 3.00 | 3.00 27.59

R-NC-50d-100S | 1.98 | 1.98 | 6.00 | 6.00 | 3.03 | 3.03 27.69

R-NC-50d-80S 198 | 1.98 | 6.00 | 6.00 | 3.03 | 3.03 27.95

R-NC-50d-65S 197 | 1.97 | 6.00 | 6.00 | 3.05 | 3.05 27.86

R-NC-50d-50S 195 | 195 | 6.00 | 6.00 | 3.08 | 3.08 28.14

Note: Sag = sagging and hog = hogging. They refer to the direction of the
applied load. Sag is when the actuator pushes to the right, while hog is when it
pulls to the left.
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Table 3.6: Attained moment capacities for right beam.

Normalized max My Normalized max —=2

Models pla,Rd pLRd,RWS
(sag) (hog) (sag) (hog)
NR-C-L 1.14 -1.05 N/A N/A
NR-C-H 1.19 -1.22 N/A N/A
NR-NC 1.03 -1.02 N/A N/A
R-C-L-80d-120S 1.01 -0.86 1.06 -0.90
R-C-L-80d-100S 0.96 -0.86 1.03 -0.92
R-C-L-80d-80S 0.88 -0.88 0.97 -0.96
R-C-L-80d-65S 0.86 -0.86 0.96 -0.96
R-C-L-80d-50S 0.89 -0.83 1.01 -0.94
R-C-H-80d-120S 1.34 -1.20 1.40 -1.25
R-C-H-80d-100S 1.38 -1.12 1.48 -1.20
R-C-H-80d-80S 1.30 -0.97 1.42 -1.06
R-C-H-80d-65S 1.17 -0.90 1.31 -1.00
R-C-H-80d-50S 1.03 -0.83 1.17 -0.94
R-NC-80d-120S 0.80 -0.80 0.84 -0.83
R-NC-80d-100S 0.79 -0.78 0.84 -0.84
R-NC-80d-80S 0.77 -0.77 0.84 -0.84
R-NC-80d-65S 0.78 -0.77 0.86 -0.86
R-NC-80d-50S 0.75 -0.75 0.85 -0.85
R-C-L-65d-120S 1.10 -1.01 1.08 -0.99
R-C-L-65d-100S 1.06 -1.02 1.06 -1.02
R-C-L-65d-80S 1.05 -0.99 1.08 -1.01
R-C-L-65d-65S 1.00 -0.95 1.05 -1.00
R-C-L-65d-50S 1.01 -0.91 1.07 -0.97
R-C-H-65d-120S 1.15 -1.22 1.13 -1.20
R-C-H-65d-100S 1.22 -1.21 1.22 -1.21
R-C-H-65d-80S 1.29 -1.14 1.32 -1.17
R-C-H-65d-65S 1.20 -1.04 1.26 -1.08
R-C-H-65d-50S 1.11 -0.95 1.17 -1.01
R-NC-65d-120S 0.96 -0.95 0.94 -0.93
R-NC-65d-100S 0.94 -0.93 0.94 -0.93
R-NC-65d-80S 0.92 -0.92 0.95 -0.94
R-NC-65d-65S 0.91 -0.90 0.95 -0.94
R-NC-65d-50S 0.89 -0.89 0.95 -0.94
R-C-L-50d-120S 1.23 -1.05 1.15 -0.98
R-C-L-50d-100S 1.21 -1.08 1.16 -1.03
R-C-L-50d-80S 1.21 -1.05 1.18 -1.03
R-C-L-50d-65S 1.20 -1.03 1.19 -1.03
R-C-L-50d-50S 1.18 -1.01 1.19 -1.03
R-C-H-50d-120S 1.16 -1.23 1.08 -1.15
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Continued Table 3.6

Normalized max —=2— | Normalized max ——2
Models My1rd,RWS Mpird,RWS
(sag) (hog) (sag) (hog)
R-C-H-50d-100S 1.17 -1.22 1.12 -1.17
R-C-H-50d-80S 1.25 -1.22 1.22 -1.19
R-C-H-50d-65S 1.28 -1.15 1.27 -1.15
R-C-H-50d-50S 1.20 -1.08 1.21 -1.10
R-NC-50d-120S 1.01 -1.00 0.95 -0.93
R-NC-50d-100S 1.00 -0.99 0.95 -0.94
R-NC-50d-80S 0.99 -0.99 0.97 -0.96
R-NC-50d-65S 0.98 -0.98 0.98 -0.97
R-NC-50d-50S 0.98 -0.97 0.99 -0.99
Note: M, ,rq= Nominal plastic strength of the connected steel beam;
My, ra,rws= NOmMinal plastic strength of the connected perforated steel beam
based on equation (1); M. z4= 215.6 KNm, the design resistance of the joint
according to Eurocode 3 (CEN, 2005a); Mf = maximum beam moment at
column face; Mo, = maximum beam moment at the centre of web opening.

3.5.1 Effect of web opening diameter (d,)

Results for perforated beams with an opening equal to 80% of the beam’s height
indicate that the nominal capacity of the bare beam is reached if low composite
action is present, as peak moment ranges between 0.9 and 1.06 the nominal
value, being 0.94 the average for the hogging moment and 1.00 for the sagging
moment. This is expected as the slab provides an additional constraint to buckling
and bending of the upper plastic hinges that make up the Vierendeel mechanism.
Yet, as the ratio is close to one, it can be considered that both the Vierendeel
Mechanism and the yielding of the critical cross-section are concurrent. When
high composite action is enforced, moment capacity increases sizably but is not
enough to reach what is expected for the composite section, which is close to
double the plastification moment of the bare section alone with tension in the
upper flange and compression at the bottom (Table 3.3). The average values for
the ratio between the peak moment observed and the nominal capacity of the
bare steel section are 1.09 and 1.36 for hogging and sagging moment capacity,
while minimum and maximum values are 0.94 and 1.48. As observed in the
previous case, there is a significant difference between sagging and hogging
moments, which is explained by the additional constraint on buckling. There is a
slight reduction in capacity as the perforation is made closer to the column, but
the data does not indicate a clear trend. Still, it is a good course of action to follow
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SCI P355 guidelines in that regard; thus, allowing for a space of at least one
perforation diameter from the column face to the centre of the perforation.

When composite action is impeded in specimens with do = 0.8h (i.e., non-
composite), the peak moment reaches values that range between 0.86 and 0.83
of the nominal capacity, being similar for both sagging and hogging moment.
Avoidance of shear transfer studs allows for relative slippage between the steel
section and the slab; thus, buckling is more likely to occur, making behaviour
being controlled by the development of the Vierendeel mechanism along the
opening edges. On other hand, results indicate that there is a limited role of the
spacing between the column face and the perforation.

All cases reached a story drift of 6%, except the specimen with high composite
action with the first perforation allocated at a distance from the column equal to
1.2 times the height of the beam (R-C-H-80d-120S). As the analysis was
terminated at this threshold, ductility estimates are lower-bound. Still, cases
where there is low or high beam-slab interaction show interstorey drift ductility
larger than 4, while for cases where the interaction was prevented, it ranges
between 4 and 3 (Table 3.5).

Lower diameter perforations (0.65h and 0.5h) uncover the effect of overextending
the distance between the column face and the centre of the perforation. For
spacings, S=1.2h and 1.0h the observed ultimate interstorey drift is less than 6%;
yet, it is larger than 4.0% or close to this value (values of 3.96% were obtained
for specimen R-C-H-50d-120S) indicating that even for these configurations,
performance would allow for inclusion in special moment frames (ANSI/AISC
341-16, 2016). Nevertheless, going beyond SCI P355 recommendations is not
advisable and can diminish deformation capacity significantly.

The ratio of peak moment capacity to nominal resistance reduces significantly as
the opening size becomes smaller. For do = 0.65h and beams with high composite
action; the average value is 1.22 for the sagging moment and 1.13 for the hogging
moment, which is 10% less than was observed for the beam with do = 0.8h, whilst
the difference is marginal for the hogging moment. For do = 0.5h with high
composite action; averages for ratios of observed peak resistances and nominal
values for sagging and hogging moment are 1.18 and 1.15 respectively. Thus,
for that case, capacity increases as a by-product of strengthening of T-stubs
following the Vierendeel mechanism, rather than true composite action. For do =
0.5h and 0.65h specimens with low and no composite action, resistance ranges
between 1.19 and 0.93 times the nominal capacity, observing comparable results
for both sagging and hogging moments.
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3.5.2 Strength degradation

Load capacity was checked at the end of the last load cycle. Table 3.4 shows
strength degradation for all models. Remarkably, the great majority (84%) of
RWS specimens reached an interstorey drift of 6% while being able to attain a
capacity larger than 80% of the maximum observed value. In all cases, peak
achieved moments in hysteresis cycles whilst drift demand was less than 4%
were larger than 80% of the maximum, making all specimens compliant with the
requirements for their deployment into special moment frames, according to AISC
(ANSI/AISC 358-16, 2016).

All non-composite RWS and solid models (i.e., no slab) experienced a large
strength degradation of up to 22.6% due to the absence of bracing which makes
them susceptible to lateral-torsional buckling. Whilst for beams with low-
composite action, where a limited number of studs is provided even in the
protected zone; but not enough for full shear transfer amongst slab and beam,
strength loss is at most 10.9% and the average reaches 6.3%. For beams with
full composite action, even with studs within the protected zone, the average
strength degradation reaches 3.2%, but the result is highly influenced by outliers
where large openings are provided (do = 0.8h). Clearly, the slab has a positive
effect in controlling out-of-plane buckling of the reduced web section, making it
highly unlikely if the perforation diameter is equal or less than 0.65 times the
beam depth. For larger diameters, namely, 80% of the beam’s depth, noticeable
but limited, strength degradation is observed, reaching, at most 12.8%.

3.5.3 Failure modes and stress and strain distribution

As stated before, all specimens reached a 4% interstorey drift demand without
significant loss of structural integrity, making them suitable for use in special
moment frames. Moreover, most achieved a 6% interstorey drift without losing
their load-bearing capacity. However, there are significant differences in how this
performance was achieved, as outlined in Table 3.7. It is worth noting that specific
failure mechanisms are identified through individual scrutiny of each model,
aiding in the understanding of observed responses.

In overall terms, the provision of perforations leads to a protected zone where
inelastic action can happen without global instability, as shown in Figures 3.25-
3.32. This is accomplished by yielding through the Vierendeel Mechanism and
plastification of the reduced cross-section. The latter also induces buckling
without tearing the bottom flange due to strain reversals in tension and
compression. These mechanisms preserve the gravitational load-bearing
capacity of the connection, thereby allowing for extensive deformation capacity.
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Table 3.7: FE results of the contribution of composite action for right beam
and failure modes.

Number Contribution of
Model of shear composite action Failure modes
studs’ sag Hog
rows

NR-C-H 9 15.8% 20.5% BF & BE

NR-C-L 7 10.6% 3.5% BF & BE
R-C-H-80d-120S 66.6% 50.8% VM, BF, & BE
R-C-H-80d-100S 74.9% 43.0% VM, BF, & BE
R-C-H-80d-80S 69.3% 26.1% VM
R-C-H-80d-65S 51.5% 16.7% VM
R-C-H-80d-50S 37.6% 10.9% VM
R-C-H-65d-120S 19.9% 28.9% BF, FB, & BE
R-C-H-65d-100S 30.5% 29.9% BF, FB, WB & BE
R-C-H-65d-80S 9 39.8% 24.3% BF, WB & BE
R-C-H-65d-65S 32.9% 14.7% FB, & WB
R-C-H-65d-50S 24.1% 6.9% FB, & WB
R-C-H-50d-120S 13.9% 23.3% BF, FB, & BE
R-C-H-50d-100S 17.3% 23.7% BF, FB, & BE
R-C-H-50d-80S 25.8% 23.8% BF, FB, & BE
R-C-H-50d-65S 29.9% 18.0% BF, FB, WB & BE
R-C-H-50d-50S 22.7% 11.1% FB, WB & BE
R-C-L-80d-120S 7 25.8% 8.2% VM
R-C-L-80d-100S 21.9% 9.7% VM
R-C-L-80d-80S 15.1% 14.4% VM
R-C-L-80d-65S 8 11.6% 11.1% VM
R-C-L-80d-50S 18.6% 11.2% VM
R-C-L-65d-120S 7 14.5% 6.8% VM & WB
R-C-L-65d-100S 13.5% 9.8% VM & WB
R-C-L-65d-80S 8 14.1% 7.3% VM & WB
R-C-L-65d-65S 10.8% 5.7% VM
R-C-L-65d-50S 13.3% 2.7% VM
R-C-L-50d-120S 7 21.2% 5.3% BF, FB, & BE
R-C-L-50d-100S 21.1% 8.9% BF, FB, & BE
R-C-L-50d-80S 8 22.2% 6.7% BF, FB, & BE
R-C-L-50d-65S 21.6% 5.5% VM, FB, & BE
R-C-L-50d-50S 20.4% 4.1% VM, FB, & BE

Note: BF = bolt bending (exceeded its capacity); BE= bending of extended end-
plate; FB = flange buckling; WB = web buckling; and VM = Vierendeel
mechanism. + ve and - ve refer to sagging and hogging moments of the right
beam, respectively.
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Although inelastic action is prevented on the column, bending of bolts and
buckling of end plates are observed. These undesired, potentially fragile
phenomena occur in RWS specimens with low composite action and with a
perforation diameter of 0.5 times the beam height only (Figures 3.25 and 3.26).
For RWS specimens where shear studs are provided in the protected zone, they
occur in almost all cases. For specimens with a perforation diameter equal to
0.8h, the formation of the Vierendeel mechanism is inevitable (Figures 3.29 and
3.30). Also, it developed in those specimens with a perforation diameter equal to
0.65h having low composite action (Figures 3.27 and 3.28).

However, it must be stressed that these undesired events occur for a large
interstorey drift demand, in excess of 4% and could be potentially limited if
capacity design principles are applied considering the specific features of RWS
connections, as detailing is done in accord with testing for non RWS specimens.
Possible strategies are: designing end plates to consider the effective
plastification capacity of the composite section, whilst accounting for steel strain
hardening, and elimination of shear studs above the plastic zone, to allow for the
formation of Vierendeel mechanism, alike bare steel beams. It must be stressed
that out of plane instability and tearing of structural elements, either beams,
columns or joints was avoided.
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studs over the protected zone).
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studs over the protected zone).
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Figure 3.31: Distribution of PEEQ and Von Mises stresses
of composite solid model (NR-C-L) in last cycle in the
hysteretic curve
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3.5.4 Damage patterns on the slab.

Figures 3.33 and 3.34 depict different patterns of slab damage in both tension
and compression, for models where there is high and low composite action.
Clearly, there is extensive cracking in tension for all cases, indicating that
reducing the number of shear studs may allow for some relative slippage, as
hinted by the cap on moment resistance, but joint deformation is still important,
leading to adverse transfer of shear strain into the concrete slab.

Contrarily, compressive crushing shows a more varied behaviour depending on
the degree of coupling of the beam and the slab. For low composite action,
damage is limited, particularly when the opening diameter is 0.65h or larger.
Rather, it happens due to stress concentration in the vicinity of the web opening.
For high composite action, damage is more widespread, indicating that the slab
plays a critical role by supporting compressive stresses. Among specimens with
high composite action, damage is lowest when the opening is 0.80 times the
beam depth. Yet, this case displayed the largest structural efficiency, as the
average peak moment reached 1.38 times the nominal capacity of the bare beam.
This is explained by the fact that reducing the cross-section of the beam to the
greatest extent, limits excess tensile actions within the cross-section; therefore,
balancing compressive actions are lower, and induced damage is consequently
milder.

It seems that the best efficiency is achieved by providing large openings and
allowing for mild crushing and cracking of the concrete slab, which in turn
provides a supplementary energy dissipation mechanism along with hysteretic
energy dissipation due to the attainment of early plastic deformations around the
web openings (Vierendeel mechanism). The best efficiency was defined by
scrutinizing the pattern and intensity of the crushing and cracking in the slab of
each specimen while considering crucial factors such as energy dissipation and
ductility. This approach can be applied to RWS connections with low and high
composite action.
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3.5.5 Contribution of composite action

The contribution of low and high composite action to the overall strength capacity
is shown in Table 3.7. The average contribution values for specimens with low
composite action are 17% and 7.8%, for sagging and hogging moments,
respectively. While for those with high composite action, the average values are
37% and 23.5% for sagging and hogging moments, respectively. This hints that
composite action keeps contributing to the overall moment capacity even if the
reinforced concrete slab is extensively cracked and crushed. Thus, it could lead
to the strengthening rather than weakening of the connection if it is not properly
accounted for. Thus, understanding the composite action effect on the seismic
performance of the connections is very important for accounting for overstrength
in both erection of new buildings and seismic retrofit.

The RWS models with low composite action have a low contribution of composite
action to the overall strength capacity, ranging between 2.7% and 25.8 (Table
3.7). This is an advantage to those specimens in terms of the ease of predicting
the strength capacity, which would be based on the plastic bending capacity of
the bare steel beam section. For RWS models with high composite action, the
contribution of composite action to the overall strength capacity ranged between
6.9% and 74.9%, noticeably higher. Consequently, ignoring slab effects in the
design of RWS models where high composite action is allowed, can lead to
unsafe design.

Interestingly, cracking and crushing of concrete were observed to be lower for a
perforation size of 0.8h than what was registered for perforation sizes equal to
0.65h and 0.5h (Figure 3.33). Albeit explicit consideration of the slab in design
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may lead to a slight reduction of damage within it, the main reason for doing it is
to preserve the strong column-weak beam design paradigm.

3.6 Discussion

Results indicate that composite RWS connections offer a large deformation
capacity, of 4% interstorey drift, while keeping a moment capacity of at least 80%
of the peak value, without inducing damage to columns and joints. Particularly,
tearing of structural elements is prevented, being the most relevant non-ductile
phenomena failure of bolts in the beam-column connection and shear transfer
studs between the slab and the beam.

It was found that achieving the full nominal resistance of the composite section,
which would be theoretically expected to be around twice the bare steel section
capacity, proved unlikely. While specimens achieved peak resistances close to
this value under cyclic loading (Table 3.6 My/My,; rq), they typically reached a
maximum of 1.4 times the nominal capacity. This was observed when shear
transfer studs were placed in the protected zone (i.e., high composite action).
This large divergence can be explained by the characteristics of the reversible
deformation demand being imposed on the model. Reversion of strains within the
beam compromises its capacity to endure compressive actions when compared
to a slab that doesn’t go through it. Crushing becomes more likely after tensile
cracking in previous cycles. Consequently, it is possible that maximum moment
capacity becomes closer to what is expected for the full composite section if
monotonic loads are imposed instead.

On the other hand, the numerical model supports the idea that decoupling the
beam and the slab (i.e., non-composite) is a sensible approach for limiting non-
linear action outside the protected zone. Moment capacity approaches the
nominal capacity of the beam, even allowing for a 20% lower value for the
sagging moment. This is expected as the slab offers an additional constraint for
local buckling when a sagging moment is imposed, while the likelihood of out-of-
plane deformation increases when compression is observed in the bottom flange
when the moment reverses.

Comparatively, best results are obtained for fully coupled RWS beam -to- column
connections of 80% of the beam height, and spacings between the perforation
and the column face between one perforation diameter and one time the beam
height, which is in accord with specifications SCI P355 guidance (Lawson and
Hicks, 2011). For these conditions, represented by specimens R-C-H-80-100S
and R-C-H-80d-80S, the connection reaches the highest ratio between peak
moment capacity and the nominal moment resistance of the bare steel reduced
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section (1.48 for the sagging moment, and 1.20 for the hogging moment for the
first while 1.42 and 1.06 for the latter); being both able to accommodate 6%
interstorey drifts. Albeit, resistance is not symmetrical, differences amongst
sagging and hogging moments are half of what is expected for the bare steel
reduced section, allowing for a more stable behaviour when subjected to large
displacement demands. This is particularly relevant for the retrofitting of new
buildings as decoupling of slabs and beams could be avoided, focusing instead
on making perforations solely on the beam’s web. This will reduce costs and
speed up work.

The advantages of limiting composite action only to the protected zone are not
clear in terms of diminishing concrete cracking. Results indicate that despite this
course of action, tensile cracking on the slab is as extensive as to what is
observed for the fully composite action, but maximum achieved moments are
lower. Clearly, studs outside the protected zone induce at least partial strain
compatibility between the slab and the beam; which leads to this undesired
outcome. Also, complete avoidance of composite action is feasible, as done with
other structural engineering solutions (Zhang and Ricles, 2006a; Zhang and
Ricles, 2006b; Lee et al., 2016). However, the elimination of composite action (no
holding) over the plastic zone in the RWS connections, led to the standard
formation of the Vierendeel mechanism, like the case of bare steel beams. On
other hand, RWS connections with high composite action have shown different
behaviour due to the high contribution of the composite slab to the overall
strength. Hence, the use of low composite action is preferable to avoid high strain
demand on the bottom flange of the beam as well as cracking and crushing of
the concrete slab, whilst it does not jeopardize the strong column-weak beam
paradigm, following what is observed in US Standards and practice using
reduced beam section (RBS) connections.

Thus, the general rules for all types of non-dissipative connections in dissipative
zones of the structure specified at (ANSI/AISC 341-16, 2016) can be applied to
bolted extended end-plate RWS connections as follows:

Mjpq = 1.1.Yop. (Mpirarws + Vea-S) (3.6)

Where M; 4 is the design resistance of the joint, y,, = 1.25 (the overstrength
factor), Vg, is the shear force corresponding to the formation of a plastic hinge in
the connected beam, S = is the end distance between the connection face and
the centerline of the web opening.
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3.7 Summary

A high-definition finite element model was calibrated considering cyclic tests
performed on full-section beams with composite slabs, designed to attain high
ductility. The calibration of the model allowed for parametric assessments of the
behaviour of composite beam-column joints with reduced web section beams.
The focus was made on the diameter opening (0.8, 0.65 and 0.5 times the beam
height); the distance from its centre to the column face (1.2, 1.0, 0.8 and 0.5 times
the beam height) and the absence and presence of composite action over the
protected zone

All assessed specimens achieved an interstorey drift of 4%, showcasing stable
hysteresis cycles without pinching or residual deformations in a particular
direction when subjected to symmetric cyclic loads. The great majority (84%) of
specimens reached an interstorey drift of 6%. Tearing of columns, joints and
beams was adverted, being the most critical failure mode the failure of shear
studs between the slab and the beam and the tearing of bolts in the end-plate
connection. In certain cases, bolt failures in the end plate were observed.
However, this happened for drift demands in excess of 4% and they could be
avoided by adjusting capacity design principles for these novel connections.
Thus, they can be potentially used in special moment frames as specified in AISC
341 (ANSI/AISC 341-16, 2016).

The moment capacity of the full composite section ranges between 1.9 and 2
times the capacity of the bare steel section for all cases studied. The RWS
connections achieved peak moment capacities significantly lower than what is
expected for full composite beam-slab action. At most, the peak moment reached

1.5 times the nominal moment capacity of the bare RWS steel section (ML),
pLRA,RWS

reaching an average of 1.36 times in specimens where the perforation was 80%
of the beam’s height; particularly, when full composite action was enforced for
sagging moment. For the hogging moment, values close to 1.09 times the
nominal capacity are observed. When composite action is restricted, moment
capacity ranges between 1.06 for the sagging moment and 0.9 for the hogging
moment. It must be stressed that these results are observed for cyclic demands,
and consequently there is a reversion of strains within the slab, which can
compromise its capacity to sustain extensive compression. Contrarily, for
monotonic loads, strains don’t reverse within it and consequently larger peak
moments could be achieved.

Thus, numerical simulations hint that RWS connections could be an option for
both retrofitting existing structures and new buildings, even when extensive
deformation capacity is required. Moreover, the limited increase in moment
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capacity due to the slab effect indicates that coupling of the slab and the beam
have a less critical effect compared to what is observed for beams without
perforations, hence providing a cap on overstrength phenomena. This is highly
desirable for retrofitting existing structures where decoupling of both the slab and
the beam could not be feasible. Based on this study, the design of a composite
bolted extended endplate RWS connection for rehabilitation or a new seismic

connection should be based on the nominal plastic bending capacity of the
reduced steel beam My, rq rws, Similar to what is observed for the design of an

RBS connection.
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Chapter 4

Experimental Investigation

4.1 Introduction

The present chapter extends work done in Chapter 3 and by Shaheen et al.
(2018) that showcased the potential of such structural fuses and their suitability
for seismic applications. This paper goes a step further by experimentally
investigating the effects of the presence of bolted shear studs on the cyclic
behaviour of composite reduced web section (RWS) connections, aiming to
augment available data to expand on the current status quo.

The use of bolted shear studs could overcome the obstacle of replacing damaged
beams in the aftermath of moderate earthquakes. Albeit they are not as ductile
as other shear transfer solutions, they maintain their integrity and impede
extensive deformation of the contact between slab and beam. Hence, such
demountable bolts have been introduced as practical alternatives to traditional
solutions for facilitating beam decoupling from slabs, and enabling reuse
(Moynihan and Allwood, 2014; Ataei et al., 2016; Ataei et al., 2017; Liu et al.,
2017; Yang et al., 2018; Sencu et al., 2019; Ataei et al., 2019; Girdo Coelho et
al., 2020; Chiniforush et al., 2021). The combination of structural fuses, namely
RWS, bolted end-plate connections (Tartaglia et al., 2019) and bolted shear studs
may provide a cost-effective structural system for speedy seismic rehabilitation.
Henceforth, one of the goals of this study is to assess if the provision of bolts to
connect beams and slabs is robust enough to prevent extensive deformation of
the beam/slab contact and allow for practical separation of both elements during
the replacement of damaged parts whilst temporary support is provided.

This chapter describes the arrangement of the experimental works, the test
apparatus, and the investigation results into the performance of steel-concrete
composite reduced web section (RWS) connections subjected to cyclic loading.
It also describes the design of the specimen, the test setup details, the loading
protocol, the specimens’ details, instrumentation and interpretation of the test
results, and the test observations and results.
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4.2 Experimental work

4.2.1 Design and details of the composite connection specimens

In this test campaign, cyclic load testing on full-scale specimens of four identical
steel-concrete composite connections in terms of sizes and material (Table 4.1
and Figure 4.1). Summary of specimen characteristics and material nominal
capacities are provided in Tables 4.1 and 4.2. All specimens represented an
exterior unstiffened extended end-plate connection in a moment-resisting frame
(MRF).

Table 4.1: Specimen test matrix.

. Solid RWS-L- | RWS-
Specimen ID Specimen | retrofit* L | RWSH
Connection Type EEP EEP RWS
Composite action Low (L) High (H)
d, 0.8h 0.8h 0.8h
S, ) 1h 0.8h | 0.8h
M pq (KNm) 300.2
My, o ra OF My ra rws (KNm) 300.2 257.1
M ri/Mpiara 1 1.17
Joint Category 5@23& Full-strength
Primary and secondary beams 305x165 UB 54
Column 305x305 UC 198
Extended end-plate (EEP) 480x280x20 mm
M27 Gr. 10.9 with preloading force of
Bolts 391 kN
Slab 140 mm
Metal deck ComFlor 60
Two rows of bolted shear M20x160 mm - Gr. 8.8 with preloading
connector force of 40 kN
# of rows of bolted shear 6 7
connectors
Mesh A393 ®10-200x200 mm

Note: h = height of the beam; 80d = means the diameter of the web opening is
equal to 80% of h; 80S = means the end-distance is equal to 80% of h. * A web
opening was created into the solid specimen and then retested for rehabilitation
purposes. M g, = joint capacity. My rqrws = the nominal plastic bending
doz-tw,b

4)'

capacity for the steel section with a web opening = F,, , (W, —
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Table 4.2: Nominal capacities specimens.

steel Moment resistance Vierendeel
. (kNm) Shear .
, section / : bending
Specimen : resistance .
composite +ve ve v (kN) resistance
section | (upward) | (downward) | % My ga (kN)
Solid My 6 Ra 300.3 300.3 545 -
Specimen | a4 499.6 385.6 545 -
RWS-L - M, 4 ra 265.3 257.1 142.9 10.42
retrofit M, pa 265.3 257.1 156.7 11.64
M, o ra 265.3 257.1 142.9 9.97
RWS-L
M, pa 265.3 257.1 156.7 12.56
M, qra 265.3 257.1 142.9 18.14
RWS-H
M, pa 272.4 257.1 156.7 20.13
Note: My, , ra @nd My, rq = plastic moment resistance of steel and composite
solid webbed beam, respectively, according to Eurocode 3 (CEN, 2005a) and
Eurocode 4 (CEN, 2005c). M, ,rq and M, rq = plastic moment resistance of
steel and composite solid webbed beam, respectively, according to SCI P355
guidance and SCI P428 guidance (Girao Coelho et al., 2020).

The specimens were designed based on the nominal plastic bending
capacity M, , ra, Of the connected steel solid-webbed beam of a partial-strength
connection without considering the composite action contribution in accordance
with Eurocode 3, Eurocode 4 and Eurocode 8 (CEN, 2005a; CEN, 2005b; CEN,
2005c; CEN, 2005d). The incorporation of web opening makes the connection go
from partial- to full-strength as the capacity of the connected steel beam is
reduced. Steel-concrete composite RWS connections complied with SCI P355
guidance and SCI-P428 guidance (Girdo Coelho et al., 2020) terms of end-
distance, diameter and bolted shear studs.

The first composite specimen was a partial-strength extended end-plate
connection with a solid-webbed beam (hereinafter referred to as the solid
specimen). The solid specimen was subjected to cyclic loading, until it reached
close to 70% of its positive/sagging moment capacity, thus simulating the effects
of moderate seismicity over time, for rehabilitation purposes. Then, a web
opening was created, and the specimen was re-tested. It is worth mentioning that
the beam was perforated off-site, so the composite slab was dismantled and new
M27 bolts were provided.

The re-tested (second) specimen is referred to as the RWS-L-retrofit specimen
which was the second specimen to be tested. This allows for benchmarking the
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effects of residual strains and stresses induced by previous earthquake events.
The other two specimens were steel-concrete composite RWS connections. The
difference between them is the presence or absence of bolted shear studs above
the web opening (i.e., composite action).

The presence/absence of bolted studs above the web opening was used to
classify the specimens as having high (H) or low (L) composite action according
to Eurocode 8-1 clause 7.7.5 and ANSI/AISC 358-16 (CEN, 2005d; ANSI/AISC
358-16, 2016) as shown in Figure 4.1. All four specimens had a 25 mm gap
between the connection’s components and reinforced concrete (RC) slab, to
avoid the crushing and cracking of the concrete following ANSI/AISC 358-16 and
Eurocode 8-1 clause 7.7.5(2) (CEN, 2005d; ANSI/AISC 358-16, 2016).

A cantilever testing setup was selected to benchmark behaviour. This was
accomplished by providing a strong stocky column in such a way that its
deformation is negligible. The highly ductile beam section was chosen based on
the width-to-depth and span-to-depth ratios according to seismic provisions
ANSI/AISC 341-16 and 358-16 (ANSI/AISC 341-16, 2016; ANSI/AISC 358-16,
2016) and in such way that is was feasible to test them the available facilities.

4.2.2 Specimen preparation

The specimens were fabricated and cast by the supplier. The steelwork (welding
and drilling) was carried out by the steel fabrication company. The diameter of
the pre-drilled holes in the end plate was 30 mm, which provided a clearance of
3 mm for the M27 bolts, according to CEN (2011). The diameter of the pre-drilled
holes in the beam top flange was 21 mm, which provided a clearance of 1 mm
for the M20 bolted shear connectors, according to SCI P428 (Girdo Coelho et al.,
2020). A clearance of 1 mm was provided for the bolted shear connectors to
minimise slippage (Girdo Coelho et al., 2020). The clear height of shear
connectors above the beam flange was equal to 100 mm, as recommended in
SCI P428 (Girdo Coelho et al., 2020) (Figure 4.2). The preloaded M27 Grade
10.9 bolts were tightened using a torque wrench, according to EN 1090-2 (CEN,
2011), to obtain a preloading force of 321 kN and the demountable M20 Grade
8.8 bolted shear connectors with double nuts were tightened to 100 Nm. This
torque value was taken from Moynihan and Allwood (2014) to ensure the bolted
shear connectors would be within an elastic range and could be utilised for
another cycle of use.



Figure 4.2: The height of the bolted shear
connector above the top beam flange (mm)

The shuttering and formwork for the specimens are shown in Figure 4.3. The
composite beams were cast on their own without a column or secondary beams.
They were assembled in the laboratory, as the column and secondary beams
were designed to be free of damage and to work as a support system. Ready-
mix concrete was used and was cast for all the specimens at the same time.
Cubes and cylinders were prepared from the same ready-mix concrete used for
the specimens. The ready-mix concrete class was 25/30, with a maximum
aggregate size of 20 mm with a 140-mm slump.

Figure 4.3: Shuttering of test specimen.
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4.2.3 Test setup and loading protocol

The test setup consisted of a full-scale one-sided composite extended end-plate
RWS connection (see Figures 4.4 — 4.6). The experimental works were carried
out on the strong floor at the Heavy Structures Laboratory in the School of Civil
Engineering at the University of Sheffield. The test setup was designed to
minimize deformation contributions from the column. Thus, the back, top and
bottom of the strong column were fixed within the testing rig frame. Loading plates
were used to on-site weld the specimens to the actuator due to the height
limitation of testing the rig frame, which would lower the head of the actuator
below the beam.

The top of the column was fully
fixed within the testing rig frame

2550 mm

Applied Load

VSlab depth
=140 mm

2818.5 mm

Lateral Supports

The back and bottom of the column were
fully fixed within the testing rig frame

Figure 4.4: Experimental test setup — side view.
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Figure 4.5: Experimental test setup — side view (mm)
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Experimental test setup — front and top view (mm)
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The concrete slab provides additional lateral support, making the use of lateral
restraints redundant all over the beam. However, lateral restraints were provided
at the point of the actuator connection, to set boundary conditions that resemble
what is generally expected in buildings. The distance between the column face
and the actuator loading point was 2818.5 mm. A two-way actuator of 130
kN capacity (i.e., upward and downward) was used to apply a cyclic load at the
beam tip.

The cyclic quasi-static test followed the loading protocol in the AISC Seismic
Provisions for qualifying the RWS connection for special and intermediate MRFs,
as shown in Figure 4.7 (ANSI/AISC 341-16, 2016). This loading protocol was
selected for two reasons. Namely, it was used in the research campaign by SAC
Joint Venture to prequalify the seismic connections (FEMA 350, 2000;
ANSI/AISC 358-16, 2016) and its wide acceptance in the research community.
The cyclic tests were under displacement control with a loading rate of 0.5 mm/s.
This low loading rate was chosen to allow for the evaluation of structural
behaviour in the post-elastic range, as it can track softening behaviour and
various damaging states of interest and avoid dynamic effects.

2004 = — 0.07
175 __ _,1 _- Moment diagram T > _— 0.06
VS B IVas - WiV Vass vamt PV VeV VaaV Vol I8 005
125 7] ! C) 5 Egi - 0.04
T 10 .
100 1 5 TR o 003
E 75 - . 28185 L
E 5l — 0.02 <
c ] — 0.01 &
s MMM/\/\ oo 5
e 0 0.00 9
3 - wwwwww W (w T =
S 2579 5 10 15 20 25 30 35 4 6 -0.01 3
o -
»n  -50 - 0.02 o
a . Cycles Y
75 ] Drift % | Target Displacement (mm) | No. of Cycles - -0.03
-100 4 | 0.00375 10.57 6 L
1| 0005 | 14.09 6 — -0.04
-125 7 | 0.0075 | 21.14 6 -
1504 | o001 28.19 4 — -0.05
1 0015 4228 2
1759 Too2 56.37 2 - 0:06
-200 - 003 | 84.56 2 L .0.07
004 | 112.74 2
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Figure 4.7: Cyclic loading protocol.
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4.2.4 Instrumentation

The general instrumentation layout for the test setup is shown in Figure 4.8. Each
specimen was calibrated to measure the strain, rotation, displacement, and load
at various locations. Instruments such as strain gauges (SG) and rosettes (RG),
angular displacement transducers (RT), linear variable differential transformers
(LVDT) and load cells were installed at the regions of expected inelastic
deformations, deflection, and slippage. The instruments were connected to the
data logger.
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\:L—‘
: L8
 E—
_ Re3 Strain gauges and rosette
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o | |
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Figure 4.8: Instrumentation layout (mm).
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The actuator was provided with a calibrated load cell to enable the total applied
load at the end of each beam to be measured. The measurement of this force
enables the beam moment to be determined. SGs were also placed at the top
and bottom of the extended endplates to measure the strain. The web and bottom
flange of the beams were mounted by SGs in several locations (near and far from
the connection face). This helped to monitor the stress/strain concentration along
the beams. RGs were mounted in the vicinity of the web openings to measure
the stress distribution in the RWS connections and understand their failure
mechanisms.

Deformation of the panel zone was not allowed as the specimens were designed
using a strong column-weak beam concept, which means the panel zone should
remain elastic. Hence, LVDTs were placed at the column ends to capture any
potential displacement. This helped to evaluate the rigidity of the fixed supports.
In addition to the internal displacement measurement of the actuator, the
following LVDTs and RT were also placed:

e Two horizontal LVDTs (L1 and L2) to measure the end-plate
slip/deflection.

e Two vertical LVDTs (labelled L3 and L4) to measure the web openings
deflection.

e One horizontal LVDT (L5) to measure the composite slab slip.

e Two vertical LVDT (L6A and L6B) at beam tip to compare the actuator
displacement and to evaluate if any slippage or failure would occur in the
loading plates.

e Two horizontal LVDTs (L7 and L8) to measure any possible movement of
the column.

e Two RTs (R1 and R2), to measure the total rotation of the beam at the
connection region in the case of R1, while in R2, the rotation of the beam
end was measured.

¢ R3 was mounted to measure any possible rotation of the panel zone.



107
4.2.5 Interpretation of the test results

This section describes the test data interpretation of the different beam-to-column
subassemblies. The specimen behaviour was presented by various parameters,
such as applied load, beam displacement, connection rotation, beam rotation and
energy dissipation. Global hysteretic behaviour was represented by a plot of the
applied moment at the column face (M) versus the total rotation (Bwt). M was
calculated by the load applied (P) at the actuator multiplied by the span from the
column face to the centre of the actuator. The total rotation of the connection (Btot)
is the sum of the extended end-plate (EEP) rotation (Beer), RWS rotation (Brws)
and beam rotation (Bbeam), as shown in the following equation 4-1.

Otot = Opep + Orws + Opeam Eq. (4-1)

The extended end-plate rotation was obtained through L1 and L2 installed at the
top and bottom of the extended end plate divided by the distance between them
(Z), as in the following equation:

The RWS rotation (Brws) was determined by the following relationship:

Ao A

Oprp = % Eq . (4-2)
Aja_ A

Orws = % Eq. (4-3)

Finally, the beam rotation (Bream) was obtained through the following relationship:

A
Obeam = flg(;gl;tl)r Eq. (4'4)

The ductility and energy dissipation are key behaviour measurements to evaluate
the connection performance under seismic loads. These measurements can be
evaluated from the moment-rotation (M-R) hysteresis curves under gradually
increased cyclic load. The ductility ratio (Dg ) is defined as 6’u/é,y, where 0, is the

rotation corresponding to the yield point, and 6, is the ultimate rotation
corresponding to the ultimate point on the M-R curve. The energy dissipation was
calculated by summing up the area under the M-R hysteresis loop of the whole
cycles.

Figure 4.9 shows the change in steel stress-strain relationship (Hibbeler, 2017)
and the change in stress distribution through the composite cross-section from

elastic to plastic stress blocks (Davison and Owens, 2012). It is assumed that the
composite beam bottom flange is fully yielded when its strain reaches 5¢,,, where

gy is the yield strain for steel grade S355 (Davison and Owens, 2012). In this
case, the positive moment reaches nearly 95% of the plastic moment capacity of
the composite cross-section. Hence, the recorded strains from the tests were
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interpreted based on these figures to understand the behaviour and failure modes
of the specimens.

< 0.85 Fea 0.85 Fea 0.85 Fa 0.85 Fea
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Figure 4.9: Elastic, elastic-plastic and plastic stress distributions in a
composite section (Davison and Owens, 2012).

4.2.6 Material properties

The mechanical properties of the steel beam (305x165 UB 54) grade S355 were
obtained through monotonic coupon tensile testing. The test coupon was
prepared according to BS EN ISO 6892-1 ( 2009). The tensile coupon dimensions
are shown in Figure 4.10. Three of the coupons were cut from the flanges and
three were cut from the web. The test coupons were tested using universal testing
machine available at the structural laboratory of University of Leeds. The stress-
strain curves of the steel section coupons are shown in Figure 4.11. The concrete
strength of the compression cylinder tests was determined at 7-day, 14-day and
28-day. The average values of the three compression cylinder tests of RWS-L
and RWS-H specimens are shown in Table 4.3.

12
12

827 . 100 82.7

20|

300

Figure 4.10: Coupon details.
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Figure 4.11: : Stress-strain curves of steel section coupons.

Table 4.3: Concrete compressive cylinder strengths

Compressive Cylinder Strength (MPa)
Designation
Sample 1 Sample 2 | Sample 3 Average
RWS-L 31.8 31.3 30.7 31.3
RWS-H 29.3 32.1 24.8 28.7

Note: The concrete class is C25/30.
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4.3 Experimental results

4.3.1 Solid connection (no web opening)

The solid connection specimen followed the loading protocol until reaching an
imposed chord rotation of 0.02rad in both directions. At these points, the solid
specimen reached 70% and 80% of its positive and negative moment capacities,
respectively (Figure 4.12 and Table 4.4). The stiffness degradations in both
directions were less than 20%. No signs of plastic deformation were observed,
either through visual inspection, or measurements by strain gauges. This is a
likely outcome of the RC slab’s contribution to increasing the strength of the
connection for hogging moments. At most two lines of micro-cracks within the
concrete slab were recorded, as shown in Figure 4.13. Clearly, the onset of
yielding in the solid specimen was reached without extensive plastic actions as
illustrated in Figure 4.9. All the other steel elements including the demountable
bolted shear studs were damage-free. Consequently, the composite slab was
disconnected from the beam to create a web opening to simulate a retrofit
procedure. Hence, this leads to the RWS-L-retrofit specimen, as shown in in
Figure 4.14.

Max= 347.0 kNm at 0.0201 rad

300 ¢

Moment kNm
-—

(4,1

o o

a
o
=)

300 4 ;
Min= -306.7 KNm at -0.0196 rad

-0.04 -0.02 0 0.02 0.04
Rotation rad

Figure 4.12: Moment-Rotation curve solid connection specimen.



Table 4.4: Results Summary.
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Solid Ff;’;’riﬂLt RWS-L | RWS-H
+ve 347 340.2 3394 328.7
M I f M, (KN
at column face My (kNm) = a0 e = 3185 | -293.4 | -290.3
M at opening centreline M, | +ve - 300.3 307.1 290.1
(kNm) -ve - -281.2 -265.4 | -256.2
. +ve 1.16 1.13 1.13 1.09
M:/M |
£/ Mpiapa Ste€l section =0 =" -1.06 0.98 | -0.97
Mg /M, gq COMposite +ve | 0.71 0.69 0.69 0.67
section -ve -ve My/Mp, pq Steel section
) +ve - 1.17 1.19 1.13
M,/M, ,rq Steel section Ve . 109 103 .00
M,/M,rq COMpoSite +ve - 1.13 1.16 1.06
section -ve -ve M,/M, . ra Steel section
9, (rad) +ve - 0.0499 0.0499 | 0.0499
u -ve - -0.0499 | -0.0498 | -0.0499
+ve | 0.0201 0.0180 0.0174 | 0.0168
0, (rad) -
y _ -
Ve | 00196 | 00169 | 0150 | -0.0148
+ve - 323.9 324.1 318.2
My (kNm) “ve : 2204 2795 | -185.2
- . +ve - 2.39 2.91 2.82
Ductility Dy = 6./, “ve - 2239 3.46 | -3.14
Dissipated energy i
(KN.m.rad) +ve 35.20 34.87 | 34.42

at web opening centreline.

Note: M is the applied moment at the column face. M, is the applied moment
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Figure 4.13: Observed crack pattern in Solid connection specimen (mm).

Figure 4.14: Disconnecting the composite slab of the solid specimen to
be reused for the next test.

4.3.2 Yielding mode

The development of yielding and plastic hinges in all three RWS connections is
presented in Figures 4.15 — 4.17. It is worth reiterating that in this study, low
moment side (LMS) and high moment side (HMS) depend on the global applied
moment, for instance, the edge of a web opening subjected to lower global
moment is LMS (see Figure 4.18). Additionally, each side consists of bottom and
top Tee-sections.
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Figure 4.15: Distribution of strain intensity for RWS-L-retrofit connection
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Figure 4.16: Distribution of strain intensity for RWS-L connection.
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Figure 4.18: High and low moment sides.

Recorded strains in the vicinity of the web opening in all RWS connections are
larger in the LMS than in the HMS. In RWS-H only, the strain demand at LMS
was significantly higher than that at HMS. This was attributed to the composite
beam-slab engagement as the shear transfer bolts were placed off-centre over
the LMS of the web opening thereby increasing the strain demand on the Tee-
sections of the LMS. Consequently, yielding initiated earlier in RWS-H at the
bottom Tee-section of the LMS than the other RWS connections during the first
cycles of 0.01rad (sagging) as illustrated in Figures 4.15 - 4.17. However, the
web opening exhibited extensive load redistribution from LMS to HMS in all RWS
connections. This can be observed where the Tee-sections of the HMS in all three
RWS connections reached yielding before the first two cycles of 0.02rad.

The web opening experienced large deformation in all three RWS connections
when subjected to 0.03rad rotation cycles. The first plastic hinges formed in all
three RWS connections at the top tee section of LMS. Particularly, in RWS-H,
(see Figure 4.19a) there were peeling and hairline cracks starting at the edges of
the web opening on the top Tee-section at the LMS.

In all RWS connections, during the first cycle of 0.03rad, the beam top and bottom
flanges (above and below the web openings) began to buckle locally when in
compression and straighten out when in tension. This behaviour persisted until
the 0.04rad rotation cycles. This indicates that four plastic hinges around the web
opening occurred (Vierendeel mechanism). Hence, the Vierendeel mechanism
was fully developed, allowing for local buckling of the beam in both its top and
bottom flanges. It could be concluded that the local yielding of Tees (ductile
failure) led to favourable behaviour instead of simple shear failure at the web
opening, in all RWS specimens.
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i : 4
a) Steel peeling off b) Vierendeel
during 4% rotation. mechanism.

EL R R hentt

c) Bolted studs’ failure. d) Cracks.

Figure 4.19: The failure modes of RWS-H connection.
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4.3.3 Hysteretic response

The hysteresis curves for all RWS connections are presented in Figures 4.20 —
4.22. Provision of stable hysteresis cycles with a high energy dissipation capacity
at well-defined plastic hinge locations, is fundamental for resilient structural
behaviour during and in the aftermath of earthquakes (Bernuzzi et al., 1996). In
this study, RWS connections behaved as expected in terms of attaining ductility,
mitigating the cracks of concrete slabs, and sustaining higher moments than the
bare steel beam’s full plastic moment (M,,) at 4% rotation in both directions. Thus,
all RWS connections were capable of achieving at least an interstory drift larger
than 4%, thereby complying with performance targets set up in of ANSI/AISC
358-16, ANSI/AISC 341-16 and the Eurocode 8 (CEN, 2005d; ANSI/AISC 341-
16, 2016; ANSI/AISC 358-16, 2016). It must be stressed that rotation capacity is
expected to be larger when deployed in moment-resisting frames due to column
flexibility.
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Figure 4.20: Hysteretic curves for RWS-L-retrofit connection.
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Figure 4.22: Hysteretic curves for RWS-H connection.
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Round hysteresis cycles without pinching were observed for all RWS
connections. They are the outcome of early local yielding in the vicinity of the web
opening, thus, leading to the redistribution of the global actions from LMS to HMS.
This redistribution is due to inelastic stresses being concentrated around the web
openings, inducing the occurrence of the Vierendeel mechanism in the weakened
area of the beam rather than failure within its non-ductile components. Such a
mechanism caps the shear forces that can be transferred outside protected
zones, in close alignment with capacity design principles.

It was expected that the extra row of studs over the protected zone would lead to
early yielding and early failure due to increased stress/strain demand on the
bottom flange (Lee et al., 2016). However, energy dissipated well through the
Vierendeel mechanism in RWS-H, despite earlier crack initiation in the vicinity of
the web opening. This was attributed to the capability of the web opening for
redistribution of local forces, counterbalancing the increased stress/strain
demand on the bottom flange that led to quick initiation of a crack in the vicinity
of the web opening.

Unexpectedly, RWS-H demonstrated lower moment capacity compared to the
identical specimen RWS- L (Table 4.4). The extra row of bolted shear studs
should have led to a higher moment capacity of the RWS-H specimens when
compared with their counterparts. Instead, it increased the stress/strain demand
in the top Tee-section Figure 4.22, leading to an earlier onset of yielding in the
top Tee-section at LMS due to the location of the extra row of bolts above the
LMS. This can be justified by the fact that the web opening consists of two Tee-
sections (top and bottom sections) with similar local behaviour under the same
global load. Each Tee-section consists of top and bottom parts that exhibit
compression and tension under the same action over the cross-section, as
illustrated in Figures 4.23 and 4.24. The location of the studs above LMS led the
bottom part of the top Tee-section to experience earlier local yielding, which
eventually induced earlier crack initiation at the LMS as well. This is a plausible
explanation for the lower moment capacity of RWS-H, as this feature was absent
in RWS connections without composite action above the web opening.
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Figure 4.23: lllustration of the behaviour of Tee-sections in RWS-H.

In detail, when subjected to cyclic loading, the top and bottom Tee-sections will
be subjected to global/cross-section shear and moment, as well as local axial
forces as shown in Figures 4.24 and 4.25. The behaviour of the top and bottom
Tee-sections alternates between tension and compression due to the reversible
actions expected during earthquakes. Any increase in the global moment will
generate local axial forces in the Tee-sections, decreasing their contribution to
the capacity of the Vierendeel mechanism (Lawson and Hicks, 2011). An
increase in the shear force and critical length will lead to larger moments within
the Vierendeel mechanism.

When the applied load goes upward, moments within the Vierendeel mechanism
cause the web of the top Tee-section to undergo tension while the flange-web of
the top Tee-section exhibits compression at HMS (see Figure 4.24). Under the
same conditions, the web of the top Tee-section will experience compression
while the flange web and the top Tee-section will be under tension at LMS. Such
a complex behaviour can induce early local yielding of Tees before any yielding
in the connection and column. This early local yielding results in the stretching of
the opening and local buckling of flanges as shown in Figure 4.24. Both are
indicators of the formation of the Vierendeel (ductile), mechanism which becomes
the dominant mechanism rather than simple shear failure at the web opening,
due to the redistribution of the global actions.
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Figure 4.24: Force action at web opening without composite action
above the protected zone.
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Figure 4.25: Force action at web opening with composite action
above the protected zone.
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Remarkably, the retrofitted specimen (RWS-L-retrofit), which involved creating a
web opening, performed as well as the other RWS connections, despite concrete
cone failure (Figure 4.26b). An additional crack line was observed in the slab of
RWS-L-retrofit connection (Figure 4.27), in addition to the two lines of micro-
cracks that developed in the solid connection as illustrated in Figure 4.13. These
two lines of cracks became more visible but did not propagate deeply inside the
RC slab in the next test of RWS-L-retrofit. While RWS-L and RWS-H specimens
experienced only micro-cracks. Also, slight separation between the deck and the
concrete occurred in RWS-L and RWS-L-retrofit (see Figure 4.28). The maximum
slab slip in all RWS connections at the maximum load was not more than 1.3 mm
in the positive moment and 1.32 mm in the negative moment. This further
indicates that significant plastic deformation only occurred in the web opening.

c) Top crack at the end of first d) Bottom crack at second cycle
cycle of 0.05 rad (hogging of 0.05 rad (sagging moment).
moment).

Figure 4.26: Failure modes of RWS-L-retrofit specimen.
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Figure 4.27: Observed crack pattern in RWS-L-retrofit connection specimen
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c) Vierendeel Mechanism. d) Micro-crack and deck
separation.

Figure 4.28: The failure modes of RWS-L connection.

It seems that both the demountable shear studs and a 25mm gap between the
RC slab and steel elements played a key role in mitigating RC slab damage,
along with the plastification of the web opening. This could be due to the hole
clearance in the steel beam flange which allowed for slippage between the beam
and the slab, as well as the fact that plastic deformation occurred in the vicinity
of the web opening. The provision of the entirely disconnected beam-to-column
joints (i.e., 25mm gap) prevented contact between the RC slab and steel
elements, thus limiting force transfer between them. Consequently, the expected
failure mode of a ductile frame strong column-weak beam was observed in all the
tested RWS specimens (Figures 4.26 and 4.28).

The demountable composite system was found to be capable of quick
disassembly, therefore fostering reuse, and/or replacement in case of extensive
damage observed at the end of the design life or in the aftermath of a large
earthquake. The nuts were easily demounted using an ordinary wrench; even, if
there was appreciable bending of the washer, which was the case for the RWS-
H specimen.
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4.3.4 Expected vs. actual resistances

4.3.4.1 Capacity design

The strong-column weak-beam design framework, adopted in both Eurocodes

and AISC (CEN, 2005b; CEN, 2005d; ANSI/AISC 341-16, 2016; ANSI/AISC 358-
16, 2016) requires that the bending strength of the connection M; g, should be

stronger than the bending resistance of the connected beam M, 4. In this study,
the capacity of the connection M; 4 that was designed based on the components
method in Eurocode 3-1-8 (CEN, 2005b) compared t0 My, qrq and M, , gq are

shown in Table 4.1.

The connection to beam capacity ratio M;gq/My,iqra Of the solid specimen
equals one, which falls into the category of partial-strength according to Eurocode
3-8 (CEN, 2005b). In the equal/partial strength category, the plastic deformations
occur in both the connection and the beam (Landolfo, 2022). The introduction of
the web opening (RWS) into the solid-webbed beam reduced the capacity of the
connected beam. Thus, it increased the connection-to-beam capacity ratio
M;gqi/M,qra 10 1.17 and altered the connection category from partial to full

strength.

The adopted capacity design framework was effective for obtaining the expected
performance, namely plastic deformations occurred in the web opening only. This
means that a web opening effectively constrains inelastic action in the protected
zone, away from the joint plate and the column. Henceforth, providing the web
opening is a reliable course of action that allows for full-strength connections
within the strong column/connection weak beam paradigm.

Ensuring that RWS connections retain their ability to carry gravity forces, even
after failure, is critical; especially in the aftermath of an earthquake. In this testing
campaign, a large web opening equal to 80% of the beam depth was tested; this
exceeds the limitations of the SCI P355 guidance- Moreover, as previously
mentioned, the rotation capacity is expected to be greater when deployed in
moment-resisting frames than what was observed in these tests, due to the
flexibility of the column. As a result, both the column flange and the panel zone
would contribute to inter-story drift capacity, preventing cracks in the vicinity of
the web opening. Thus, the post-earthquake capacity (e.g., shear capacity) would
remain uncompromised, as the Vierendeel capacity of the perforated section has
not been reached. The potential risks, such as vyielding or buckling of the
remaining web sections and their implications for maintaining structural integrity
in post-earthquake scenarios, are worth exploring and investigating.
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4.3.4.2 Connection Design Moment

Table 4.4 shows the ratios of the applied actions to the design/capacity values. It
is worth noting that all hogging (-ve) design capacities for all non-composite and
composite, unperforated and perforated beam sections were based on the steel
capacities (i.e., Mp;qra (EQ. 4.1) and M, , rq (EQ. 4.2) Error! Reference source n
ot found.). For RWS connections, the average ratios based on the nominal
resistance of steel solid-webbed beam (Eq. 4.1) are +1.12 and -1.00 under
sagging and hogging moments, respectively. While the average ratios based on
perforated steel (Eq. 4.2), are +1.16 and -1.04 under sagging and hogging
moments, respectively. Ratio values greater than 1 denote that the composite
slab contributes to the overall connection strength.

It is found that under sagging moment, the composite slab contributes to the
overall RWS connection strength, regardless of composite engagement. While
under hogging moments, the contribution of the composite slab was affected by
the location of the web opening. Therefore, the composite action should be
considered in the design process due to its contribution. This is because it could
jeopardize the strong column-weak beam framework, by strengthening rather
than weakening the beam, if it is not properly accounted for. Further experimental
and FE investigations are needed to verify the effect of the size and location of
web openings on the contribution of the composite slab.

For sagging moments, it can be seen that the plastic stress block method My, rq
overestimates the actual composite section strength (Table 4.4). While the plastic
bending resistance of the composite beam section at the web opening M, 4 ra
according to SCI P355 guidance, underestimates the actual composite perforated
beam section strength. In details, M,,rq based on the SCI P355 guidance
provides an overstrength by about 12%. While the plastic stress block method
My, rq does not represent the actual strength and provide less strength than the
actual one by about 32%. Hence it is important to comprehend the impact of the
composite engagement on RWS connections to consider the overstrength in both
new buildings and seismic retrofit.

Regarding moments within the Vierendeel mechanism, the design method of SCI
P355 guidance did not accurately predict the actual Vierendeel bending
resistance of the perforated beam section that was subjected to cyclic loading
(Table 4.5). Under sagging moment, the applied Vierendeel moments were lower
than the Vierendeel bending resistance by 26% for RWS connection without
composite engagement, and by 50% for RWS-H. While under a hogging moment,
the applied Vierendeel moments were, on average, 28% lower than the
Vierendeel bending resistance. This also applied to the shear resistance of the
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perforated sections as per SCI P355 guidance. On average, the applied shear
forces were 26% and 25% lower than the resistances under sagging and hogging
moments, respectively.

Table 4.5: Design resistances vs. applied actions.

RWS connections RWS-L- RWS-L RWS-H
retrofit
Steel 142.9
Vora (KN) :
Composite 161.2 160.5 160.5
e (KNm) Steel 18.2
m
vRd Composite 18.2 245
+ve 120.7 120.4 116.6
Via (KN)
ve 113 1041 103
+ve 13.43 13.40 12.98
My gq (KNm)
ve 12.58 11.59 11.46
vy Tve 0.75 0.75 0.73
Fd/ T okd ve 20.79 20.73 20.72
v Tve 0.74 0.74 0.53
vEal VR ve 20.69 20.64 20.63

Note: V,rq = shear resistance for perforated section and My pq = Vierendeel
bending resistance according to SCI P355 guidance. Vg; = maximum applied
shear force in the test. My g4 = applied Vierendeel moment in the test = Vg, L.
Where [, is equivalent rectangular opening length. My p; of RWS-L-retrofit and
RWS-L for composite sections were based on the steel sections, because there
was no composite engagement over the opening. For -ve Vig,/V,gq and -ve
My pq/My rq, Steel section resistances were used (i.e., My g4 for steel and V, gy
for steel).
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4.3.5 Strain profile across the steel beam bottom flanges

The strain profiles across the steel beam bottom flanges near the connections
and below the web openings are presented in Figures 4.29 and 4.30. It is worth
noting that the yield strain of the steel material in these tests equals 1775u. The
strain on the bottom flange near the connection for RWS-L-retrofit was beyond
the elastic limit (in yielding region), but did not reach the plastic region as
illustrated in Figure 4.9. The highest recorded strain was 2866y at rotation of
0.03rad under hogging moments. In contrast, for RWS-L and RWS-H, the highest
recorded strains on the bottom flanges near the connection were 10936u and
11241u at a rotation of 0.05rad under sagging, respectively. The higher strain
demands found in RWS-L and RWS-H were approximately 3.8 times those found
in the RWS-L-retrofit. This was due to the fact that the location of web openings
was closer to the column face in these two connections. This also implies that the
strain demand on the bottom flange near the connection was not influenced by
the composite engagement, given the negligible difference in the strain demand
observed between RWS-L and RWS-H.

Regarding the strain demand on the flange below the web opening, the highest
recorded strain was 7516u at a rotation of 0.04rad for RWS-L-retrofit. At the same
stage, the recorded strains were 8524y and 9122u at a rotation of 0.04rad in
RWS-L and RWS-H, respectively. However, the highest recorded strains in RWS-
L and RWS-H were 11907u and 12821y at a rotation of 0.05rad under hogging,
respectively. It was observed that under sagging moments, the strain demands
on the flange below the web opening did not exceed 3329u for all RWS
connections. However, the beam flange below the web opening was in the
elastic-plastic region during the cycles of 0.03rad. It was worth noting that the
strain profiles up to the end of the tests across the beam web in all RWS
connections did not exceed 1603u.
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Figure 4.29: Strain profiles for beam bottom flange near the connections.
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Figure 4.30: Strain profiles for beam bottom flange below the web openings.
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4.4 Summary

This chapter presents the results of an experimental study on demountable steel-
concrete composite RWS connections to assess their adequacy for use in
seismic areas. Four demountable steel-concrete composite connection
specimens that employed RWS were tested under cyclic loading. The key
differences among the specimens were the presence of bolted shear studs over
the web opening and the location of the web opening.

One solid-webbed specimen was tested to examine the structural performance
of retrofitted connections. This was done by cutting a hole in the web after
subjecting the specimen to cyclic loads representing moderate seismicity. The
test results showed that the RWS connections were capable of utilizing the
perforation’s location in a high shear zone. This resulted in the initiation of local
yielding in Tee-sections, leading to the dominance of the ductile (Vierendeel)
failure mode in the connected beam.

This mechanism is critical to avoid transferring excessive shear forces to the
components of such connections. The results also underscored that the
component method approach used in Eurocode 3 for joint design should include
the effect of web opening on the joint behaviour using the design guidelines of
SCI P355 guidance (Lawson and Hicks, 2011). This is due to the reliability of the
occurrence of Vierendeel failure mode.

All specimens can accommodate at least a 4% inter-story drift ratio. This would
rank the connections as highly ductile, henceforth allowing for their deployment
within Special Moment Frames, considering both AISC and Eurocode guidelines.

The size and location as well as the presence of bolted studs over the protected
zone influence the strength, rotational capacity, ductility, and energy dissipation
of RWS connections. Further experimental and numerical studies are needed to
expand data for potential prequalification in existing and next-generation seismic
codes for steel design.
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Chapter 5

Parametric Assessments

5.1 Introduction

Although physical testing provides more accurate and valuable findings, it comes
with high costs and is time-consuming. Also, it is impossible to cover the whole
range of parameters that are needed for a complete investigation in an
experimental study. Finite element (FE) analysis offers acceptable and practical
alternatives. However, FE analysis still requires physical testing for
benchmarking to be employed for further investigations. Therefore, high-fidelity
FE models were developed to simulate the structural behaviour of the four
demountable composite RWS connections that were conducted in Chapter 4.

This chapter investigates the cyclic behaviour of demountable steel-concrete
composite reduced web section (RWS) connections. The complex hysteresis
behaviour of bolted extended end-plate RWS connections is a result of multiple
deformable components, making their prediction challenging. To enhance
understanding, a high-fidelity FE model was developed, focusing on parameters
and, specifically, the presence of composite action over the web opening,
diameter, and the end-distance of the web opening. The study, encompassing
285 FE models, aims to quantify and assess the hysteretic response
characteristics of RWS connections.

Numerical simulation techniques using the ABAQUS were defined to best
replicate the hysteretic behaviour observed in the experimental findings. These
techniques also aimed to reduce analysis running time and conserve computer
storage without compromising the accuracy of results. Many of these techniques
are generally based on the numerical techniques employed in Chapter 3. These
include element types, modelling contact interactions, creating partitions,
meshing, geometric and material nonlinearities, as well as boundary and loading
conditions. For the sake of completeness and convenience, a brief description of
these techniques is presented in this chapter, considering the distinctions in the
conditions of the test setup and the specimens reported in Chapter 4.
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5.2 Finite element model validation

5.2.1 Numerical modelling

The geometrical and cross-sectional details of the four tested specimens are
reported in Chapter 4. In the numerical simulations, a combination of shell (S4R)
and solid elements (C3D8R) with reduced integration was employed. The
concrete slab, bolts, and bolted shear studs were modelled with 8-node solid
elements with reduced integration (element type C3D8R). All other elements
were modelled with 4-node shell elements with reduced integration (S4R), as
shown in Figures 5.1 and 5.2. The reinforcement steel bars were modelled using
a truss element (2-node linear, T3D2), which can carry only tensile and
compression loads and exclude any resistance to bending.

T f—’_'—\_//—“—\ /—ﬂ—.‘ ~ o~ s

Figure 5.1: Top and side views of FE model with and without slab (shell
thickness is not shown).



135

Figure 5.2: FE model showing meshes and partitions.

Tie constraints were applied to simulate the welding between steel elements.
Normal and tangent interactions were employed between steel-to-steel elements
by defining hard contact and formulation of a friction coefficient equal to 0.2
(which corresponds to the case of untreated rolled surfaces (CEN, 2005a)) and
with a finite sliding approach. Tie contact was considered between the reinforced
concrete slab and metal deck to avoid numerical instabilities in some parametric
FE models, instability which can lead to early termination of the analysis. Also,
this modelling technique was adopted to decrease computational time in
parametric FE models.

Based on the mesh sensitivity study conducted in Chapter 3 to assess the time,
storage, and accuracy of the results, the mesh size for steel, slab, bolts and
bolted studs is equal to 30, 50, and 7.5 mm, respectively. A mesh size equal to
20 mm was selected for the main beam with a distance of 600 mm near the
connection, as high stresses/strains were expected. The total number of
elements was 35,551. These FE modelling techniques were defined to best
simulate the hysteretic behaviour of the experimental tests in Chapter 4 and to
limit the analysis running time between 11 and 15 hours (i.e., one session on the
High-Performance Computer).

The boundary and loading conditions, including the gravity load, were employed
in FE models to simulate the ones in the experimental tests in Chapter 4, as
illustrated in Figure 5.3. Furthermore, preloading forces were applied to simulate
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the tightening of bolts and bolted studs using the “bolt load” (see Figure 5.3). The
distribution of residual stresses obtained from testing the solid specimen was
applied to the validated FE model of RWS-L-retrofit in order to simulate the effects
of moderate seismicity for rehabilitation purposes. Eigenbuckling analyses were
initially performed before the main analyses. The first modes were scaled by the
recommended factor of tw/200 in accordance with (Tsavdaridis and D’Mello,
2009) to introduce geometric imperfections accounting for typical local
manufacturing tolerances.

Ux:Uy=Uz:0 Ux:Uy:Uz:O

URx = URy = UR; = 0 URx = URy = UR; = 0

>Rp

Ux:Uy=Uz=O

Gravity Load

Preloads of Bolts and Bolted Studs

Figure 5.3: Boundary and loading conditions.
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5.2.2 Material model

The same models that were adopted in Chapter 3 were employed and described
herein. Material non-linearities were adopted by employing a combined isotropic
and kinematic material-hardening model from ABAQUS for all steel elements,
including bolts and bolted shear studs, as shown in Figures 5.4 and 5.5. The
average values of tensile tests for the beam web and flange were considered,
and nominal values of material properties were taken from the manufacturer’s
specifications. Three points from stress-strain curves were used to reduce
computational time and storage requirements, as shown in Figures 5.4 and 5.5.
The ultimate strain (g,) was equal to 15¢,, for all steel elements and 10¢,, for bolts
and bolted shear studs. While &,. was set to 0.2 for all steel elements and to 0.05
for the bolts and bolted shear studs. The ductile damage option was used to
consider the effect of the cracks that occurred in the vicinity of the web opening
during the experimental tests. The values of ductile damage were extracted, as
described in the ABAQUS manual, from the tensile tests of beam web that were
conducted in the literature. An elastic-perfectly-plastic model was adopted for
metal deck and rebar, with strain hardening equal to E;, = E/80 (Chaudhari,
2017). The concrete slab was modelled using a concrete damaged plasticity
(CDP) model based on a constitutive law of EC2 (CEN, 2004) and exponential
tension softening (Cornelissen et al., 1986) to simulate the concrete crushing and
cracking, respectively (see Figures 5.6 and 5.7). The average value of three
compression cylinder tests of concrete was used with the axial tensile strength f,
taken as 10% of the compressive strength of f.. 31.28 MPa (Qureshi et al.,
2010).
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Continuity and Doubler Plates - thickness = 12mm (E= 200000 MPa)
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Figure 5.7: Compression and tensile damage curves.

5.2.3 FE verification

The FE assumptions outlined in previous sections were verified using the cyclic
experimental results. Figure 5.8 presents a comparison of the moment-rotation
relations at a column face derived from the experimental and FE results. The FE
models exhibited behaviour similar to the experimental findings in terms of
yielding, stiffness degradation, energy dissipation, and failure modes, as shown
in Figures 5.8 - 5.10. The maximum deviation in sagging values between FE
simulations and experimental tests ranges between 3% and 6%. Meanwhile, the
maximum deviations of 4% were calculated for the hogging capacities. Overall,
the FE models effectively reproduce the experimental findings and can be
employed in the parametric investigation.
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Figure 5.8: Benchmarking of the FEM hysteresis cycles.
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Figure 5.10: Failures of RWS-H.

5.3 Parametric investigation

5.3.1 Parameters

Following the FE modelling validations, 285 parametric FE models were
developed for RWS connections with various configurations, as shown in Table
5.1. Moreover, three FE models of solid-webbed connections (without web
opening) were developed for comparison purposes. Table 5.1 presents the three
parameters selected to investigate the effect of the presence of composite action
over the plastic zone (i.e., web opening) on the performance of a steel-concrete
composite bolted extended end-plate RWS connection subjected to cyclic
loading. The selection of these parameters facilitates the non-dimensionalisation
of all RWS connection results. This allows for creating extensive databases that
can be used to develop numerical models and design guidelines for RWS
connections, following European Standards.

In this study, the end-distance (S,) complies with SCI guidance which specifies
the minimum width of the end-post from the column face to the edge of the web
opening. The FE models with a web opening diameter d, of 50% of the beam’s
depth (h) start with an end-distance S, equal to 50% of h to comply with SCI P355
guidance. Similarly, for FE models with d,= 0.55h, start with S, is equal to 0.55h.
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This guide applies to all different diameters considered in the study. The presence
and absence of bolted shear studs above the web opening were used to classify
the specimens as having high (H) or low (L) composite action, respectively,
according to Eurocode 8-1 clause 7.7.5 and ANSI/AISC 358-16 (CEN, 2005d;
ANSI/AISC 358-16, 2016). The steel elements and concrete slab were kept the
same as in the experimental tests in Chapter 4, regarding dimensions and
material grades.

Table 5.1: Parameters.

. ** 2) End-
*
1) Diameter d, distance S,
3) The presence of
%uorgzlesr icr)]f composite action over the
[0) 0, i i
Yo mm | och set of Yo mm web opening (3 Categories)
diameters
50% | 155 15 50% 155 Yes - High composite action
55% | 171 14 55% 171 No- Low composite action
60% | 186 13 60% 186 without composite slab
65% | 202 12 65% 202 | Note: High composite action =
70% | 217 11 20% 517 there are bolted shgar studs
over the web opening. Low
72%™ | 223 11 72%™ | 223 | composite action = no bolted
7506 | 233 10 7504 533 sheal_r studs_ over the W_eb
opening. Without composite
80% | 248 9 80% 248 | slab = steel RWS connection.
Total 95 85% 264 h = helght of the beam; SOdO:

: means the diameter of the web
Number of models in 90% 279 opening is equa| to 80% of h;

each set of diameter x 3 80S, = means the end-
: . 95% | 295 |80So =

Categories (1-High, 2-Low distance is equal to 80% of h. *
and 3-Without composite | 100% | 310 | Fg models with d,= 50% starts
slab) 105% | 326 | with S, =50%, FE models with

Total parametric models d,= 55% starts with §, = 55%

=3x 95 =285 110% | 341 | 4nd so on.
115% 357

** All models were compiled to
120% | 372 | SCI P355 guidance in terms of
the width of the end-post. ***
Maximum web opening
diameter considering the depth
of Tee section limitation in
accordance with SCI P355
guidance. Therefore, d,= 75%
and 80% are beyond SCI P355
guidance




144
5.3.2 Connection performance characteristics

This section evaluates the RWS connection's essential characteristics based on
the deduced performance parameters of interest, including its stiffness, bending
strength and ductility.

5.3.2.1 Deduction of performance parameters

Different methods exist in the literature for determining the yield point on the
hysteresis moment-rotation curve; this research employs a specific approach
detailed in Figure 5.11. The Ibarra—Medina—Krawinkler (IMK) model (Ibarra et al.,
2005) was employed to consistently assess selected response (both strength and
deformation) parameters influencing the cyclic response of RWS connections.
For consistency with previous experimental and FE studies, the moment is
defined as the moment at the column face, and the rotation represents the total
rotation of the connections. First, the skeleton moment-rotation (M — 8) curves
derived from the hysteretic curves of 285 FE models of bolted RWS connections
were employed to identify the hysteresis characteristic points, as shown in Figure
5.11. The skeleton (M — 0) curves, taken at the column face, illustrate the
hysteretic behaviour of beam web opening as one component of the extended
end-plate RWS connection to be incorporated into the component method
adopted in Eurocode 3 Part 1-8 (CEN, 2005b).

Figure 5.11 illustrates the stages of defining the following strength and
deformation parameters of the M — 8 curves using the IMK model (Ibarra et al.,
2005):

e The effective yield moment (M,,.) and its corresponding rotation (8,).

e The maximum moment resistance ( M,,) and its corresponding rotation

(Om)-
e The ultimate moment (M,,) and its corresponding rotation (8,,).

e The elastic (K,), strain-hardening (K,) and post-capping (K.) stiffnesses.

The first parameters to be defined in a hysteretic curve to draw skeleton M-0
curves are the initial stiffness (K;) of hysteretic curve and the maximum moment
strength (M,,,)). The initial stiffness (K;) of the hysteretic curve is calculated by
dividing the first cycle's moment by its rotation (K; = M;/6;). Knowing K; and
M, rq, the effective yield moment (M,,) is defined as the point of intersection
where the tangent line drawn at the point of maximum moment strength (M,;, gq)
intersects with the line representing the initial stiffness. Then, all corresponding
rotations (i.e., 8, and 6,,) can be defined accordingly. The elastic rotational

stiffness (K,.) can be defined by the yield moment by its corresponding rotation
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(K = M,./0,). While the strain-hardening stiffness (K;) and post-capping

stiffness (K.), are calculated by the following equations:
_ Mm_Mye

Ks = Bm——ay Eq 6.1
K, = ’Z::’Z: Eq. 6.2

In this research, the plastic moment resistance of the connection M g4 is
represented by the effective yield moment (M,,). The ultimate moment strength
(M,) represents the moment of the last cycle in cases where the strength
degradation occurs. If skeleton M — 6@ curves do not experience strength
degradation, M,, would be equal to the maximum moment strength (M,,,).



1 - Typical hysterestic M-8 curve at column face
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2 - Skeleton M-8 curve at column face
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5.3.2.2 Stiffness and bending resistance

Eurocode 3 classifies connections based on their stiffness and strength (CEN,
2005b). In unbraced frames, a connection's stiffness is classified as semi-rigid if
its initial stiffness (S ini ec3) falls between 0.5 Epl, /L, and ky, Epl, /Ly, Where ky,
is equal to 25 for moment-resisting frames (MRFs), E, represents the measured
steel beam elastic modulus, I, is the beam moment of inertia about the section’s
major axis, and Ly is the beam length between column centerlines. It is obvious
that the Eurocode 3 component method tends to overpredict the elastic stiffness
(K.) as shown in Figures 5.12 and 5.13. This observation aligns with the findings
of Ding and Elkady (2023). The average difference between the initial stiffness in
accordance with Eurocode 3 component method (S ;n; £c3) and the initial stiffness
of the first cycle (K;) were about 0.29 and 0.25 under sagging and hogging,
respectively. While the average differences between S;;,;gc3 and the elastic

stiffness (K,) based on the IMK model, was roughly 0.23 in both directions.

For strength classification, the connection can be categorised as either full-
strength or partial-strength based on the capacity design ratio between the
connection and the connected steel beam. According to the European projects of
EQUALJOINTS and EQUALJOINTS-Plus (EJs), the connection can be classified
as equal-strength if the capacity design ratio equals 1 and the plastic
deformations occur in both the beam and the connection (Landolfo, 2022;
D’Aniello et al., 2023). The findings of EJs projects are adopted in the new
generation of Eurocodes. In the current Eurocode 3-1-8 (CEN, 2005b), an equal-
strength connection is categorised as a partial-strength connection. In this
research, the connection was designed as equal-strength, based on the nominal
plastic bending capacity (M,;qra), Of the connected steel solid-webbed beam,
without considering the composite action contribution. Thus, the incorporation of
web opening alters the strength category of the connection from equal to full
strength due to the reduced section.
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0.72, 0.75 and 0.8h.

Based on the skeleton curves in Figures 5.12 and 5.13, the average difference
between the sagging and hogging strengths was approximately 6%. This was
due to the presence of a composite slab, leading to asymmetric behaviour.
Another consideration is the fact that the composite slab typically enhances the
bending strength of the steel beam. Consequently, the bending strength of the
composite beam might surpass that of the column, forcing the plasticity to occur
within the column, potentially resulting in local story collapse mechanisms (Elkady
and Lignos, 2014). In addition, the growth in bending strength of the connected
composite beam increases the shear force demand on the column panel zone
(Elkady and Lignos, 2014). The increased demand could lead to significant
inelastic shear deformations to the column panel zone of interior joints and may
cause brittle failure of the welds between the bottom flange of the steel beam and
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the column face (Zhang et al., 2004). In such scenarios, the bending strength of
the steel beam could be significantly reduced. This mechanism is not ideal for
energy dissipation. The seismic behaviour of the joint, including the panel zone’s
contribution is beyond the scope of this study, but worth to be investigated with
RWS connections.

In this study, the effective yield (plastic) strength ratio (M, /M, 4 rq) is employed
to evaluate the plastic strength of a connection. All connections (both with and
without web opening) developed average strengths of 0.97 and 0.90 My, q g for
those with low composite action and 0.96 and 0.87 M4 rq for those with high
composite action, under sagging and hogging, respectively. All bare steel
connections could achieve the nominal plastic strength of the connected beam
My, o rq- The effective yield moments (strengths) M, of bare steel connections
exceeded those with composite slabs. This was expected due to the earlier
yielding of the connections with composite slabs, which arises from the increased
strain demand on the bottom beam flange. However, the maximum applied
moments (M,, = M) of composite connections (both with low and high action)
were higher than those for bare steel beams. This is attributed to the presence of
composite slab, which increases the strength of the beam, but, as
aforementioned, results in an early yielding of the section.

Beyond the effective yield (plastic) strength, all connections developed a
maximum moment (M, = My) of 1.23 M,; 4 rq in sagging and 1.16 M,;, g4 in
hogging, on average. The minimum normalised moments (M,,,/M,;,ra) Were
1.02 and 0.98 in sagging and hogging strengths, respectively; while the maxima
for M,,/M, ,ra Were 1.31 and 1.22 in sagging and hogging strengths,
respectively. This variation was highly dependent on the location and size of the
web opening, as shown in Figure 5.14. This observation is consistent with
previous studies on RWS connections (Yang et al., 2009; Li et al., 2011,
Tsavdaridis et al., 2014; Tsavdaridis and Papadopoulos, 2016; Naughton et al.,
2017; Erfani and Akrami, 2017; Momenzadeh et al., 2017; Shaheen et al., 2018;
Boushehrietal., 2019; Zhang et al., 2019; Nazaralizadeh et al., 2020; Tsavdaridis
et al., 2021; Tabar et al., 2022).
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5.3.2.3 Hysteretic response

The design of all RWS connections was based on the nominal plastic bending
capacity M, , ra, Of the connected steel solid-webbed beam of a partial-strength
connection, without considering the composite action contribution according to
Eurocode 3, Eurocode 4, and Eurocode 8 (CEN, 2005a; CEN, 2005b; CEN,
2005c; CEN, 2005d). As it was aforementioned, the strength category of the
connection changed from partial to full strength due to the perforated section. In
partial-strength connections, the deformations occur in the connection, leading to
the pinching mechanism characterised by the reduction in stiffness during
reloading after unloading, along with stiffness recovery when displacement is
imposed in the opposite direction (FEMA P440a, 2009; D’Aniello et al., 2017).
Such a mechanism is associated with the opening and closing of gaps between
the end-plate and column flange, which could result in a large reduction in the
energy dissipation capacity (FEMA P440a, 2009; D’Aniello et al., 2017).
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The pinching mechanism occurred in all solid-webbed connections as well as in
RWS connections with diameters equal to 0.5k to 0.65h. Figure 5.15 shows that
the pinching mechanism in composite RWS connections with a diameter (d,) and
end-distance (S,) equal to 0.65h, was eliminated in the last two cycles of 0.05rad.
This elimination was due to the late full plastification of the perforated section
(Vierendeel mechanism), which limited the inelastic deformation in the extended
end plate. This can be seen in Figure 5.16, which shows the development of two
plastic hinges on the low moment side (LMS). It is worth noting that the LMS is
located to the right of the web opening in the cantilever setup. However, the
pinching effect became more pronounced when end-distance (S,) increased in
the composite RWS connections with a diameter (d,) equal to 0.65h. While all
RWS connections with diameters equal to 0.5h to 0.60h, exhibited pinching
behaviour, with no signs of the Vierendeel mechanism developing. In this study,
all solid-webbed connections and RWS connections with d, ranges from 0.5k to
0.65h, did not experience strength degradation up to 0.05rad where the analysis
was stopped to optimise the computational time and storage.
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Figure 5.16: The development of two plastic hinges in LMS.

When the web opening size increases, it has been observed that the pinching
effects become less noticeable. As a result, the connections experience a cyclic
strength degradation, as depicted in Figure 5.17. FEMA 440 (FEMA P440a, 2009)
differentiates two types of cyclic strength degradation that a structural system
might exhibit, namely cyclic degradation and in-cycle degradation (FEMA P440a,
2009). The former occurs in the subsequent loading cycle due to increasing
inelastic displacement, while the latter takes place within the same loading cycle
because of repeated cyclic displacement. Generally, the cyclic strength
degradation could lead to a stable dynamic response of a structural system
(FEMA P440a, 2009). In contrast, in-cycle strength degradation might induce
dynamic instability in the structural system (FEMA P440a, 2009). All RWS
connections experienced cyclic strength degradation, with reductions in strength
not exceeding 20% before reaching 0.04rad. Consequently, they satisfy the
seismic requirements of ANSI/AISC 358-16, ANSI/AISC 341-16 and Eurocode 8
(CEN, 2005d; ANSI/AISC 358-16, 2016; ANSI/AISC 341-16, 2016).
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Figure 5.17: The effect of web opening size on the pinching
mechanism.

Consistent with the findings presented in Chapter 3, it has been found that the
efficiency of medium to large web opening sizes in triggering the Vierendeel
mechanism in composite RWS connections. Herein, RWS connections with
diameters equal to 0.7h to 0.8h, respectively, were able to make the reduced
section the main resources of the plasticity. The RWS connections with diameters
equal to 0.7h and 0.72h comply with SCI P355 guidance limitations in terms of
the web opening size, while the web opening with diameters equal to 0.75h and
0.8h are outside that range. Both sets perform satisfactorily and provide an ideal
structural behaviour in terms of stress distribution under cyclic loading without
significantly compromising the connection capacity, provided that a suitable

-0.02 0

Rotation (rad)

location for the web opening is chosen.
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5.3.2.4 Ductility and energy dissipation

Ductility and energy dissipation are key seismic response characteristics that
need to be present in critical structural elements, aiming for reliable load transfer
and redistribution within a structure under seismic loads. Both ductility and energy
dissipation are interrelated for the seismic performance of MRFs. The former
evaluates the ability of a material or structure to undergo large inelastic
deformation without significant reduction in strength and is quantified as the ratio
of the ultimate rotation to yield rotation (Bu/By). Energy dissipation, on the other
hand, assesses the structure's capability to release seismic energy. This is
achieved through the development of plastic hinges at predefined locations,
which aim to minimise the force transmitted to the structure, thereby preventing
accumulated damage. This attribute can be calculated by examining the area
enclosed under the outer loop of the hysteresis loops at ultimate rotation.

Figures 5.18 and 5.19 illustrate the effect of web opening size on both ductility
and energy dissipation, respectively. RWS connections with high composite
action exhibit the highest ductility ratios, as a result of early initiation of yielding
due to the high strain demand on the beam’s bottom flange. Also, this high strain
demand led to a greater ductility under hogging moment in RWS connections with
high composite action. The difference between RWS connections with the high
and low composite action is approximately 4% and 5%, on average, under
sagging and hogging moments, respectively. The outlier in the RWS connection
is with a diameter equal to 0.75h, due to an early termination of the analysis at
0.04rad under a hogging moment. However, this should not distort the
observation that as the web opening size increases, the ductility also increases.
Conversely, ductility decreases as the web opening location moves away (i.e., as
end-distance increases). Non-composite RWS connections exhibit lower ductility
ratios compared to composite connections. This is likely due to their relatively
high yield rotations, which aligns with the findings of Shaheen et al. (2018).

Regarding energy dissipation, RWS connections with low composite action
exhibit the highest values when the diameter ranges from 0.72h to 0.8h among
all connections. For diameters ranging from 0.5h to 0.7h, connections with high
composite action dissipate more energy than their counterparts with low
composite action. This observation is also consistent for connections with solid-
webbed beams. For connections with non-composite slabs, the dissipated energy
increases as the web opening size increases. As observed with the ductility
predictions, the dissipated energy decreases as the location of the web opening
moves further away, or in other words, as the end distance increases. Among all
connections, the solid-webbed beam connection has the lowest energy
dissipation values. Therefore, it can be concluded that incorporating web
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openings effectively enhances energy dissipation through the plastification of the
reduced section (i.e., the Vierendeel mechanism).
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Figure 5.18: The trend of the ductility vs diameter (on average).



158

Dissipated Energy vs Diameter for High-composite
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Figure 5.19:The trend of the dissipated energy vs diameter (on average).

5.3.2.5 Contribution of the composite slab

Figure 5.20 showcases the contribution of the composite slab to the overall
strength of the connections under sagging. This is unlike when the connection is
under hogging. Due to the presence of the composite slab, the cyclic response
of connection is asymmetric, unlike bare steel counterparts, which behave
symmetrically under reversed loading. In simpler terms, when the connection is
under compression, the composite slab (top section of the composite beam) is
active. In contrast, when the connection is under tension, only the steel section
is active.
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145 Composite Slab Contribution vs Diameter for High-composite
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Figure 5.20: Contribution of composite slab to maximum
strength of the connections (on average).

Despite this, the maximum strengths of the connections were slightly similar
between the RWS connections with and without bolted studs over the web
opening (protected zone), for most diameter sets (i.e., 0.5h to 0.7h). This
similarity can be attributed to the elimination of contact between the concrete
slabs and the extended end-plates and columns (i.e., 25mm gap) in all
connections. This 25 mm gap restricts the force transfer from the concrete slab
to the extended end plates and columns. Consequently, the additional row of
bolted shear studs provided in the RWS connections with high composite action,
does not affect the overall strength of the connection, although it did have an
impact on ductility in which the presence of composite action leads to early
yielding.

For RWS connections with diameters ranging from 0.72h to 0.8h, the contribution
of the composite slab increases in both sagging and hogging directions. With
RWS connections of diameter of 0.8h, the composite slab contributes, on
average, 5% to the overall strength. It is also observed that as the web opening
location moves further away, the contribution of the composite slab increases.
This observation aligns with the previous study of Shaheen et al. (2018) and with
Chapter 3 on composite RWS connections. These findings suggest that, in
general, when using bolted shear studs, the strength of the composite connection
is more predictable than with the traditional welded shear studs, which could
contribute up to a 60% contribution (Shaheen et al., 2018). Another key
observation is that the level of damage (in the form of cracking and crushing)
remained minimal, largely because of the oversized holes for bolted shear studs.
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5.3.2.6 Applicability of SCI P355 guidance

The hysteresis behaviour of bolted extended end-plate RWS connections with
demountable composite slabs can arise from complex deformations that span
multiple connection components (e.g., web opening, end-plate, bolts, etc.). Given
the range of components that may undergo deformation in elastic and plastic
regions, predicting the hysteresis behaviour of such connections could be
challenging. In the literature, there is no consensus on computing the moment
capacity of RWS connections (Mg s ra)-

In this study, the IMK model (Ibarra et al., 2005) is employed to determine the
effective yield moment (M,.) representing the moment capacity of RWS
connections. This approach is followed because the design guidance in Eurocode
3 (CEN, 2005a) and SCI P355 guidance rely on the nominal (or measured) yield
strength (f,) to compute the expected capacity of a member. The expected

plastic bending capacity of a steel beam is typically defined based on the nominal
(or measured) yield strength (f,) multiplied by the plastic section modulus of the
major axis (Z) in accordance with Eurocode 3 (CEN, 2005a). Additionally, the
bending of the beam at the opening (M,, rq) as per SCI P355 guidance
(excluding the composite slab contribution) is determined as the product of the
following;

I. area of the two Tee sections (Are,);
ii.  the yield strength (f,); and,
iii.  the effective depth between the centroid of the Tees (h.y;).

Although the effective yield moment (M,,) typically is slightly higher than the
connection’s expected moment capacity (M; rq) (Lignos and Krawinkler, 2011),
the M, of the skeleton M — @ curves is a reasonable estimation of the moment
capacities of RWS connections. The difference between the maximum moment
M., and the effective yield moment (M,,) can be considered as the additional
strength possessed by the connection due to strain-hardening and second-order
effects that develop resulting from deformations across multiple connection
components.

The effective yield moments (M,,) obtained from the skeleton M — @ curves are
compared with the bending of the beam at opening (M, 4 rq) In accordance with
SCI P355 guidance. The outcomes indicate that the M,./M,qgqs have an
average (p), standard deviation (o), minimum (min), and maximum (max) of 1.06,
0.03, 0.95 and 1.13 under sagging, respectively. The ratio of M,,/M, q gq Under
hogging, u, ¢, min and max of -1, 0.05, -0.89 and -1.1, respectively. A general
tendency is detected that the SCI P355 guidance could predict the moment
strength of bolted extended end-plate RWS connections with demountable
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composite slab under cyclic loads. The findings show an acceptable strain-
hardening ratio M,,/M,,, of 1.26, on average. Table 5.2 displays the average (),

standard deviation (a), minimum (min), and maximum (max) for different sets of
diameters.

Table 5.2: Statistics for different sets of diameters based on the ratio of
Mye/Mo,a,Rd-

Composite average p max min o
d, | (H/L)/Non-
composite +ve -ve tve | -ve | +ve | -ve +ve -ve
High 1.02 -0.93 |[1.02|1.00|-091|-0.93| 0.01 0.01
50 Low 1.05 -0.96 |1.05|1.04|-0.95|-0.97 | 0.00 0.00
Non-comp 1.06 -1.05 |1.07|1.06 |-1.05|-1.06 | 0.00 0.00
High 1.03 -0.94 |1.04|1.01|-092|-0.95| 0.01 0.01
55 Low 1.06 -0.97 |1.07|1.05|-0.96|-0.98| 0.01 0.01
Non-comp 1.07 -1.06 |1.08|1.07 |-1.06 |-1.07 | 0.00 0.00
High 1.04 -0.95 |1.06|1.01-0.93|-0.96| 0.02 0.01
60 Low 1.07 -0.98 |1.08|1.05|-0.96|-0.99| 0.01 0.01
Non-comp 1.09 -1.07 | 1.09|1.07 | -1.06 | -1.08 | 0.01 0.01
High 1.05 -0.96 |1.07|1.00|-0.93|-0.97| 0.03 0.02
65 Low 1.07 -0.99 |[1.09|1.04|-0.96|-1.00| 0.02 0.02
Non-comp 1.09 -1.08 |1.10|1.08 |-1.06|-1.09| 0.01 0.01
High 1.05 -0.96 | 1.09|0.99|-0.92|-0.98| 0.04 0.02
70 Low 1.06 -0.98 [1.09|1.03|-0.95|-1.01| 0.02 0.02
Non-comp 1.09 -1.08 |1.11|1.07|-1.06|-1.10| 0.01 0.01
High 1.05 -0.96 |1.10|0.98 |-0.92|-0.98| 0.05 0.02
72 Low 1.05 -0.98 | 1.08|1.02|-0.95|-1.01| 0.02 0.02
Non-comp 1.09 -1.07 |1.10|1.07|-1.05|-1.09| 0.01 0.01
High 1.05 -0.96 |1.12|0.97|-0.92|-0.99| 0.05 0.02
75 Low 1.04 -0.97 |1.06|1.01|-0.93|-1.00| 0.02 0.02
Non-comp 1.07 -1.06 |[1.09|1.06 |-1.04|-1.07| 0.01 0.01
High 1.04 -0.95 | 1.13|0.95(|-0.90|-0.98| 0.07 0.03
80 Low 1.00 -0.95 |[1.02|0.97|-0.89|-0.99| 0.01 0.03
Non-comp 1.04 -1.02 |1.05|1.02|-1.00|-1.03| 0.01 0.01

Note: d, = diameter, u = average and ¢ = standard deviation.
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Figure 5.21 shows the average change in the Vierendeel ratio M,/M, grq
(excluding the composite slab contribution) as diameter changes. It is observed
that as the web opening size increases, the Vierendeel ratio also increases.
Furthermore, the contribution of the composite slab to Vierendeel capacity grows
as the web opening size increases. However, the end-distance (S,) has only a
trivial effect on the Vierendeel capacity. It can be concluded that SCI P355
guidance overestimates the Vierendeel bending capacity of the RWS
connections. Further data incorporating varied geometric and material
parameters is essential to confidently assess the Vierendeel bending capacity of
the RWS connections.
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Figure 5.21: The change in Vierendeel ratio vs the change in diameter (on
average).

5.3.2.7 Capacity design ratio

All RWS connections were designed based on the connected steel solid-webbed
beam section strength M, rq, Of @ partial/equal strength connection, without
considering the composite action contribution according to Eurocode 3, Eurocode
4, and Eurocode 8. Aiming that the incorporation of web opening alters the
strength category of the connection from partial to full strength due to the
reduction in the strength of the connected steel beam section. However, there is
no consensus in the literature on the extent of reductions in strength which arise
due to the size and location of the web opening.
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Knowing the amount of reduction in the moment capacity of the connected beam
will change the capacity design ratio of the column/connection to the connected
“steel-concrete composite” beam. This is significant in the retrofit of the existing
buildings to optimise the resources in choosing the better size and location of the
web opening to achieve the required capacity design ratio. Many studies have
demonstrated the ability of a large web opening in the high shear zone to develop
a ductile (Vierendeel) mechanism (Yang et al., 2009; Li et al., 2011; Tsavdaridis
et al., 2014; Tsavdaridis and Papadopoulos, 2016; Naughton et al., 2017; Erfani
and Akrami, 2017; Momenzadeh et al., 2017; Shaheen et al., 2018; Boushehri et
al., 2019; Zhang et al., 2019; Nazaralizadeh et al., 2020; Tsavdaridis et al., 2021;
Tabar et al., 2022). However, this is not always the case, as Shaheen et al. (2018)
concluded that small to medium web opening sizes should be considered owing
to the negative impact of large web openings on the cyclic behaviour of composite
RWS connections. The findings of the experimental and FE studies in Chapters
3 and 4 highlighted the importance of the capacity design ratio in the design of
RWS connections. Thus, understanding the capacity design ratio as well as the
composite action effects on the seismic performance of the RWS connections is
critical for both new and existing buildings.

Figure 5.22 presents a comparison between the full-strength connection and the
equal/partial-strength connection. Both connections are identical in terms of the
presence of composite action over the protected zone, as well as the size and
material of steel and concrete sections. The only difference lies in the thickness
of the end plates; the full-strength connection has a thickness of 30mm, while the
eqgual/partial-strength connection has a thickness of 20mm. This resulted in a 5%
increase in the capacity of the connection. The comparison has been conducted
using small-to-medium diameters of web openings (0.5h, 0.55h, and 0.65h). The
pinching phenomenon occurred in both types of solid-webbed connections. In the
partial/equal strength connection, the extended end-plate is the main source of
plastic deformation, hence the pinching effect is more pronounced than in the full-
strength connection. As the diameter increases, the pinching effects diminish,
especially in the full-strength connection. This is consistent with the findings in
Chapter 3 that proved the efficiency of introducing the web opening to alter the
strength category and make the reduced section in the beam the main element
to dissipate energy by developing plasticity. The results confirm the findings of
Shaheen et al. (2018) regarding the small-to-medium web opening sizes, as the
high capacity design ratio was provided. It can be concluded that when a high-
capacity design ratio is provided, low to medium web opening sizes should be
used and vice versa. However, the capacity design ratio should be further studied
to better comprehend it. It is worth noting that large diameters have not been
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used in this comparison as their efficiency in inducing yielding in the beam has
been established, provided that the proper location is chosen.
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5.4 Summary

The hysteretic response characteristics of demountable steel-concrete composite
RWS connections have been quantified and assessed in this chapter. This
assessment is based on a comprehensive parametric high-fidelity FEA database
that comprises 285 models. The parametric results were subsequently employed
to gain a better understanding of the local cyclic behaviour of composite RWS
connections. It is important to note that the findings of this study are confined to
the specimens and design assumptions used in this research. Response
parameters derived from skeleton moment-rotation M-8 relationships, including
stiffness, strength, and ductility, were evaluated. Additionally, the contribution of
the composite slab to the overall strength of the RWS connection was
investigated by comparing the composite RWS connections to their RWS steel
counterparts. Both the bending moment M, , g and Vierendeel bending M,, g4

capacities, in accordance with SCI P355 guidance, were also assessed. From
available trend plots and hysteretic results, the following major conclusions could
be drawn from this study:

e As the web opening size increases, the pinching effects diminish.

¢ RWS connections with diameters equal to 0.7h to 0.8h, efficiently triggered
the Vierendeel mechanism under cyclic loads.

¢ Ductility increases with the increase of the size of the web opening but
decreases as the end distance increases.

e RWS connections effectively enhance energy dissipation through the
plastification of the perforated section.

e For composite RWS with diameters set equal to 0.7h to 0.8h, ductility and
energy dissipation increase up to 13% and 57%, respectively, with a
reduction in capacity up to 19%, compared to a solid-webbed connection.

e The decision to incorporate a web opening should consider the capacity
design ratio between the column, connection, and beam.

¢ In this study, an equal capacity design ratio between the connection, and

beam, was used, and



166

» For RWS connections with the presence of composite action, the
ideal dO/SO ratio is 1.

» For RWS connections with the absence of composite action, the
ideal dO/SO ratio between 0.8 and 1 is recommended, provided that

the end-post distance adheres to the requirements specified in SCI
P355 guidance.
The presence of bolted shear studs over the protected zone influences
ductility, potentially leading to early yielding of the perforated section.
The strength of composite RWS connections with bolted shear studs is
more predictable than that with traditional welded shear studs. On
average, a demountable composite slab contributed about 5% to
maximum strength.
The SCI P355 guidance could be employed to estimate the bending
moment at the opening of RWS connections with demountable composite

slabs under cyclic loads.
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Chapter 6

Capacity Desigh Assessment

6.1 Introduction

The main focus of this chapter is to assess how the capacity design ratio affects
the response of both bare-steel and steel-concrete composite reduced web
section (RWS) connections in terms of ductility, energy dissipation, and
equivalent viscous damping. Three main steps were pursued as follows:

i. Utilisation of validated Finite Element (FE) models

The chapter begins by leveraging two FE models validated in Chapter 3. A new
parametric study was conducted using New Zealand steel section profiles, the
same as those used in the Chaudhari et al. (2019) tests. This was a significant
shift from the previous parametric study’s approach in Chapter 3, where the
European section profiles were used. The rationale for reverting to New Zealand
sections in Chapter 6 was to enrich and diversify the existing database, thereby
broadening the range of steel sections analysed and facilitating a more
comprehensive analysis of RWS connection behaviour.

ii. Analysis of parametric study results from Chapter 5

The chapter then delves into an in-depth analysis of the results obtained from the
parametric study conducted in Chapter 5. The first two steps (i and ii) were
analysed together which served as a reliable starting point for assessing the
response of single-sided and double-sided RWS connections.

iii. Compilation and extrapolation of literature data

Lastly, the chapter includes a comprehensive compilation and extrapolation of
both experimental and numerical non-dimensionalised results from existing
literature with results derived from Chapter 3 (European sections). This effort was
aimed at further investigating the characteristics of RWS connections. By
integrating and extrapolating this data, the chapter contributes to a more robust
and expansive understanding of RWS connections, supporting the development
of improved design practices and standards in seismic engineering.
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6.2 Deduced response parameters of the collected RWS

database

The response parameters of the parametric numerical investigations (Section
6.3) and the collected RWS database (Section 6.4) were deduced using one or
both of the following two methods. The first method manually extracted numerical
values from moment-rotation (M — 08) curves based on the Ibarra—Medina—
Krawinkler (IMK) model, as mentioned in Chapter 5. For the second method, in
cases where full (M — @) curves are absent in the literature (i.e., the assembled
RWS connections database), the data was extracted from tabulated results found
in research papers within the literature. Both test and numerical results were
normalised concerning the nominal plastic moment capacity of the steel solid
webbed-beam sections.

For a fair comparison, the energy dissipation and equivalent viscous damping for
both sagging and hogging moments were calculated. These calculations utilised
key response parameters (both normalised moments and rotations) as described
in Chapter 5 and depicted in Figure 6.1. Both tri-linear and bi-linear skeleton (M —
0) curves based on the IMK model (Ibarra et al., 2005) were employed. The tri-
linear skeleton (M — @) curve is detailed in Chapter 5. The bi-linear skeleton (M —
0) curve was used for two specific cases. The first case applied when the
connection did not undergo strength degradation, thus equating M,, with M,,, and
0, with 0,,,. The second case was used when the corresponding rotation and/or
moment data was unavailable in the tabulated results from literature. For
instance, if M,, and 6,,, were not provided while M,,, and 0,, were available, then
a bi-linear skeleton (M — @) curve was used. It is worth mentioning that this
research utilises a specific method (shown in Figure 5.11 in Chapter 5) to define
the yield point on the moment-rotation hysteresis curve.

Equivalent
viscous
- - damping
S S
= =
Rotation Rotation
a) Bi-linear curve b) Tri-linear curve

Figure 6.1: Skeleton moment-rotation curves used
for the collected RWS database.
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6.3 Parametric numerical investigations

6.3.1 Synopsis

In Europe, adopting partial-strength connections is permissible, provided that
their ductility and rotational capacity are experimentally verified according to
Eurocode 8 (CEN, 2005d). Such connections are cost-effective, with extended
end-plate joints being about 30% cheaper than full-strength, thereby reducing
post-earthquake repair costs (Tartaglia et al., 2019). Nonetheless, full-strength
connections are often preferred as they obviate the need for the experimental
verification requirements of Eurocode 8 (CEN, 2005d). The findings of Chapters
3, 4 and 5 have demonstrated the ability of RWS connections to reclassify a
connection from partial- to full-strength while still leveraging the full benefit of the
ductile (Vierendeel) mechanism. This was due to the reduction of the beam web
section, resulting in a reduction of the beam’s capacities, making the web opening
behave as a fuse. Henceforth, inelastic action is precluded in the connection.

Following the numerical validations (see Chapters 3 and 5), a further parametric
investigation was conducted for selected parameters (see Figure 6.2 and Tables
6.1 and 6.2) to ensure a well-informed assessment of ductility, energy dissipation
and equivalent viscous damping coefficient of RWS connections. A total of 504
RWS (single- and double-sided) connections and 6 solid webbed-beam
connections counterparts were assessed, and both bare steel and composite
connections were considered. The composite connections are divided into low
and high slab-beam interaction groups (i.e., absence and presence of composite
action above the protected zone). Welded and bolted shear studs were used in
double-sided and single-sided connections, respectively.
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Figure 6.2: Test set-ups and FE model for tests of Chapter 4 on the left
and tests of (Chaudhari et al., 2019) on the right.

Table 6.1: Summary of validated tested specimens.

Specimen RWS _Compo_site* Studs Connection
interaction arrangement
Solid No
connection** single-sided
RWS-L- d, =0.8h No )
retrofit** 50 = 1h Bolted —MMC’R" =
RWS-L* | d, = 0.8h phafd
RWS-H** S, =0.8h Yes
FI-SU*** No Welded double-sided
BSF*** No Bare-steel ;C—Rd =1.15
pla,Rd

Note: *The presence of composite action interaction over the protected zone.
**Chapter 4. ***Reference (Chaudhari et al., 2019). M, 4= connection bending

capacity. M,,; , rq= plastic bending capacity of unperforated steel beam section.
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Table 6.2: Summary of Selected Parameters.

. 2) End 3) The interaction between
1) Diameter d, . . .
distance S, composite action
Number Number of
% | mm of % mm Type
models
models
50% [ 155 | 15x2 50% | 155 High interaction 168
55% | 171 | 14x2 55% | 171 Low interaction 168
60% | 186 | 13x2 | 60% | 186 | Paresteel(no 168
interaction)

65% | 202 | 12x2 65% | 202
70% | 217 | 11x2 | 70% | 217 | Note: High interaction = there are

75% | 233 | 10x2 75% | 233 | bolted/welded shear studs over the
80% | 248 9x2 80% | 248 | web opening. Low interaction = no
85% | 264 | bolted/welded shear studs over the
90% | 279 | web opening. Without composite slab =
95% | 295 | steel RWS connection. h = beam
100% | 310 | height; 80d,= means the opening
105% | 326 | diameter equals to 80% of h; 80S, =
110% | 341 | means the end distance equal to 80%
115% | 357 | of h.

120% | 372

6.3.2 Parametric results

The main objective of this section is to examine the effects of introducing web
opening in both partial- and full-strength solid webbed-beam connections. The
discussion focuses on assessing the four key factors, namely i) the location and
i) the size of the web opening, iii) the capacity design ratio, and iv) the
presence/absence of composite action. These factors were selected for
assessment owing to their crucial impacts on ductility, energy dissipation, and
equivalent viscous damping. It is worth noting that this study used the response
of the right beam'’s connection in the double-sided joint for a fair comparison with
single-sided connections.

6.3.2.1 Ductility

One of the key response characteristics to examine the robustness of moment-
resisting frames (MRFs) under seismic loads is the rotational ductility of the
connections. The ductility needs to be present in designated structural

components for safe transfer and redistribution of loads within MRFs. It is
quantified as the ratio of the ultimate rotation to yield rotation (8,,/8,). It is worth
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emphasising that the single-sided and double-sided RWS connections were
designed based on equal-strength (M;gq/Mpiara = 1) and full-strength

(M gra/Mpiara = 1.15) connections with a solid webbed-beam, respectively.

The location of the web opening has less effect on the ductility, among other key
factors. Generally, as the location of the web opening moves farther from the
connection, both sagging and hogging ductility ratios decrease. This finding has
been highlighted in the literature (Tsavdaridis et al., 2014; Tsavdaridis and
Papadopoulos, 2016; Tsavdaridis et al., 2017; Boushehri et al., 2019), where it is
shown that the effects of RWS (Vierendeel mechanism) diminish as the end
distance (So) increases.

The web opening size is the factor that has the most significant consequences,
when considered in combination with other factors, in affecting the ductility; as
shown in Figures 6.3 and 6.4. This is mainly attributed to the Tee-section depth
that directly triggers the yielding of the perforated section as shown in Figure 6.5.
The earlier the Tee-section yields, the higher the ductility, provided that ultimate
rotations remain equal or constant among other RWS connections. This is
because of the mathematical formulation of ductility (8,,/6,), indicating that lower

yield rotation leads to higher ductility.
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Figure 6.5: lllustration of the behaviour of Tee-sections.

Figure 6.5 also demonstrates the combined effects of the web opening size with
the presence or absence of composite interaction. The location of the extra row
of bolts/welded shear studs also affect on the onset of yielding in the top Tee-
section. The critical location of shear studs is at the centreline of the circular web
opening due to the smaller Tee-section depth. Such combination effects can be
seen in Figure 6.3. Although the number of numerical models using RWS
connections with 50d, amounted to 15, the ductility range is narrow (i.e., the
maximum and minimum values were close).

Conversely, the ductility range of RWS connections with 80d,, is wider, despite
the small number of numerical models that complied with SCI P355 guidance
(Lawson and Hicks, 2011), as shown in Table 6.1. This was more pronounced
with the presence of composite action than with those without composite
interactions (Figure 6.3). This observation applies to single-sided RWS
connections (equal-strength) but not to double-sided RWS connections (full-
strength) due to the capacity design ratio, as shown in Figure 6.4.

Given that, the capacity design ratio could reduce the effectiveness of large web
openings, especially with the presence of composite action as shown in Figure
6.4, this is mainly attributed to the fact that the RWS connections were designed
based on the full-strength of the solid webbed-beam connection. For such full-
strength connections, deformation primarily occurs in the beam itself, as the
connection’s capacity exceeds that of the connected unperforated steel beam. n
other words, the steel beam becomes weaker when the web opening is
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introduced, leading to an earlier yielding. Additionally, the arrangement of the joint
(double-sided) and applied cyclic loads on the column tip caused early
deformations of Tee-sections due to the high forces acting on the beams from
the column.

The behaviour of RWS connection, whether designed based on partial- or full-
strength solid webbed-beam connections, can be more accurately predicted by
eliminating the composite slab-beam interaction over the protected zone, as
depicted in Figures 6.3 and 6.4. This conclusion is drawn from the observation
that the trends of RWS connections in this parametric investigation are similar to
those of bare steel RWS connections under both sagging and hogging moments.
These findings align with Chapters 3, 4 and 5, regarding the superior cyclic
behaviour of RWS connections with an absence of composite action to avoid high
strain demand on the beam bottom flange, as well as cracking and crushing of
the concrete slab, without jeopardising the strong column-weak beam concept;
following the requirements of (CEN, 2005d; ANSI/AISC 358-16, 2016).

It can be concluded that, for single-sided RWS connections that are designed
based on partial-strength solid webbed-beam connection, the sagging and
hogging ductility marginally improves when the d,, /S, ratio equals 1 for diameters
equal to 0.5h and 0.55h. The improvement in ductility becomes more pronounced
with web opening diameters equal to 0.60h and 0.65h when the d,/S, ratio
ranges between 0.92 to 1 and 0.81 to 1, respectively. The range of d,/S, ratio
broadens for diameter equal to 0.70h, 0.75h and 0.8h, and the presence of
composite action over the web opening significantly influenced them. For these
diameters, the ideal d, /S, ratios range between approximately 0.7 to 1.

For double-sided RWS connections designed based on full-strength solid
webbed-beam connections, ductility alone cannot capture the overall response
of the RWS connection. Energy dissipation and equivalent viscous damping must
also be considered when introducing web openings into full-strength solid
webbed-beam connections.

6.3.2.2 Energy dissipation and equivalent viscous damping

Although ductility is an important indicator in seismic design, it alone cannot
capture the overall hysteretic response of the structure. For instance, the pinching
phenomenon is well-represented by the area of the hysteresis loops, which
depicts the amount of plastic work dissipated in each cycle. In Chapter 5, it was
observed that the RWS connections with smaller web openings could achieve
higher ductility. In this case, the bending of the extended end plate acted as one
of the dissipative elements, leading to a pinching mechanism and a significant
reduction in the total amount of dissipated seismic energy, as shown in Figure
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6.6. This was also well-captured in this parametric study, as shown in Figures
6.3b and 6.7 for single-sided connections (equal-strength). The web openings
with small sizes have higher hogging ductility on average and lower dissipated
energy compared to the large size of web openings. However, this is not the case
for the double-sided RWS connections.

400 ' ' " e 400 ' ' ' i
300 i/, 300 ‘/’f?;7257i?j?}fi
200 “w 200 7 Vv
100 100 / /‘; / J'/ /
0 S 0 YA/ /A //
-100 ///QiUf,fQ/ -100 /
2200 /{,/ iy /: -200
4
o '-j"" “_rff_./z./ < _ Solid-H-T30 -300 == 50d-508-H-T30
2 a0 -400
= M M { : > >
E g TS RSSO N
E Rotation rad
= 400 400
300 300
200 200
100 100
0 0
-100 -100
-200 -200
300 F A ) -300
-400 -400
F¥ ey TFFSS SIS

a) Thickness of end-plate = 30 mm Mird_ _ 1,06 (full-
nlmeRd

strength connection)

400 400
300 300
200 200
100 100
0 0
-100 -100 )
-200 W00 T
-300 [ 300 o
E =400 =400
SR R I gy AN
E Rotation rad
= 400 400
300 300
200 200
100 100
0 0
=100 =100
=200 =200
3007 -300
-400 -400
M ) M Dy
O I KGOSO

b) Thickness of end-plate =20 mm Mira _ 4
pla,Rd

(equal/partial-strength connection)

Figure 6.6: Comparison between two different connections
with high composite action in terms of capacity ratio (from
Chapter 5).
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Double-sided connections were designed based on a full-strength connection
with a solid webbed beam, so they were intended to have the beam serve as the
primary dissipative element. Thus, any web opening, regardless of size, would
serve as a predetermined location for plasticity. For RWS connections with the
presence of composite action, an increase of 15% of the connection’s moment
capacity led to an average difference of 21% in dissipated energy in favour of the
web opening with 50d, compared with 80d,. These findings align with the
findings of Shaheen et al. (2018) and those in Chapters 3, 4 and 5, which
advocate for using small to medium web opening sizes when a high capacity
design ratio was considered. When employing a high-capacity design ratio, it is
recommended to use small to medium web opening sizes, and the opposite is
when lower-capacity design ratios are employed. Overall, double-sided RWS
connections with 50d, and 55d, demonstrate impressive responses, offering
both superior energy dissipation and competitive ductility compared to other
designs, including the stiffened BEEP (FI-SU) with a value of 109.5 kNm.rad. The
findings suggest that RWS connections work more effectively when designed
based on partial/equal-strength solid webbed-beam connection. This originates
from a predictable hysteretic response.

Another important indicator to evaluate the energy dissipating capacity of the
connections is an equivalent viscous damping ratio (¢.4) (Parastesh et al., 2014;
Shaheen, 2022). The energy dissipation is examined in terms of equivalent

viscous damping and defined as:
1 Sapc + Scpa
feq = S5- ¢ e
21 Sopa + Sosr

The energy is depicted by S,zc + Scpa IS the energy dissipated at the expected
rotation, as shown by the shaded region in Figure 6.8. Similarly, Sopa + Sosr
indicates the total strain energy at the expected rotation highlighted by the area
with double shading in Figure 6.8. Furthermore, points B and D represent the
peak positive and negative moment capacities within a hysteresis loop,
respectively. The equivalent viscous damping coefficients at 0.04rad for all
models are shown in Figure 6.9. At the rotation of 0.04 rad, the magnitudes of
equivalent viscous damping were generally above 30% which indicates good
energy dissipation capacity and seismic response of RWS connections. These
also imply that the RWS connection has not experienced brittle or sudden
failures, likely maintaining its integrity, which is crucial for the stability of the
structure and safety immediately after the earthquake.



180

A Moment

: ' >
/C F Rotation

Y

Figure 6.8: Basis to calculate the equivalent viscous damping
coefficient (Shaheen, 2022).
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6.4 Capacity assessment

6.4.1 RWS database assembly

The assembled RWS connections database consists of 13 experimental and FE
programs, along with the results from Chapter 3. This database covers both bare
steel and composite RWS connections as well as benchmarked solid webbed-
beam connections. It contains data on both welded and BEEP (3 rows and 4 rows
of bolts) connections. Additionally, the database captures only a single circular
web opening. In total, there are 251 specimens and FE models for 247 RWS
connections, in addition to their benchmarked 14 solid webbed-beam
connections counterparts. The database accounts for different types of test
setups, namely, cantilever, cruciform and frame arrangements, with load and/or
displacement applied at the beam or the column ends. Although this is a
comprehensive RWS connections database, a few test and FE programs were
excluded from the current database due to scarce test and FE details. A summary
breakdown of the collected RWS database is presented in Tables 6.3 and 6.4.
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Table 6.3: Summary breakdown of the collected RWS database.

# of

Reference Study Joint Connection . Slab
specimens
1- Guo et al. (2011) FE Frame Welded 6 No
2- Li et al. (2011) Test | Cantilever Welded 3 No
3- Tsavdaridis et al. .
(2014) FE | Cantilever Welded 9 No
4- Tsavdaridis and
Papadopoulos FE | Cantilever | BEEP-3-R 1 No
(2016)
5- Shin et al. (2017) | Test Frame WUF-B 2 No
6- Erfani and Akrami .
(2017) FE | Cantilever Welded 1 No
7- Shaheen et al. .
(2018) FE | Cantilever PN 12 Yes
Test . 1
8- Zhang et al. (2019) FeEs Cantilever Welded 1 No
9- Boushehri et al. .
(2019) FE | Cantilever Welded 144 No
10- Nazaralizadeh et .
FE I BEEP-4-R 1 N
al. (2020) Cantilever o]
11- Tsavdaridis et al. .
(2021) Test | Cantilever | BEEP-3-R 1 No
12- Xu et al. (2022) Test | Cantilever Welded 5 No
13- Chapter 3 FE | Cruciform | BEEP-4-R 45 Yes

Northridge.

Note: # = number. FE = Finite element analysis. Exp. experimental test.
BEEP-3-R and 4-R = bolted extended end-plate with 3 rows and 4 rows,
respectively. WUF-B = welded unreinforced flange-bolted web. PN = pre-
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Table 6.4: Breakdown of capacity design of the collected RWS database.

Column Beam Connection o
@ & g Section Section capacity >
0o S M pq USiNg o=
R c My col My p Component Qo
o3 S =Woiye Fyc| =Wopiyb Fyb method Sa
e O pesy PP Eurocode 3-1-8 5
H500%350% | H600x250x%
1 Welded 14x18 10x14 NA 1.28
911 710
H450%x300% | H400x200x
2 Welded 12x16 8x12 NA 2.15
613 285
HEB 300 HEA 240
3 Welded 570 557 NA 2.51
HEB 160 IPE 300
4 | BEEP-3-R 97 173 87 0.50
W14X145 W12X50
5 WUF-B 1763 439 NA 4.02
HB500x200 | HB414x405
6 Welded x10x16 x18x28 NA 0.42
735 1735
HB428x407 | HB700x300
7 PN x20x35 x13x24 NA 1.38
2051 1490
HW250x25 | HN300x150
8 Welded 0x9x14 X6.5x9 NA 1.79
220 123
HEB 300, IPE 330, 232
450, 500, 450, 500, 534
9 Welded 600 600 NA 519’
663, 1414, 285, 604, 508
1709, 2599 | 779, 1247 '
HEB 200 IPE 270
10 | BEEP-4-R 154 116 95 0.82
UC 203 x UB 305 x
11 | BEEP-3-R | 203 x 71 127 x 48 157 0.62
284 252
HW250x25 | HN300x150
12 Welded 0x9x14 X6.5x9 NA 1.79
220 123
HEB 320 IPE 300
13 | BEEP-4-R 765 224 216 0.96
1221 300
Note: M,,= moment capacity of bare steel solid webbed-beam section.
[KNm]. W,,;,, = plastic section modulus. f,= yield strength. Subscript col, b
and c = column, beam and connection, respectively. BEEP-3-R and 4-R =
bolted extended end-plate with 3 rows and 4 rows, respectively. WUF-B =
welded unreinforced flange-bolted web. PN = pre-Northridge.
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6.4.2 Observed trends in the collected RWS database

The collected database reveals a range of beam, column, connection types and
capacity design ratios. An inconsistency in capacity design ratios was observed.
The capacity design is a key requirement in controlling the plastic response of
beam-to-column joints by managing the connecting components' capacities. With
this objective in mind, employing the capacity design in RWS connections is
critical since the reduction in shear capacity is particularly undesirable in seismic
areas because it deteriorates more rapidly than its moment capacity. However,
the concept of RWS connection, which relies on the Vierendeel mechanism, is
only effective in areas of high shear. The Vierendeel mechanism is a shear action
that requires a large opening and an ideal end distance to be triggered.
Otherwise, a non-ductile failure characterised by tearing and out-of-plane
buckling may ensue. Chung et al. noted that both shear failure and the Vierendeel
mechanism can occur concurrently around the web opening (Chung et al., 2003;
Lagaros et al., 2008). Therefore, attention should be paid not only to the size and
location of the web opening, which has been the focus of previous studies in the
literature but also to the capacity design ratio between the connected
components. This ensures that the beam's shear capacity is not excessively
compromised by incorporating RWS. To this end, a balanced contribution
(capacity design) of a panel zone, end-plate and/or column flange, with the
connected bare steel solid webbed-beam, is preferable in an RWS connection
with a large web opening size. This promotes a Vierendeel (ductile) mechanism
to become the dominant failure rather than simple shear failure at the web
opening, which may cause instability after an earthquake. In the design process,
the web opening size should be decreased along with the capacity design ratio
increase. This is consistent with prior observations of the studies in Chapters 3,
4 and 5, regarding the importance of capacity design ratios.

Having thoroughly examined the collected RWS database, the above conclusions
are verified. Figures 6.10 and 6.11 display the trends in the collected RWS
database between energy dissipation, equivalent viscous damping, and ductility
concerning the capacity design ratio. It can be seen that an increase in the
capacity design ratio leads to a decrease in energy dissipation, equivalent
viscous damping, and ductility, regardless of the connection type. Figure 6.11
depicts the decrease in sagging ductility of identical connections with an increase
in web opening size with a high capacity design ratio, as employed in the study
of Shaheen et al. (2018). In contrast, in Chapter 3, an increase in sagging ductility
of identical connections was observed, along with a decrease in web opening
size when accompanied by an equal/partial capacity design ratio. Figures 6.10
and 6.11 highlight the importance of capacity design ratios in RWS connections
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compared to solid webbed-beam connections. A capacity design ratio larger than
1.5, is preferable with a solid webbed-beam connection to account for steel
hardening and prevent fracture, as Elkady and Lignos (2014) suggested. This
capacity design ratio does not apply to RWS connections. However, the high
ductility found in RWS connections with a high capacity design ratio (larger than
1.5), can be attributed to two factors. The first one is the early yielding of Tee-
sections, which leads to increased ductility. The second one is due to the
exclusion of the composite slab from testing, which would have resulted in a lower
ultimate rotation and, consequently, reduced ductility.
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6.4.3 Detailing recommendations

Different design methodologies for RWS connections have been proposed in the
literature (Hedayat and Celikag, 2009; Momenzadeh et al., 2017; Tsavdaridis et
al., 2017; Boushehri et al., 2019; Zhang et al., 2019; Asl and Jahanian, 2020;
Davarpanah et al., 2020a) based on the current design guidelines for perforated
beams in both the UK and the US (Darwin, 1990; Lawson and Hicks, 2011; Fares
et al.,, 2016) as well as on the design process for RBS connection outlined in
AISC-385 (ANSI/AISC 358-16, 2016). Despite considering the strong column-
weak beam concept, not all proposed design methodologies for RWS
connections have addressed the capacity design ratio between the connected
components. The strong column-weak beam and capacity design concepts are
similar in that they aim to control how structures respond to earthquakes. Still,
they approach the design objectives in different ways.

The strong column-weak beam concept is a design rule that is limited to beams
and columns. It is intended to prevent column failure by ensuring that
plastification forms in beams before it does in columns. This is important since
the columns’ failure can lead to the progressive collapse of a structure. On the
other hand, capacity design is a broader principle aimed at ensuring the
proportioned contribution of each component of the joint to the inelastic response
of the entire joint. This discrepancy highlights a gap in current design approaches
that warrants further investigation and the prequalification of RWS connections
with both bolted and welded connections.

Based on the analysis of the collected RWS database and parametric numerical
investigation conducted in this study, recommended details for the design of RWS
connections are proposed herein. The recommendations pertain to extended
end-plate connections with 4 rows of bolts. The proposed details apply to both
retrofitting existing structures and designing new ones.

Regarding the retrofit of existing structures, it is noted that steel-concrete
composite beams with welded shear studs present challenges. Creating a gap
between the concrete slab and the column or removing welded shear studs over
the protected zone, would be obstructive and costly. However, such a gap is
essential to ensure that no forces are transferred to the column from the concrete
slab. This minimises the possibility of slab damage and reduces the strain/stress
demand on the column. Therefore, proper consideration of such force transfer
mechanisms, as stated in Eurocode 8, is required when modelling the joint for
retrofit purposes. Table 6.5 shows the recommended ratios of capacity design,
diameter-to-depth (d,/hp), and diameter-to-end distance (d,/S,) for retrofitting
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existing structures. The recommendations in Table 6.5 could serve as a starting
point for modelling the joint for retrofitting of the existing building.

Table 6.5: Capacity design requirements for RWS connections for
retrofitting existing structures.

Connection’s strength category

Capacity design ratio
Bolted connections Full-strength Equal-strength | Partial-strength
% /p,= 05-0.67 0.7-038
d, /So: 1 0.7-1

Where M. pqs = connection bending capacity according to the component
method in Eurocode 3-1-8 (CEN, 2005b). My, ,= nominal bending capacity of
bare steel solid webbed-beam section. d,= opening diameter. h;, = steel beam
depth. §,= end distance from column/end-plate face to web opening centreline.

Specific recommendations for detailing the size and location of web openings in
relation to the location of shear studs are critical for both existing and new
structures. This is particularly important when composite slab-beam interaction
over the protected zone is necessary or unavoidable. Ensuring this can activate
the Vierendeel mechanism for small to medium web openings, which is significant
due to the large depth of the Tee-section at such sizes (Figure 6.14). For large
web openings, locating them between the studs is preferable to avoid a
premature crack in the vicinity of the web opening.

do/hp:0.7100.8 do/hp_: 0.5to 0.67
‘o[ Forces from Q -- Forces frofn
cgmposite action composite action
Between studs Below studs

Figure 6.12: Diameter-to-depth ratio in relation to shear studs’ location.
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Although the guidance presented in SCI P355 guidance was developed for
monotonic loads, it has been shown to predict the moment capacity of RWS
connections under cyclic loads. It is well-known that the moment capacity of
connection under cyclic loads is always lower than that under monotonic loads
due to repeated loading and unloading. This repetition causes various
mechanisms, such as material low cyclic fatigue, which leads to reduced
capacity. This has been confirmed by the study of Tsavdaridis et al. (2017) which
found that the cyclic moment and rotational capacities of the RWS connections
were lower than those of their monotonic counterparts. The guidance outlined in
SCI P3555 guidance is derived from the T-section approach (TSA), one that was
initially introduced for composite perforated beams. The findings of this study,
manifest that the SCI P355 guidance can be applied to estimate the moment
capacity of RWS connections under cyclic loads.

In this study, the effective yield moment (M,.) is used to represent the
connection’s plastic moment capacity (M. gq4) due to a lack of consensus on its
calculation in the existing literature (Ozkilig, 2023). M_zy Was employed to
assess the bending capacity of the perforated section (M, 4 ra; M, ra) in both bare
steel and steel-concrete composite connections according to SCI P355 guidance,
respectively. Table 6.6 presents the statistical values indicating the applicability
of the SCI P355 guidance in estimating RWS connections. Table 6.7 lists capacity
design requirements for RWS connections for new structures. It is worth noting
that these requirements follow the capacity design principles of EQUALJOINTS
and EQUALJOINTS-Plus (Tartaglia, D’Aniello, Rassati, et al., 2018; Tartaglia,
D’Aniello, Zimbru, et al., 2018; Tartaglia et al., 2019; Landolfo, 2022; D’Aniello et
al., 2023), with the inclusion of recommendations from SCI P355 guidance.

Regarding welded connections, further investigations into the capacity design are
needed. However, based on the collected RWS database, the ideal d,/S, ratio

for the welded connection is 1 for a diameter equal to 0.5k to 0.67h. The capacity
design ratio for the welded connection should be My o S 1.3 My, .
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Table 6.6: Statistical results for the collected RWS database and parametric
investigations.

Sagging Hogging
Average 1.1260 -1.0170
Maximum 1.6426 -0.8196
My, /M, gq Minimum 0.7445  -1.5045
Standard 1508 (g1
Deviation
Average 1.0618 -1.0582
Maximum 1.2439 -0.7954
My, /M, qra Minimum 0.7933 -1.2618

Standard ) year (5 0gas
Deviation

Table 6.7: Capacity design requirements for RWS connections for new
structures.

e Full-strength: M. pq = 1.1.¥,,. (Myra + VEa -So)

e Equal -strength: M pg = (Mypa + VEa.S,)

e Partial -strength: M pg = 0.8.(Mypq + Vga.S,)

Where M. gqs = connection bending capacity according to the component
method in Eurocode 3-1-8 (CEN, 2005b). (M, g4 bending capacity of perforated
composite beam section according to SCI P355 guidance. Vg, is the shear
force corresponding to the formation of a plastic hinge in the connected
beam, S, = is the end distance between the connection face and the centerline
of web opening. y,, = the overstrength factor =1.25.

Diameter-to-depth (d"/ hb)’ and diameter-to-end distance (d"/ ¢ ) for retrofitting
o

existing structures are applicable to design RWS connections for new
structures.
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6.5 Summary

Capacity design is a comprehensive approach that ensures that each joint
component contributes proportionally, behaving in a predictable and ductile
manner as part of the entire joint. This approach has not been addressed in
previous studies of RWS connections. Therefore, a comprehensive parametric
numerical investigation has been performed and analysed for single-sided and
double-sided steel-concrete composite connections, providing valuable insights
into how the capacity design approach influences their performance.
Subsequently, a database of 13 test and FE programs, including the data from
Chapter 3 on RWS connections, was compiled and analysed. It contains data on
both welded and bolted RWS connections with a single circular web opening. The
total number of RWS specimens is 247, alongside their benchmarked
counterparts, for a total of 14 solid webbed-beam connections.

Both the parametric numerical data and the collected RWS database were
analysed to assess the impact of capacity design ratio on ductility, energy
dissipation and equivalent viscous damping. The findings revealed that the cyclic
response of RWS connections is significantly influenced by the capacity design
ratio between the connected components of the joint/connection. Proper
consideration of the capacity design ratio ensures that a stable inelastic
mechanism is governed when the RWS connection is subjected to cyclic loads.
This enhances the ductility and energy dissipation of RWS connections through
a stable yielding of Tee-sections, thereby capping plasticity to non-ductile
components. Moreover, the assessment of RWS connections manifests the
critical effects of the location and size of web opening, in relation to shear studs’
location on triggering the desirable ductile Vierendeel mechanism.
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Chapter 7

Conclusion

7.1 Overview

Steel-concrete composite moment-resisting frames (MRFs) are considered a
suitable solution in earthquake-prone areas, with the expectation that structural
damage would be solely confined to ductile responses, such as the yielding of
connections and members. However, this perception was challenged following
the extensive damage observed in steel-concrete composite MRFs during the
1994 Northridge and 1995 Kobe earthquakes. The damage was attributed to
brittle tearing failures in the traditional beam-to-column connections, even in
those areas that experienced only moderate earthquake ground maotion.
Research efforts have successfully implemented fuse approaches that divert
deformation away from the column face and concentrate them within the beam.
These fuse approaches can be subcategorised into strengthening or weakening
of beam-to-column connections. However, the former approach often
necessitates extensive work and/or a complex retrofitting process that increases
construction costs and timelines. While the latter is often achieved by the well-
known pre-qualified reduced beam section (RBS) connection, this raises
concerns about accessibility to the top beam flange and the overall structural
stability arising due to beam flange cuts. One of the most promising options based
on the weakening approach is the reduced web section (RWS) connections that
could improve out-of-plane stability. Such connections utilise perforations within
the beam web as a means of enhancing moment capacity at the column interface,
thereby alleviating the need for flange cuts or supplemental plates. Notably, the
relative ease of modifying beam webs facilitates retrofitting applications
compared to removing floors or modifying flanges.

Although there has been extensive research about RWS connections, their
behaviour when excited by ground motion and as slabs overlay them is yet not
well understood. Fortunately, the inherent response mechanism of RWS
connections, which effectively function as two separate partial beams above and
below the web opening (top and bottom Tee-sections), facilitates the formation of
four plastic hinges encircling the web opening via the Vierendeel mechanism.
This distinct mechanism bridges the challenges that pre-qualified connections
(e.g., RBS connections) encounter. These challenges relate to the potential
impact of composite action within the protected zone that could compromise the
fundamental "strong column-weak beam" design philosophy, by introducing an
asymmetric yield moment mechanism.
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This thesis aims to address the extant knowledge gap regarding the behaviour of
RWS connections with composite slabs by comprehensively analysing the
findings of both experimental and numerical investigations conducted as part of
the present research alongside relevant results/data gathered and extrapolated
from the existing literature. The primary goal is to promote the widespread
adoption of RWS connections in designing new buildings resistant to earthquakes
and retrofitting structures not originally designed for seismic activity.

7.2 Summary of contributions

Before delving into the contributions, the primary objectives of this thesis
encompass uncovering the phenomena governing the global behaviour of RWS
connections, exploring the impact of composite action on RWS connections and
the applicability of SCI P355 guidance, developing numerical models for further
parametric assessments of the local cyclic behaviour of RWS connections, and
compiling data from the literature to assess capacity design ratios. To fulfil these
objectives, a research program that included an extensive literature review,
preliminary finite element analysis (FEA), testing, parametric FEA, and the
empirical study was completed.

Objective: Uncover the phenomena that govern the behaviour of composite
RWS connections when subjected to cyclic actions by using adaptable but
detailed finite element modelling (FEM).

Achieved in Chapter 3: Preliminary FEA and Chapter 5: Parametric
Assessments

FEA parametric investigation in Chapter 3, uncovered the effects of composite
action on RWS connections, contributing to understanding the seismic response
beyond just the size and location of the web opening. Based on the parametric
investigation, the size and location of the web opening are not the only major
factors that influence the seismic response of RWS connections. The capacity
design principles at the component level could be utilised to make the most of the
RWS connections’ mechanism. Most of the RWS specimens performed well, with
over 84% reaching a 6% drift level and all exceeding the minimum requirement
of 4% outlined by ANSI/AISC 358-16, ANSI/AISC 341-16 and Eurocode 8. The
findings support the idea that eliminating composite interaction over the protected
zone helps to mitigate the inelastic demands outside the protected zone without
compromising the beam’s stability, even leading to a significant reduction of slab
cracking. Chapter 5 furthered this objective by developing a comprehensive FE
model to assess various parameters, including the presence of composite action,
thereby enhancing our understanding of the local cyclic behaviour of RWS
connections.



196

Objective: Perform experimental tests to examine how composite action
influences the cyclic behaviour of RWS connections, aiming to augment available
data.

Achieved in Chapter 4. Experimental Investigation

This chapter directly addressed the objective by conducting experimental tests
on demountable steel-concrete composite bolted RWS connections. The tests
explored the impact of web opening location and the presence of shear studs on
the cyclic behaviour of RWS connections. The results confirmed the viability of
RWS connections for seismic retrofitting, demonstrating their strength, ductility,
and energy dissipation capabilities, thus significantly augmenting available data
on RWS connections. These were achieved by generating a highly ductile
Vierendeel mechanism, resulting in concentrating the high plasticity on the beam,
which, in turn, leads to an increase in the deformability and ductility of the
connections. All RWS connections could achieve an inter-storey drift larger than
4%, thereby complying with the performance targets, as set out by ANSI/AISC
358-16, ANSI/AISC 341-16 and Eurocode 8. The adopted capacity design
framework was effective in obtaining the expected performance; namely, plastic
deformations occurred in the vicinity of the web openings only. This means that
a web opening effectively constrains inelastic action in the protected zone away
from the joint plate and the column. Hence, providing such a web opening is a
reliable course of action, that allows for full-strength connections within the strong
column/connection weak beam paradigm.

Objective: Conduct comprehensive parametric assessments to extend the
observations on the experimental results.

Achieved in Chapter 5: Parametric Assessments

This chapter directly achieved the objective of developing a high-fidelity FE model
by examining 285 FE models. Through an in-depth analysis of RWS connections
under varying conditions, it provided valuable insights into their cyclic behaviour.
The results revealed that RWS connections exhibit cyclic strength degradation
with medium to large web opening sizes, yet meet the seismic standards of
ANSI/AISC 358-16, ANSI/AISC 341-16, and Eurocode 8. Notably, a good
balance was achieved for all RWS connections, including non-composite ones.
This balance involved a reduction in moment capacity of up to 19%, offset by
increases in ductility and energy dissipation by up to 13% and 65%, respectively.
The strength of RWS connections with bolted shear studs is more predictable
than with the traditional welded shear studs, with demountable RC slabs
contributing to about 5% of maximum strength. The size and location of the web
opening should align with the capacity design ratio between the column,
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connection, and the connected beam. The findings also highlighted the need for
additional data for reliable design guidance, especially concerning the Vierendeel
bending capacity. Recommendations were made regarding the optimal size and
location of web openings.

Objective: Compile test and FEA databases from this research and existing
literature for assessing the capacity design ratio effect and the applicability of SCI
P355 guidance (Lawson and Hicks, 2011), thereby promoting the use of RWS
connections in MRFs in seismic areas.

Achieved in Chapter 6: Capacity Design Assessment

Chapter 6 involved a detailed analysis of the compiled test and FEA data to
assess the effect of the capacity design ratio on RWS connections. This chapter
significantly contributed to understanding how the capacity design approach can
be effectively applied in the design of RWS connections, aligning with the
guidelines of SCI P355. A gap in current design approaches demands explicitly
introducing a capacity design approach when designing RWS connections. This
is crucial, as evidenced by the results: a 15% increase in the connection's
moment capacity led to an average 21% difference in dissipated energy,
favouring the web opening with a diameter of 50d, over 80d,, in RWS
connections with the presence of composite action. The results show that proper
consideration of the capacity design approach in designing RWS connections
ensures a stable yield mechanism is governed, resulting in the redistribution of
global action and capping deformation demands on non-ductile elements. This
enhances the rotational capacity and ductility of connections through the
formation of the Vierendeel mechanism. This chapter presents recommendations
detailing the employment of RWS connections in both existing and new structures
for seismic purposes.
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7.3 Recommendations for future research

Based on the contributions of this thesis, the following set of potential research
topics is proposed for further investigation:

The limitations of current laboratory testing facilities necessitate further
investigation into the behaviour of RWS connections subjected to
combined gravity and earthquake loads. This is particularly concerning
due to the location of the web opening within a high shear zone, a critical
region during seismic events.

The focus of this current research was on the cyclic response of composite
bolted RWS connections that consist of two components, namely
extended end plate connections and the interconnected beam with web
opening. Further physical tests should be conducted on the whole beam-
to-column RWS joints, with and without composite slab both in double-
sided and single-sided configurations. It is encouraged to follow the
EQUALJOINTS’ prequalification method and focus on the capacity
contribution of each component both with and without composite slab. This
will help to augment the database and seismically prequalified RWS
connections with different connections (e.g., welded and bolted).

Further review and assessment of available predictive models for bolted
and welded connections, aimed at the development of robust guidance
and numerical models and acceptance criteria for design and the
promotion of the use of RWS connections in MRFs within seismic areas.
The establishment of benchmarked models for seismic non-linear
modelling is essential, as is setting acceptance criteria and reliably
predicting the cyclic degradation effects and properties of RWS
connections. These steps are crucial in assisting researchers and
engineers in integrating these properties into analysis tools. This
endeavour should be extended based on the developed comprehensive
database of RWS connections in this thesis, and by incorporating data
from future studies or any additional information not covered in this thesis
due to unavailable results data from the existing literature, both
experimentally and numerically. This approach ensures that the
comprehensive database of RWS connections serves as a foundation for
future research, allowing others to build upon and expand their knowledge
in this field.

Since the current study did not consider the contact force between a
reinforced concrete slab and the connection/column. This omission was
intentional, as a 25 mm gap was introduced to specifically focus on the
local response of RWS connections without the column’s contribution. The
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purpose was to draw clear and fair conclusions regarding the presence or
absence of composite action over the protected zone. Further
investigation on the three force transfer mechanisms in an interior
composite beam-to-column joint that was adopted in Eurocode 8 (CEN,
2005d) needs to be evaluated with a suitable web opening.
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Appendix A: Summary of Studies on RWS connections



Table A 2: Summary of Studies on RWS connections

211

T Total . h f No. of . .
ype ota Joint . Type of Shape of a ©.ora Composite | Axial
SN Reference of number of . . Loading . web web
. configuration connection . . slab force
study | specimens opening opening
1 (G;(())le;)al., FE 16 Frame M/C Welded Circular Single No No
2 | (Lietal, 2011) | Exp. 3 Cantilever C Welded Circular Single No No
Circular,
3 (Tsavdaridis et FE 27 Cantilever C Welded wide and Single No No
al., 2014) narrow
elliptical
(Tsavdaridis Bolted .
and extended Single
4 FE 11 Cantilever C Circular and No No
Papadopoulos, end-plate 3 multiple
2016) rows P
: Circular and | Single
h l.
5 (Shin etal, Exp. 5 Frame C WUF-B other and No No
2017a) :
shapes multiple
. Circular and | Single
6 (Sgg]lt;tb?l" Exp. 5 Frame C WUF-B other and No No
shapes multiple
Circular,
7 | (Tsavdaridiset | 54 Cantilever M/C WUF-B wideand | e No No
al., 2017) narrow
elliptical
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Type Total . Shape of a | No.of a . .
SN Reference of number of \.]omt . Loading Type o.f web web Composite | Axial
. configuration connection . . slab force
study | specimens opening opening
(Erfani and . . .
8 Akrami, 2017) FE 12 Cantilever C Welded Circular Single No No
(Shaheen et al., . Pre- . .
9 2018) FE 24 Cantilever C Northridge Circular Single Yes No
EXxp.
10 (Zhang etal, and 4 Cantilever C Welded Circular Single No Yes
2019)
FE
11 (Boushehri et FE 144 Cantilever C Welded Circular Single No No
al., 2019)
(Nazaralizadeh EXp. ezz:zceld Circularand | - Single
12 and 14 Cantilever C other and No No
et al., 2020) end-plate 4 .
FE shapes multiple
rows
(Davarpanah et EXp.
13 P and 5 Cantilever C Welded Elliptical | Single No No
al., 2020a)
FE
EXxp.
14 (Davarpanah et and 15 Cantilever C Welded Elliptical Single No No
al., 2020b)
FE
Bolted
EXxp.
: . extended :
15 | (Jiaetal., 2021) | and 226 Cantilever M Castellated | Multiple No No
FE end-plate 5

rows
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Type Total . Shape of a | No.of a . .
SN Reference of number of \.]omt . Loading Type o.f web web Composite | Axial
. configuration connection . . slab force
study | specimens opening opening
EXp.
16 | (Bietal., 2021) | and 40 Cantilever C Welded Castellated | Multiple Yes No
FE
Bolted Single
17 (Tsavdaridis et Exp. 3 Cantilever C extended Circular and No No
al., 2021) end-plate 3 .
multiple
rows
18 | (Xu et al., 2022) | Exp. 5 Cantilever C Welded Circular Single No No
EXxp.
19 (Guoetal, and 5 Cantilever C Welded Circular Multiple Yes No
2023) FE

Note: SN = Serial number of the study. FE = Finite element. Exp.= experimental tests. M = monotonic. C = cyclic. WUF-B = Welded
Unreinforced Flange-Bolted Web.
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} — ~ slab) and column and Sup. By: Dr. Konstantinos Tsavdaridis
o extended end-plate. Date 11/06/2022
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480

Fin Plate —
{=10mm

1250

Column -+
305x305
ucC 198

Continuity Plate -

t=12mm

Thickness =20 mm

480

120
8 (=]
- d
o
=1
& |
g
=)
*

Reinforced Fillet welds

«  All material grade S355.

«  All grade of Bolt 10.9
unless stated otherwise.

¢  Dimensions in mm.

e  Material grade of

Demountable Bolted Shear

Studs - Gr 8.8 Mzo (holes
21 mm diameter) Bouble
nuts.

7 o s 25and 45 mm gaps
} [ * v s g between metal-deck (RC
b - slab) and column and

extended end-plate.

Side view
l I . l I I 305x165 UB 54
. e ==
\“\
"~ Demountable {bolted) shear studs o
Mz0 Gr. 8.8. o
Rg
] AN =
Threa(ggngr:? M4 280 % "~ Stiffener ] 167 r
2600 t=15mm
\ ~— Secondary Beam Top view -
\ | ~— Doubler Plate ~—— Mesh A393
|| dsxesUBsE o - Seb
\ 3?{ / F N J] .
Lk v 3 Stiffener
A\l / o 200 “ Thickness = 15 mm
\ / S 79
/ 3
@
~—— 25mm gap 45 e Beam web ! 2
/ o ] e —L
30 | g]” ol = S e |y
=2 S N '\ N = e
o - : \ )
N Bolt Mz? — Bolted Shear Conngctors VRN "
| M20 Gr. 8.8 S ComFlor® 60
| \\ Gr.10.9 h - Stiffener [J-,u_‘_ =
T N \ o
| —— Extended End-plate o IE15mm 2 i
3 «I t=20mm 2490 — Main Beam N, |
0] 305x165 UB 54 s S
I~ J, 7 saenon wanwon mrens
' — N
f 2550
I I
Extended End-Plate Notes:- Project

Experimental Tests of Steel-Concrete Composite
Reduced Web Section (RWS) Connections
Subjected to Cyclic Loading

Title
Main Beam 305x165 UB 54
Beam ID: R-C-L-80d-80S (RWS-L)
Sheet 2 of 3

Prep. By Fahad Almutairi

Sup. By: Dr. Konstantinos Tsavdaridis

Date o09/08/2021
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Side view
200 l ,
l I l I : I ‘ 305x165 UB 54
300 . — =
g "~ Demountable (bolted) shear studs o
Mz0 Gr. 8.8. o
- Rg
] ~ =
?" 280 % "~ Stiffener ] 167 r
2600 t=15mm
Fin Plate —
t=10mm ~— Secondary Beam Top view — Mesh A393
| 30sx1esUBSE Doubler Plate ~— Slab
— \ | i '*’ o, »
\ :EP‘ / ¥ N .
Lk v 3 Stiffener
"‘.‘. } /," o 200 ,_ Thicknes:g: 15 mm
) g . ‘_J
-~ 25mm gap ' 45 ~—~ Beam web b &
/./ // —_t
(=] ] o [= =] g lIt r
b [ 300 [ g1 2 © _ Ao [ 5
ES - | o § o o .\ '\rj, of = -
N Bolt Mz? — Bolted Shear Connectars AN "z
| M20 Gr. 8.8 S ComFlor® 60
o / ‘ \\ Gr.10.9 h - Stiffener [ Cmee
olumn —— / —— Extended End-plate I t=15mm ~ i
305x305 / =20 — Main Beam |
uC 198 30 mm 2490 305x165 UB 54 e P
!‘ T spenon THRDUGH PROFLE
e F — N
f 2550
1] 1
Continuity Plate — .
t=12mm Extended End-Plate Notes:- ) PI‘O_]ECt
: ﬁi H;iggﬁ g;?‘:lfo 5355 Experimental Tests of Steel-Concrete Composite
Thickness =20 mm 120 unliss stated oth 'Q.SC Reduced Web Section (RWS) Connections
- I . Subjected to Cyclic Loading
¢  Dimensions in mm. .
8 o e  Material grade of Title
« Demountable Bolted Shear Main Beam 305x165 UB 54
g 2 Reinforced Fillet welds Studs - Gr 8.8 M2o0 (holes Beam ID: R-C-H-80d-80S (RWS-H)
= A o | 21 mm diameter) Bouble Sheet 30f 3
s = nuts.
2 - * ' e 25and 45 mm gaps Prep. By Fahad Almutairi
= [ s e between metal-deck (RC . o
} — ” slab) and column and Sup. By: Dr. Konstantinos Tsavdaridis

extended end-plate. Date 09/08/2021
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140

200 Side view for Beam ID: R-C-H-80d-80S

Demountable (bolted)

~~ Slab shear studs Mz0 Gr.

l l Vs 8.8.
s . l . l . l N I o [ . . l e l I [8 o Double nuts and wahsers
582 % a0 - = = = = = o B
SR N | | He— b
. - _— T
| ~—_ i 1 shear studs - /
Lj)\ilﬂrg)g?ta%bée (bolted) shear studs Threaded part
200 Side view for Beams ID: R-C-L-80d-80S and NR-C-L -~ Slab Demountable Studs should
Lo be fasten by washers and
@ . .
\ U —— l %l l - - l N l P nuts on either side and
) - s ~F 800 . R B T 1 tightened to 100 Nm using
[ } [ 2550 S J torque wrench.
—— Demountable (bolted) shear studs
) Mzo Gr. 8.8 o
Front view (Double nuts) Mstal Deck ComFior™ 60
fasten by washers and nuts on either side e
1250 and tightened to 100 Nm using torque wrench ComFlor™ 60
1 1 S B
200 ~—— Mesh A393 / / \o
o # | .~ Concrete Slab C25/30 b g
=]
2 } ” [E55] conon v e

3
\
\
\
\
\

4

" Metal Deck - ComFlor 60

Concrete Slab Grade C25/30

Mesh A393

Metal Deck ComFlor® 60

Demountable (bolted) shear studs M2o Gr. 8.8.

Project

Notes:- Experimental Tests of Steel-Concrete Composite
e 3 No. required of Slab for three beams. Reduced Web Section (RWS) Connections
e Dimensions in mm. Subjected to Cyclic Loading
e  Concrete Slab Grade C25/30 Titl
¢  Material grade of Demountable Bolted Shear Studs - 1tle
. Concrete Slab and Demountable bolted shear
Gr 8.8 M20 (holes 21 mm diameter). tud
* Demountable Bolted Shear Studs with Double nuts studs
Sheet 1 of 2

using torque wrench.

and column and extended end-plate.
Concrete cove 30 mm.

Demountable Studs should be fasten by washers
and nuts on either side and tightened to 100 Nm

25 and 45 mm gaps between metal-deck (RC slab)

Prep. By: Fahad Almutairi

Sup. By Dr. Konstantinos Tsavdaridis

Date 09/08/2021
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1250

Top view for Slab /

/
/

- Mesh A393

Demountable (bolted)

- Slab shear studs M20 Gr.

8.8.

‘%_’ . Double nuts
% Threaded part

Demountable Studs should
be fasten by washers and
nuts on either side and
tightened to 100 Nm using
torque wrench.

o
N

30 .

Concrete Slab Grade C25/30

Mesh A393

Metal Deck ComFlor® 60

Demountable (bolted) shear studs M2o Gr. 8.8.

Project

A ~—— 25mm gap
g %k\«,\ Q Q g [¢] o
< o h o < o o g o o
“— Bolted Shear Connectors
M20 Gr. 8.8
0 2490 i
_ (o TN
] 2550
Beam removedtanienionstrate
fulbdemotntability
Notes:-

3 No. required of Slab for three beams.
Dimensions in mm.
Concrete Slab Grade C25/30

Gr 8.8 M20 (holes 21 mm diameter).

using torque wrench.

and column and extended end-plate.
e Concrete cove 30 mm.

Material grade of Demountable Bolted Shear Studs - Title
¢ Demountable Bolted Shear Studs with Double nuts
e Demountable Studs should be fasten by washers
and nuts on either side and tightened to 100 Nm

e 25 and 45 mm gaps between metal-deck (RC slab)

Experimental Tests of Steel-Concrete Composite
Reduced Web Section (RWS) Connections
Subjected to Cyclic Loading

Concrete Slab and Demountable bolted shear
studs
Sheet 2 of 2

Prep. By Fahad Almutairi
Sup. By Dr. Konstantinos Tsavdaridis

Date 09/08/2021
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Side view Front view
End-plate - ——— 370 a1s
t= 30 mm AN 1 L J
o o —- 305x305 UC 198
i A L~ — Bolts M27 A" End-plate -
- / L < thickness = 30 mm
€ g Y o E
S 3 v - b =
S \ ) - 305x305 UC 198
— e
o L - Column base plate————— o 4 -
- = | Thickness =30mm - [
77
2 hsw g g || 1
w o o~
4
© e G
Q i=]
3 g 2 I\
e ERI IR g
e g 8 8 L m2T
- N ——Fin -
~ = plate . D@
© =] t=10mm g I L
) ) D10
© Reinforced Fillet welds
© = i 120 Reinforced Fillet we
-3 = N 3 H T ]
- p— o -~
N [
o | ot o - H’
o | B g \ s 3 o) -
= ! = - g ) = -
_ _— l‘ll-\ _ ml/l [ ]
j‘ A : T
\ -
Golumn b NthhEd // \ 7 127
olumn base plate- —— - 305x305 UC 198 7
" = H 7 I 7 I —
Thickness =30mm 7[7676 (76 (64 (cut -height =150 mm)
a1 | 315
540
Project
Experimental Tests of Steel-Concrete Composite
305x305 UC 198 cross-section Reduced Web Section (RWS) Connections

. Subjected to Cyclic Loadin,
Full Penetration Welds HbJected to tyete s

s Notes:- Title

|i|9 51 ¢ 2 No. required of 305x305 UC 198 Column and connected plates
& columns (305x305
g g £ UC198). Sheet 1 of 3
_E e  All material grade
! < S$355. Prep. By: Fahad Almutairi
+  All grade of Bolt

10.9, Sup. By. Dr. Konstantinos Tsavdaridis

+ Dimensions in mm. Date 09/08/2021
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Back view

d t=30mm
= @ e
S

[ ¥

152 76 76 115

223

¢ e

48 76 76 76 76 76 76 76 76 76 76
33

48

120

P
A

o

,‘

A
o ||
u u
37

127
400

-
Notched —

305x305 UC 198 cross-section

340

Full Penetration Welds

~——— End-plate ——-

Continuity plate ———.
t=12mm -

t=10mm

Reinforced Fillet welds

Cross section through column web

~————305x305 UC 198

Fin ———

plate

480",
1460

488

Notes:-

2 No. required of
columns (305x305
UC 198).

All material grade
$355.

All grade of Bolt
10.9.

Dimensions in mm.

Additional plate
t=12mm

150
\ |
|
I~ I

315

Project
Experimental Tests of Steel-Concrete Composite
Reduced Web Section (RWS) Connections
Subjected to Cyclic Loading

Title
305x305 UC 198 Column and connected plates

Sheet 2 of 3
Prep. By: Fahad Almutairi

Sup. By. Dr. Konstantinos Tsavdaridis

Date 09/08/2021
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Continuity plate 277

[
} Thickness = 12 mm
|
|

o 1]

Column base plates

Section A-A

305x305 UC 198 ——— . L estesi

Column

Colurmn fange

Full Penetration Welds

[
: ™ Continuity plate : Section B-B Section C-C
\\ t=12mm | Thickness = 30 mm Thickness = 30 mm
\\ : Bottom Column base plates Top Column base plales
\——— Additional plate : 170
t=12mm | —_—

|
g | ~ 2
| N 305x305 UC 198 CUT : e =
! \ | |l
| Y, P A g 8 <
! ~ |
E ) s ‘;l | ey
i Front view ™ o 0% T : i
| s T e, ~ | Top view | -
| o g o o— | 24
| 1 —1 T T !
| - s lai : 170 /
| w 77 6 e ;Slde view
B . : ER e A2
I 370 400 370
| 94 24 76 l 75
: j \ I a0 ! T30 !

f=] . .

: - ] 51 L H rz I_J Side view : Front view i {— — — Floim m )
! i = i 400 120 120 100 130
| | — —_— A L
'[,,,,, B T - : 127
i i ! Web supplementary i - e — m—
! I e | 24 Yo : AZ
! ; plate/Additional platel | S 137 Section A1 Section A2
i 9 i : Thickness = 12 mm | |
| i .
- 1 : Project
i I : | Experimental Tests of Steel-Concrete Composite
| o4 o4 [ | Reduced Web Section (RWS) Connections
I u u\ N ! g i Subjected to Cyclic Loading
! s [y Endplate- 7 N | | Notes: Titl
| 5 t=s0mm [ B} | Notes:- . 1tle
| R : | | * 1No. required of 305x305 UC 198 Column and connected plates
i | : T T : columns (305x305
: o 0 247 | UC 198). Sheet 3 of 3
i S | —— ——— e All material grade
| | S$355. Prep. By: Fahad Almutairi
| |
E N i * lA;lgg rade of Bolt Sup. By. Dr. Konstantinos Tsavdaridis
!L, ,,,,,,, ! *  Dimensions in mm. Date 09/08/2021
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Secondary beam 305x165 UB 54

Side view Top view ;
8 P _~— Notched (160x50) Fin Plate
T / top and bottom Thickness = 10 mm
™ / 100
Notched (160x50) -tap /_,f 3 = o
and bottorn € -
. ] g 8
T 1’7 g] 7
R 2 79
g K ) LJ 2
@ / -
Fin —~ /
plate ~ S —
t=10mm } . i
“- Stiffener -
(in one side -left)
t=12mm
s [
g
M20 ——
Project
Secondary beam 305x165 UB 54 Experimental Tests of Steel-Concrete Composite
Reduced Web Section (RWS) Connections
S Subjected to Cyclic Loading
Title
” Re Notes:- Secondary Beam 305x165 UB 54
.

2 No. required of Sec. Beam
(305x165 UB 54).

All material grade S355.
All grade of Bolt 10.9.
Dimensions in mm.

Sheet 101

Prep. By: Fahad Almutairi

Sup. By. Dr. Konstantinos Tsavdaridis

Date 09/08/2021
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700

210

Full Penetration Welds

Side view

360

250
—— Threaded Rod M24 (800mm) o
S 3]
7 j—

-

210

N . S

20 - - S
1 26 20, ]3

i W | m 8 1 :\.9 ///
| 160 || 140 || 172 || 130 ] V4

— Stiffener—~
700 t=20mm

Top view

250

Loading Plates

Notes:-

* 1 No. required.

* Al material grade S355.

+  All grade of Bolt 10.9.

*  Dimensions in mm.

+  Full penetration weld, If access not possible, a double
fillet weld with at least 10 mm is alternative. NOT
SHOWN FOR CLARITY.

*  Threaded rod M24 with 8oomm length.

e Mi6 bolts are provided by University (NO needed)

Couplingfloading plate

2x21000x250x10"-9= 0.0105 m3
18000x250x10%-9= 0.0045 m3
5x2000x250x10"-9= 0.0025 m3
3000x700x10-9= 0.0021 m3
total Volume =0.0196 m3
weight = 0.0196 m3 x 7850 kg/m3
= 153.86 =154 kg =1.54 kN

End-Plate
Volume = 280x250x25x10"-9= 0.00175 m3
weight = 0.00175 m3 x 7850 kg/m3
13.74 =14 kg = 0.14 kN

End-Plate

51 26 70 26
| | H n
178 110
T 1 f 1
280 250

Project
Experimental Tests of Steel-Concrete Composite
Reduced Web Section (RWS) Connections
Subjected to Cyclic Loading

Title

Loading Plates and End-Plate
Sheet 10f 1

Prep. By. Fahad Almutairi

Sup. By Dr. Konstantinos Tsavdaridis

Date 09/08/2021
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Appendix C: Design of Extended End-Plate Connection

Project: 1/15
Client: 7/20/2021
Design of joints

1 General

Project name
Project number
Comment

Client name
Client address

Company

Company address

Designer

Calculation in accordance with

CEN EN 1993-1-8

Note: In the following calculations references to the Eurocodes are given. If the relevant part of Eurocode is not
specified reference is made to EN 1993-1-8.

1.1 Safety factors

Safety factor
Safety factor
Safety factor
Safety factor
Safety factor
Safety factor

2 Joint configuration

Name:

Comment:

Configuration:

Connection type:

Pasition number:

Paosition name:

Braced structure:

Ratio Kb/Kc greater or equal 0.1:
Global design procedure:

Yuo =1
Y =1

Yz = 1.25
Vs =1

¥s = 1.15
Ye = 15

Single sided beam-to-column joint configuration (1)

Single sided beam-to-column joint configuration
End plate connection (moment resistant)

No
Yes
Plastic

COP Professional 2.1.3
© 2019 Feldmann + Weynand GmbH

Fahad Falah Almutairi I
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Project: 2/15
Client: 7/20/2021
2.1 Joint 1

2.1.1 Joint geometry

2.1.1.1 Supporting member profile

Name UC 305 x 305 x 198, S355
Section height h = 339.9 mm
Section width b = 314.5mm
Flange thickness 1 = 314 mm
Web thickness 1. = 19.1 mm
Radius r = 15.2mm
Yield strength of flange fos = 355 N/mm?
Ultimate strength of flange fus = 490 N/mm?
Yield strength of web fow = 355 N/mm?
Ultimate strength of web fou = 490 N/mm?
Web height d 246.7 mm
Profile area A = 2.524-10° mm?
Profile shear area A = 7045 mm?

UC 305 x 305 x 198

]

[
r=15.2

31 444

#——339.9 ——%

19.1
¥ 3145 +

Figure 1: Supporting member profile

2.1.1.2 Web plates

Web plate thickness e = 12mm
Web plate is placed two sided

2.1.1.3 Stiffeners

Top stiffener Yes

Bottom stiffener Yes

Diagonal stiffener No

Stiffener thickness t, = 12mm
Stiffener width b, = 135.7 mm

COP Professional 2.1.3 Fahad Falah Almutairi I
© 2019 Feldmann + Weynand GmbH
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3/15
7/20/2021

Stiffener flange weld
Stiffener web weld
Stiffener yield stress
Stiffener ultimate strength

2.1.1.4 Beam profile

Name

Section height

Section width

Flange thickness

Web thickness

Radius

Yield strength of flange
Ultimate strength of flange
Yield strength of web
Ultimate strength of web
Web height

Profile area

Profile shear area

Beam inclination

2.1.1.5 End plate

End plate height

End plate width

End plate thickness
Yield stress of end plate

as

aw
fia
fust

UB 305 x

UB 305 x 165 x 54

=8 9f

—_————)

H#7.9
+—166.9 —%

Figure 2: Beam profile

137

—3104—

16

12 mm
12 mm
355 N/mm?
490 N/mm?

5 x 54, S355
310.4 mm
166.9 mm
13.7 mm
7.9 mm
8.9 mm
355 N/mm?
490 N/mm?
355 N/mm?
490 N/mm?
265.2 mm
6877 mm?
2656 mm?

0°

480 mm
280 mm
20 mm
355 N/mm?

COP Professional 2.1.3
© 2019 Feldmann + Weynand GmbH

Fahad Falah Aimutairi I
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4/15
7/20/2021

2.1.1.6 Bolt pattern

2.1.1.6.1 Bolt properties
Caption

Diameter

Hole diameter

Shank area

Bolt head height

Nut height

Washer thickness

Yield strength

Ultimate strength

2.1.1.6.2 Bolt positions

No. of rows

Pitch between bolt rows
Pitch between bolt rows
Pitch between bolt rows
No. of columns

Pitch between bolt columns

2.1.1.7 Welds

Flange weld size
Web weld size

2.1.1.8 General

Alternative T stub method

+—200——200 —%

480

ny

P12
P
n;

P21

280 -

&

a

1

-

o
1
o
o
.T
o
o
o
o
o
-
o
<

4804120 80 4

Figure 3: End plate

a
ay

Yes

27 mm

30 mm

459 mm?

17 mm

23.8 mm

5 mm

900 N/mm?
1000 N/mm?

100 mm
200 mm
100 mm

120 mm

9 mm
6 mm

COP Professional 2.1.3
© 2019 Feldmann + Weynand GmbH

Fahad Falah Almutairi B
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Project: 5/15
Client: 7/20/2021
2.1.2 Loading on joint
Table 1: Loads on beam (local oriented)
No. Name Ve Mipiea Nigtea
[kN] [kNm] [kN]
1|Default loadcase 0 0 0
Table 2: Loads on beam (global oriented)
LC Name V\‘M‘Ed M,.m.sd N|.b|.Ed
[kN] [kNm] [kN]
1|Default loadcase 0 0 0
Table 3: Loads for shear (global oriented)
LC Name Mmz Ed V\ ol Ed V._cz,Ed
[kNm] [kN] [kN]
1|Default loadcase 0 0 0
2.1.3 Joint properties
2.1.3.1 Positive moment
2.1.3.1.1 Components
2.1.3.1.1.1 Beam flange and web in compression (1)
Section class for My Class 1
Plastic section modulus Wy 8.461-10° mm?
Elastic section modulus W, 7.536-10° mm?
Effective section modulus Wy 7.536:10°mm® EN 1993-1-5
4.3(4)
Moment capacity of beam flanges M. ra 300.4 kNm
Beam flange resistance Fra 1012 kN  6.2.6.7 (6.21)
Stiffness coefficient ks +om
2.1.3.1.1.2 Column web in shear (Loadcase 1: Default loadcase)
Column web height d 246.7 mm
Column web thickness tu 19.1 mm
Epsilon € 0.8136 EN 1993-1-1 Thl. 5.2

COP Professional 2.1.3
© 2019 Feldmann + Weynand GmbH

Fahad Falah Almutairi I
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Project:
Client:

6/15
7/20/2021

Check of column web slenderness
EN 1993-1-8 6.2.6.1 (1)

Normal force in column

Load transformation parameter
Internal lever arm

Height of web panel in shear
Column profile shear area

Web plate width

Web plate thickness

Additional shear area by web plates

Shear resistance of web

2.1.3.1.1.3 Top/bottom stiffeners

Moment resistance of column flange
Moment resistance of stiffeners
Distance of horizontal stiffeners
Shear resistance of stiffeners

Shear resistance

Stiffness coefficient
Stiffness coefficient

2.1.3.1.1.4 Column web in compression (Loadcase 1: Default loadcase)

Load transformation parameter

Max. longit. compressive stress due to axial force and bending in column Geoma

Loaded length

Total column shear area

Column profile web height

Effective width

Effective web thickness

Plate slenderness

Reduction factor for plate buckling

Factor

Factor

Reduction factor for interaction with shear
Reduction factor for compression in column
Crushing resistance of web

Buckling resistance of Web

d/t,<69%
N. = OkN
B =1 5.3 (9) (5.4a/b)
Z = 289.1 mm
z = 289.1 mm
A = 7045 mm?* EN 1993-1-16.2.6 (3)
b. = 246.7mm 6.2.6.1
o = 12mm
A = 0mm? 6.2.6.1 (6)
Vip g = 1300 kN 6.2.6.1 (2) (6.7)
Mogrs = 27.52 kNm 6.2.6.1 (4)
Maosre = 3.08 kKNm 6.2.6.1(4)
d. = 296.7 mm
Vup i pa 206.3kN  6.2.6.1 (4) (6.8)
Fra = 1506 kN
Fro/P = 15086 kN
Kia = 0.009261 m 6.3.2 (1) Tbl. 6.11
Kq = 0.009261 m
B =1

= 0 N/mm?
Lo = 79.16 mm
Avzot = 7045 mm?
e = 246.7 mm
Do come = 3122mm 6.2.6.2(1) (6.10-6.12)
[ = 191 mm 6.2.6.3(8)
T = 0.5567 6.2.6.2(1) (6.13c)
p =1 6.2.6.2(1)
o8 = 0.7196 6.2.6.2 Tbl. 6.3
©; = 0.4601 6.2.6.2Tbl. 6.3
0] = 0.7196 6.2.6.2Thl. 6.3
Kuca =1 6.2.6.2(2)
Facweora = 1523 kN 6.2.6.2(1) (6.9)
Facuwerura = 1523 kN 6.2.6.2(1) (6.9)

COP Professional 2.1.3
© 2019 Feldmann + Weynand GmbH

Fahad Falah Almutairi I
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7115
7/20/2021

2.1.3.1.1.4.1 Requirements for stiffeners

Stiffener width
Stiffener thickness
Stiffener yield stress
Stiffener weld size
Beam width

Beam yield stress
Beam flange thickness
Stiffener class 3 check

Stiffener yield stress check
ENV 1993-1-1 J.3.56.2/J.3.3.2

Stiffener thickness check
ENV 1993-1-1 J.3.5.2/J.3.3.2

Stiffener width check

Resistance
Web thickness
Web height
Effective width

Stiffness of column web
A2.2.2)

Stiffness coefficient

2.1.3.1.1.5 Bolts in tension
Shear area of bolt

Factor

Tension resistance (per bolt)
Bolt elongation length
Stiffness per bolt row

2.1.3.1.1.6 Bolt row 1:

2.1.3.1.1.6.1 Column flange in bending
Effective length in mode 1

Effective length in mode 2

Edge distance

Design tension resistance of t-stub in mode 1
Design tension resistance of t-stub in mode 2
Design tension resistance of t-stub in mode 3

Resistance
Stiffness coefficient

135.7 mm
12 mm
355 N/mm?
12 mm
0mm

355 N/mm?
0 mm

(b.(2) A, < 14*V(235H,,)

fa =1,

ta2ty

bu > (By-tuc)/2

FRd
t.

due
b

Kauee

k2

k
Firo
Ls

Lesa
Lesz

Frigra

F: 2Rd

F: 3Rd

Fra
ks

2.1.3.1.1.6.2 Column web in tension (Loadcase 1: Default loadcase)

+« kKN

19.1 mm

246.7 mm

3122 mm 6.2.6.2(1) (6.10-6.12)
0.01692m Tbl. 6.11 (EN1994-1-1

+o m

459 mm?

0.9 3.6.1Thl. 34
330.5kN 3.6.1Thl. 3.4
76.8 mm

0.009563 m

240.6 mm

315.8 mm

47.86 mm EN1993-1-8 Thl. 6.2
2975 kN EN1993-1-8 Thl. 6.2
1009 kN EN1993-1-8 Thl. 6.2
661 kN EN1993-1-8 Thl. 6.2
661 kN 6.2.4 Thl. 6.2
0.1194 m 6.3.2 Thl. 6.11
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Effective width Dan e 3158 mm  6.2.6.3 (2/3)
Column profile shear area A 7045 mm? 6.2.6 (3)

Total column shear area Aot 7045 mm?

Factor , 0.7156 6.2.6 Thl. 6.3

Factor W, 0.4559 6.2.6 Thl. 6.3
Reduction factor for shear interaction 0] 0.7156 6.2.6 Thl. 6.3
Tension resistance of web Ftuera 1532 kN 6.2.6.3 (1) (6.15)
Resistance Fra 1532 kN

Stiffness coefficient ks 0.01304 m 6.3.2 Thl. 6.11
2.1.3.1.1.6.3 End plate in bending

Effective length in mode 1 Lesa 140 mm

Effective length in mode 2 Leso 140 mm

Edge distance n 40 mm EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 1 Frira 820 kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 2 Frord 487.5kN  EN1993-1-8 Tbl. 6.2
Design tension resistance of t-stub in mode 3 Fragra 661 kN EN1993-1-8 Thl. 6.2
Resistance Fra 487.5kN 6.2.4 Thl. 6.2
Stiffness coefficient ks 0.0243 m 6.3.2 Thl. 6.11
2.1.3.1.1.7 Bolt row 2:

2.1.3.1.1.7.17 Column flange in bending

Effective length in mode 1 Loty 240.6 mm

Effective length in mode 2 Losz 319 mm

Edge distance n 47.86 mm EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 1 Frigra 2975 kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 2 Fr2ga 1015 kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 3 Frara 661 kN EN1993-1-8 Thl. 6.2
Resistance Fra 661 kN 6.2.4 Thbl. 6.2
Stiffness coefficient Kk, 0.1194m 6.3.2 Thl. 6.11
2.1.3.1.1.7.2 Column web in tension (Loadcase 1: Default loadcase)

Effective width Dastiime 319 mm 6.2.6.3 (2/3)
Column profile shear area Avo 7045 mm? 6.2.6 (3)

Total column shear area Aot 7045 mm?

Factor , 0.7121 6.2.6 Thl. 6.3

Factor ©; 0.4523 6.2.6 Tbl. 6.3
Reduction factor for shear interaction [0 0.7121 6.2.6 Thl. 6.3
Tension resistance of web Fatwere 1540 kN 6.2.6.3 (1) (6.15)
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Resistance Fra = 1540 kN

Stiffness coefficient ks = 0.01304 m 6.3.2 Tbl. 6.11
2.1.3.1.1.7.3 End plate in bending

Effective length in mode 1 Lo = 309.5 mm

Effective length in mode 2 Lasz = 375.6 mm

Edge distance n = 61.58 mm EN1993-1-8 Tbl. 6.2
Design tension resistance of t-stub in mode 1 Frira = 1114 kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 2 Fi2ra = 607.8 kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 3 Frira = 661kN EN1993-1-8 Thl. 6.2
Resistance Fra = 607.8kN 6.2.4Thl. 6.2
Stiffness coefficient ks = 0.01864 m 6.3.2 Tbl. 6.11
2.1.3.1.1.7.4 Beam web in tension

Resistance Fra = 1053 kN 6.2.6.8

2.1.3.1.1.8 Bolt row 3:

2.1.3.1.1.8.1 Column flange in bending

Effective length in mode 1 Lot = 240.6 mm

Effective length in mode 2 Lons = 319 mm

Edge distance n = 47.86 mm EN1993-1-8 Tbl. 6.2
Design tension resistance of t-stub in mode 1 Frigra = 2975kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 2 Frora = 1015kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 3 Frara = 661kN EN1993-1-8 Thl. 6.2
Resistance Fra = 661kN 6.2.4 Tbl. 6.2
Stiffness coefficient ks = 01194m 6.3.2Tbl. 6.11
2.1.3.1.1.8.2 Column flange in bending / Group 2 to 3

Effective length in mode 1 Las = 563.2 mm

Effective length in mode 2 Lasz = 563.2 mm

Edge distance n = 47.86 mm EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 1 Frira = 6965 kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 2 Fi2ra = 1878 kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 3 Frara = 1322 kN EN1993-1-8 Thl. 6.2

2.1.3.1.1.8.3 Column web in tension (Loadcase 1. Default loadcase)

Effective width et ine = 319 mm 6.2.6.3 (2/3)

Column profile shear area A = 7045 mm? 6.2.6 (3)

Total column shear area Azt = 7045 mm?

Factor o) = 0.7121 6.2.6 Thl. 6.3

Factor ; = 0.4523 6.2.6 Thl. 6.3
Reduction factor for shear interaction [0} = 0.7121 6.2.6 Thl. 6.3

Tension resistance of web Fatwers = 1540 kN 6.2.6.3 (1) (6.15)
Resistance Fra = 1540 kN
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Stiffness coefficient ks = 0.01304 m 6.3.2 Tbl. 6.11

2.1.3.1.1.8.4 Column web in tension (Loadcase 1: Default loadcase) / Group 2 to 3

Effective width Dot e = 563.2mm 6.2.6.3(2/3)
Column profile shear area A = 7045 mm* 6.2.6 (3)

Total column shear area Aot = 7045 mm?

Factor o = 0.4981 6.2.6 Thl. 6.3

Factor ; = 0.276 6.2.6 Thl. 6.3
Reduction factor for shear interaction (0] = 0.4981 6.2.6 Thl. 6.3
Tension resistance of web Foiwere = 1902 kN 6.2.6.3 (1) (6.15)
Resistance Fra = 1902 kN

2.1.3.1.1.8.5 End plate in bending

Effective length in mode 1 - = 309.5 mm

Effective length in mode 2 Lz = 375.6 mm

Edge distance n = 61.58 mm EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 1 Fiira = 1114 kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 2 Fizra = 607.8kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 3 F1sra = 661kN EN1993-1-8 Thl. 6.2
Resistance Fra = 607.8kN 6.2.4Thl. 6.2
Stiffness coefficient ks = 0.01864 m 6.3.2 Thbl. 6.11
2.1.3.1.1.8.6 End plate in bending / Group 2to 3

Effective length in mode 1 Lo = 654.1 mm

Effective length in mode 2 Lasiz = 654.1 mm

Edge distance n = 61.58 mm EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 1 Friga = 2355kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 2 Frora = 1153 kN EN1993-1-8 Thl. 6.2
Design tension resistance of t-stub in mode 3 Frare = 1322 kN EN1993-1-8 Thl. 6.2
Resistance Fra = 1153 kN

2.1.3.1.1.8.7 Beam web in tension

Resistance Fra = 1053 kN 6.2.6.8

2.1.3.1.1.8.8 Beam web in tension / Group 2 to 3

Resistance Fra = 1834 kN 6.2.6.8
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2.1.3.1.2 Moment resistance / stiffness

2.1.3.1.2.1 Loadcase 1 (Default loadcase)

Table 4: Component assembly for hogging moment

Global Beam flange in compression Farcra 1012 kN [k, +oo mm
Column web in shear Fewsra 1506 kN [k 9.261 mm
Column web in compression Fewera +e0 kKN [k, +oo MM
Compression resistance Feora 1012 kN

Bolts Bolts in tension Fir 330.5 kN (k1o 9.563 mm

Boltrow 1 |End plate in bending S—_—— 487.5 kN | ks 24.3 mm
Column web in tension Fewrire 1532 kN |k, 13.04 mm
Column flange in bending - 661 kN |k, 119.4 mm
Effective tension resistance Fire 487.5 kN
Lever arm hy 348.4 mm

Boltrow 2 |End plate in bending Ferszra 607.8 kN (ks 18.64 mm
Beam web in tension Fewrzra 1053 kN | kg +o00 mm
Column web in tension Fewrara 1540 kN [k, 13.04 mm
Column flange in bending Ferszra 661 kN |k, 119.4 mm
Effective tension resistance Fiara 524.8 kN
Lever arm h, 248.4 mm

Bolt row 3 |End plate in bending Fees sra 607.8 kN | ks 18.64 mm
Beam web in tension Fewrsra 1053 kN | kg +o0 MM
Column web in tension Fewrard 1540 kN | ks 13.04 mm
Column flange in bending Fcreara 661 kN |k, 119.4 mm
Effective tension resistance Fara 0 kN
Lever arm h, 48.35 mm

The effective tension resistance considers reduction due to bolt group effects, global components and possible
lack of ductility (see EN 1993-1-8, 6.2.7.2 (5)-(9)).

Plastic moment resistance [ = 300.2 kNm
Elastic moment resistance M. ra = 200.1 KNm
Initial rotational stiffness Siini = 8.204-10* kNm/rad
Rotational stiffness S,m/n = 4.102-10* kNm/rad

2.1.3.2 Shear
2.1.3.2.1 Shear components

2.1.3.2.1.1 Bolts in shear (Loadcase 1. Default loadcase)

Factor O, = 06 3.6.1Thl. 34
Shear resistance per shear plane Fora = 2748kN 3.6.1Tbl. 3.4
Shear resistance of bolt row 1 Foiro = 157 kN
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Shear resistance of bolt row 2 Fuzre 157 kN

Shear resistance of bolt row 3 Fuare 549.7 kN

Shear resistance of bolt row 4 Foaps 549.7 kN

2.1.3.2.1.2 End plate in bearing

2.1.3.2.1.2.1 Boltrow 1:

Factor Oy 0.4444 3.6.1Thl. 34
Factor [ 0.4444 3.6.1Thl. 3.4
Factor ks 25 3.6.1Thl. 34
Bearing resistance Fora 235.2kN  3.6.1Tbl. 3.4
Resistance Fora 470.4 kN

2.1.3.2.1.2.2 Bolt row 2:

Factor Oly 0.8611 36.1Thl. 34
Factor Oly 0.8611 3.6.1Thl. 3.4
Factor Kk, 2.5 3.6.1Thl. 34
Bearing resistance Fora 455.7kN  3.6.1Tbl. 3.4
Resistance Fora 911.4 kN

2.1.3.2.1.2.3 Bolt row 3:

Factor Oy 1.972 3.6.1Thl. 3.4
Factor o, 1 3.6.1Thl. 3.4
Factor ks 2.5 3.6.1Thl. 3.4
Bearing resistance Fore 529.2kN  3.6.1Thl. 3.4
Resistance Fora 1058 kN

2.1.3.2.1.2.4 Bolt row 4:

Factor Oy 0.8611 3.6.1Thl. 3.4
Factor Oly 0.8611 3.6.1Thl. 3.4
Factor ki 2.5 3.6.1Thl. 34
Bearing resistance Fora 455.7kN  3.6.1Tbl. 3.4
Resistance Fore 911.4 kN

2.1.3.2.1.3 Column flange in bearing

2.1.3.2.1.3.1 Boltrow 1:

Factor Oy +oo 3.6.1Thl. 3.4
Factor o, 1 3.6.1Thl. 3.4
Factor ks 2.5 3.6.1Thl. 3.4
Bearing resistance Fora 830.8kN 3.6.1Thl. 3.4
Resistance Ford 1662 kN

2.1.3.2.1.3.2 Bolt row 2:

Factor Oy 0.8611 3.6.1Thl. 3.4
Factor Oy 0.8611 3.6.1Thl. 3.4
Factor ks 2.5 3.6.1Thl. 3.4
Bearing resistance Fora 7154kN  3.6.1Tbl. 3.4
Resistance Fora 1431 kN
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2.1.3.2.1.3.3 Bolt row 3:

Factor Oy = 1.972 3.6.1Thl. 3.4
Factor Oy =1 3.6.1Thl. 3.4
Factor ks = 25 3.6.1Thl. 34
Bearing resistance Fora = 830.8kN 3.6.1Tbl.34
Resistance Fora = 1662 kN

2.1.3.2.1.3.4 Bolt row 4:

Factor Olg = 0.8611 3.6.1Thl. 3.4
Factor o, = 0.8611 3.6.1 Tbl. 3.4
Factor Kk, = 25 3.6.1Thl. 3.4
Bearing resistance Fora = 7154 kN 3.6.1Tbl. 34
Resistance Fora = 1431 kN

2.1.3.2.1.4 End plate in block tearing

Net area in tension At = 1800 mm? 3.10.2(2)
Net area in shear Ans = 1000 mm? 3.10.2 (2)
Resistance of shape 1 Venrai = 8106 kN  3.10.2 (2) (3.9/3.10)
Net area in tension Az = 2600 mm? 3.10.2 (2)
Net area in shear Az = 1000 mm* 3.10.2 (2)
Resistance of shape 2 Vitraz = 1224 kN 3.10.2 (2) (3.9/3.10)
Net area in tension Aus = 4400 mm? 3.10.2(2)
Net area in shear A = 0mm? 3.10.2 (2)
Resistance of shape 3 Vetras = 1725kN 3.10.2 (2) (3.9/3.10)

2.1.3.2.1.5 Beam web in shear

Shear area A, = 2656 mm?
Resistance Veaar = 2722kN EN 1993-1-16.2.6 (2)
(6.18)

(Remark: resistance is limited to 50% of the shear resistance of the beam {0} to avoid reduction of moment due
to interaction with shear.)

2.1.3.2.1.6 Web weld in shear

Weld size a, = 6mm

Length of web weld L. = 530.4 mm
Resistance Vel = B800.3kN 4532
2.1.3.2.2 Shear downwards

Table 5: Component assembly for shear downwards(LC 1)

Bolt row 1 Vs 157 kN

Bolt row 2 Vraz 157 kN

Bolt row 3 Vras 549.7 kN

Bolt row 4 Veaaa 549.7 kN

Total Veais 1413 kN

Beam web in shear  |Vagsus 272.2 kN

Web weld in shear Vraweia 800.3 kN
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Resistance '/ = 272.2 kN
2.1.4 Joint checks
2.1.4.1 Resistance checks
Table 6: Moment check
LC |Name Mieq Mira Utilization factor | Design check
[kN] [kN]
1|Default loadcase 0| 300.2 0|OK
Table 7: Shear check
LC |Name Viee  |Virg Utilization factor | Design check
[kN]  |[kN]
1| Default loadcase 0| 2722 0|OK
Table 8: Column web panel in shear
LC |Name Vioped z Vop o Utilization factor | Design check
[kN]  [[mm] |[kN]
1| Default loadcase 0| 2891 1506 0|OK
2.1.4.2 Further checks
Table 9: Welds of beam 1
LC |Name ar Btreq Design check |a, e Design check
1| Default loadcase 9mm| 7.896 mm|OK 6 mm| 4.553 mm|OK
2.1.5 Classification
2.1.5.1 Stiffness classification
Factor ke = 25 EN1993-1-8 5.2.2.5
Span of beam Ly = 31m
Stiffness boundary for rigid joints Siim = 1.981-10° kNm/rad
EN1993-1-8 5.2.2.5
Stiffness boundary for pinned joints Sl = 3962 kNm/rad  EN1993-1-8

5225

Table 10: Stiffness classification

LC |Name

Initial rotational stiffness S,

Classification

-

Default loadcase

8.204-10° kNm/rad

Semi-rigid

2.1.5.2 Strength classification

Relevant moment

Meeiovant 300.4 kNm EN1993-1-8 5.2.3.3

COP Professional 2.1.3
© 2019 Feldmann + Weynand GmbH

Fahad Falah Almutairi I



240

Project: 15/15
Client: 7/20/2021

Table 11: Strength classification

LC [Name Moment resistance My Classification
Default loadcase 300.2 kNm | Partial-strength

-

3 References

[1] EN 1993-1-1:2005 Eurocode 3: Design of steel structures, Part 1-1: General rules and rules for buildings
[2] EN 1993-1-8:2005 Eurocode 3: Design of steel structures, Part 1-8: Design of joints

[3] EN 1994-1-1:2004 Eurocode 4: Design of composite steel and concrete structures, Part 1-1: General rules
and rules for buildings
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Appendix D: Design of RWS Connections

Design of RWS-H Connection

— 1250 ——
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1. Dimensions and properties (Inputs)

1.1. General dimensions  ,—w—

Beam span L:=5000 mm
Beam span to loading point L, :=2818.5 mm

Beam spacing b:=3000 mm
Slab depth h,:=140 mm
Slab span L,:=5000 mm

Effective slab width

bei=(L)+4=1.25m
* Profiled Metal Deck - Tata Steel ComFlor60

* Bolted Shear Studs M20 Gr.8.8
Connector effective diameter
dypas=17.7 mm
Height of shear connectors
h,.:=100 mm
Longitudinal spacing of studs
Sstnd.q =300 mm
Transverse spacing of studs:

Profile weight my:=0.1 kN b(., =100 mm
m? width for end-post
Deck depth h, =60 mm S,:=186 .mm .
# of stud in one rib
Slab depth above profile h,=65 mm n,:=2

Overall height of sheeting profile hy:=75 mm
Deck thickness t:=0.9 mm
Average trough width

Yield strength

bo.decr =145«

fy.derkin.g =350 - 2
mm

Tensile stress area of the bolt
A g =245 mm
Ultimate strength
N
fu‘studs =800 _2
mm
mm
N * Mesh A393 to BS 4483

Weight m,,:=0.06 ﬂz Ay:=393 mm’
m

1.2. Section properties of the beam e
. Beam size 457 x 191 UB 74 kg/m UB:

Depth h:=310.4 mm
Breadth by:=166.9 mm
Flange thickness  t;:=13.7 mm
Web thickness t,:=7.9 mm
Root radius r:=8.9 mm

Clear depth of web d,,:=265.2 mm
Cross-sectional area A, :=6880+-mm?

1.3. Material properties &=
Steel grade S355

Second moment of area I,:=11700-10" -mm*
Elastic section modulus W, := 754000 mm*
Plastic section modulus W, , :=846000 mm?®

Shear area A,=2659 mm’
0.54 ﬂ N
Weight mqm = Lt
m

fy‘beam =355 Lz Ebeam =210 i
mm mm
Concrete grade C25/30
fck:=25 e Evm:=31 N2
mm mm
1.4. Partial factors
o= 20 =i b
Vertical shear resistance
Y2 =125 Ypoi=1 Als fy.beam]
v

Ematerial=0-925 Volard™= V3 =544.987 kN

Ymo
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1.5. Dimensions and properties of web opening: I R ——
- Diameter of opening h,:=h-0.8=248.32 mm

- Edge-to-edge spacing S,:=0 mm

- Equivalent rectangular opening length 1,:=0.45+h,=111.744 mm

- End distance to web opening centreline 5:=0.8.h=248.32 mm

- Height of equivalent rectangular opening h,_,:=0.9+h, =223.488 mm

- Effective length of opening [, .;¢:=0.7 - h, = 173.824 mm

- Area of each of the two Tees (neglecting radius. using in Tensile resistance of bottom Tee)

(Aa=heort) ;
Ar o, i=————— 1 —9557.222 mm
- Area of each of the two Tees (the full height of the circular opening, neglecting radius - using
in shear resistan n rforat mpositt m section)

A,—h,+t, .
AI,::i( = 2" Y =2459.136 mm*
- Shear Area

Ay = Ap—bpe b+ (274 1,) - 0.5+ £, =348.651 mm*
h—h,
- Depth of Tees h,r::Tt“):al.'iAk’:b‘ mm

- Depth of web of Tees b, :=hyp—1;=29.756 mm

- Depth of centroid of Tee from flange

)b

Ay
- Effective depth between centroid of Tees
Repri=h—2-2,=292.2 mm
- The cross sectional area of the flange is
Api=tp by =2286.53 mm”
- The cross sectional area of web of the Tee is
Ay pi=hypet,=235.072 mm”®
- The depth of the plastic neutral axis of the Tee from the outer surface of the flange is
given by:
A+A, 1

zw =
2. by

=9.1 mm

=7.554 mm

- Plastic bending resistance of steel section at the web opening

Jibe . hy” oty -
M, o= | = |« | Wy ————| =257.1 kN -m
Vo 4
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2. Actions

2.1. Construction stage

* Permanent action: « Variable action: %
. kN Weight of wet t
Self weight of beam  gyeu, 1 = Mpear, =018 — S oTe ct;nNcre © m? kN
g Goonerete.1 =25 ——+0.097 « —— =2.425 ——
Self weight of deckin =my=0.1 Y m'* m m’
g 9 Gdecking1 = TMa =0 m? Construction load
- kN
Self weight of mesh g, =1, =0.06 —— eonstruction.1 =075 —
: m? m
Total permanent actions Total variable actions
. L. kN
951 1= Gbeam.a T Gdecking1 T Gmesh.1 = 0-34 — Q.1 = Qeoncrete.1 + Qeonstruction.1 = 32 —
m m-
2.2, Composite stage
« Permanent action: <= « Variable action: &=
. kN 1 |
Self weight of beam g, =M, =0.18 > o
kﬂ;’;n qy:= 5.0- —
Self weight of decking g,;..ping :=11,=0.1 Y -
m
Self weight of mesh g, :=m,,,=0.06 ka[
m
Self weight of Slab
kN 2 kN
Q=24 2 .0.007. ™ —9.33 *Y
m’ m m*
Finishes, services etc. 4 finishes = 1.3 —
m2
Total permanent actions
kN
9k = Gpeam T gr]m:king + Imesh T Qstap + quishu =4 2
m
2.3. Partial factors for actions
Yei=1.35 Yoi=1.5  Euctions:=0.925
2.4. Design values of combined actions (Outputs)
. kN . . kN
Wi=vg* gh1+7g" Ga =5-222 — W= ctions* Ve " 9+ Vg * @ =12.455 —
m- m-

2.5. Design bending moments and shear forces (Outputs)

* Construction stage * Composite stage
Maximum shear force Maximum shear force
. . L . . ] L
Vg, =W 1-11-7:.39,2 kN Vipgi=W -b-;:93.4 kN
Maximum moment (mid-span) Maximum moment (mid-span)
. L’ o
Mpgq= H'l-b-?:m m+kN Mpyi=W -()-?:117 m-kN
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3. Shear connection

3.1. Shear connector resistance
Shear resistance of a headed stud connector ( Py, ) is the

4-1-1/ smaller of:
§6.6.3.1(1) do 2
Eq.(6.18) .“fi‘fs
(1) Pra1=0.8+fy quas* =125.981 kN
v
or
4-1-1/ by sc

=5.65 if

§6.6.3.1 >4=1 Therefore a:=1Input

(1) studs studs
Eq.(6.21) (Note: 1 means it is true and 0 means not true)

( Sk Bon* 1000)

(2) Prys=0.29 a-dgq,"° - =63.986 kN
4-1-1/ U
§6.6.3.1(1)  Therefore. the shear resistance of a shear connector in a solid
Eq.(6.19) slab is

Pra.min =m0 (Pry.; , Pry) =63.986 kN m

¢ Reduction factor due to decking profile — decking ribs
transverse to the supporting beams:

The number of stud in one rib at a beam intersection (no greater
than 2)
n,=2

Average trough width b, ;... =145 mm

4-1-1
§6.6.4.2(1) 0.7 I h. . S—
Eq.(6.23)  kyqpi=|—]|- % . h_“f =0.797

\n, P P
SCI P428 However, the upper limit for &, is 0.6 when nr = 2,and sheet thickness < 1.0 mm.
Eq. (312)  Therefore, k,:=0.6 and the shear resistance of a single shear connector,
BSEN when placed in pairs per decking rib, is:
199411 Ppryi=Prgmin* %= 38.392 kN
Table 6.2 &
SCI P428 However, The shear connectors are non-ductile but satisfy the requirement of a slip

Eq.(3.11) capacity of 6 mm. Therefore, use Prg.sy=Ppq-fnedfor plastic design for uniform

spacing kg, :=0.8

SCI P428 £G.3.11)  Ppg otri= Py kpey =30.713 kN

3.2. Number of shear connectors ’

n,=2 {%
Prow. Low = 0 From face of column to the end
Plrgus high ©= 1 of web opening

Tge. Low = Tr * Throw Low = 12 Me . Low =0

Noge high *= Ty * Morgus. high = 14 ——— Pse.o.high =2

Page 5
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4. Bending resistance at mid-span (composite stage)
Solid webbed section (without opening)

4.1. Resistances of sections

+ Effective width of compression flange at mid- * Tensile resistance of steel flange:
span, ignoring spacing of studs b, ;;=1.25 m

bI ° t_f f y.beam

» Compressive resistance of slab Npnat= Yo =311.715 kN
0.85+ fpob.rreh, '
N pa=——— 4 —1151.042 kN -
Y, « Tensile resistance of steel web
» Tensile resistance of steel section . . o i
‘ Ay Ly peam Noorai=Naga— (2 Njpg) =818.964 kN
N, pai= L =2442.4 kN
Vs Since N, pa>N..za=1 and

Since N, p;>N,.,zs=1 the PNAlies in the

steel section Nyra<N..ne=1 the PNAlies in the steel

Flange

Note: 1 means it is true and 0 means not true)

(Note: 1 means it is true and 0 means not true)
4.2. Degree of shear connection

hYi — 2 — A=
N maw.high*=Tschigh * Pra.crp=430 kN

The degree of shear connection at mid-span is

N
c.maz.high Gy
Nhigni=——— —=0.37

Nesrd

4.3. Bending resistance for full shear connection

Ty beam

* Bending resistance of steel section. M, gg:=W,,+———=300 kN -m

Ym0

+ Bending resistance of composite solid webbed section f——

Taking moments about the top flange (neglecting the contribution from the part of the top

h,. }
flange that is in compression) M g1 =Ny, pa* [(_—))ﬂh],] +N, M‘%: 485.5 kN +m )
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in ress-Block Method:

P.N.A. Lies in the Steel flange ’

N.,. > N, Therefore neutral axis lies in the steel beam Npta = Ner

P 0 -
Neutral depth: x =
eutral axis depth: x 20,

Npl.a > N2 N_, Therefore neutral axis lies in the flange

Take moments about the base of
¥
b, hvl ¥ - E "N, the bottom flange of the steel
h, 4 Jx  Jb-h)2+h, beam

1 PNA = La

Mpiga = (Vop X (h +hy + %2 )
(-2t xt,) x £,k

.
-(Ifxl)xfyle

£ l +(exbxf)x(h-%)
' = '((EQ'X]X"xh)x(h_X_E%}J

h N

pla * DR

> g

Since N, pg>Ng e @nd Ny, pg <N, rq the PNA lies in the steel Flange

{(Nu.ra—Ne.s.ra)

PNA depth z := : =10.9 mm
(2+bg Fybeam)
Take moments about the base of the bottom flange of the + F1:i=N,,p4=1151 kN
steel beam: FF2:= (20 by £y peum) =646 kN
h.—h 9. X — 166
e . s p | . F3:= (b —2) * (Fyeam * by) = 166 kN -
M,:=N,pa® |hthy+ 9 ]_472 e Fdi= ((n—z-r,-)f- ty) * Fybeam=T94 kN

(244 0]y ) =128 - N

t
M= ((tf-bf-‘fyl,,m) jf) =6 kN-m

M, = ((z-bf-fy_bmm) c ("ha] =197 kN +m
M;= (((%*Z) (f e b7)) '(hﬁzf tf;z])=49 EN -m

My =M, — My— M+ M, —M;=491 kN -m

4.4. Bending resistance for partial shear connection
Use linear interpolation:

For partial shear connection, the bending resistance of the composite section is obtained

by interpolation between that of the steel section and that of the composite section with full

shear connection.

My nigh'=Myp o ga+0.4 (M gay =M ra) =374.4 kN -m T
Mg;=116.766 kN -m

Since Mpy pign=Mgg=1 the design bending resistance at mid-span is satisfactory.
(Note: 1 means it is true and 0 means not true)

Page 7
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1- eyl

5. Design of beam at circular opening (composite stage)

5.1. Design effects

Bending moment at the centreline of
opening (@ 4= 5=248.32 mm) is: =

kN
W=1246 — — b=3m —Vp,=93 kN
m

Shear force at edge of equivalent opening

i
4 (at z(,,r;:o.m m)is:

l
Vidoi=Vgs—W:b- [mM 7;*’] =86.2 kN

=]

T 2
Mo =VigToa—Web -%:22 kEN-m

126653 Kuf, f— ]
e

L
I T‘Ev{ ’

5.2. Section classification
The top flange is Class 2, due to its attachment t the slab (shear connectors in mid-
outstand at 300 mm spacing along the beam).
Classification of web outstand of the top Tee in Vierendeel bending (ignoring axial
compression): For the web to be Class 2, independent of its depth:

lyesp<32 €2ty — U, y=173.824 mm Where g:=

Therefore 32 €-t,,=205.7T mm then 32 e-1,>!, ;=1

(Note: 1 means it is true and 0 means not true)
Table 3.2

page 39 The Tee is Class 2 in Vierendeel bending. The bottom Tee is thus also Class 2,
P355 irrespective of the tension force in the Tee (which would improve the classification).

5.3. Bending resistance at centreline of circular opening

Resistances of section at the opening
P355 * Tensile resistance of bottom Tee (The axial resistance of the Top Tee)

Eq. A .
(5) N(,_T_mi - T.e.0 .fy.benm — 908 kN
Fmo
* The compressive resistance of the effective width of slab at the opening
Neglecting b,=100 mm , the effective width is given by ’
. L To.a

L,=2.819 m — x,=248.32 mm — b ,t=|3+ 6 + i =1000 mm
2255 N, gqi=min {0‘85 N J}k . bqff,u . hr] (‘”ﬂ« L0.high* PRrI,r‘ff)
(6) Fai

N, Rao1i= (0.85- -bsf,.,o-hl] =920 kN —-0r-

®

Ny Rd.o high = Thse o high * Pra.cts =61 kN No shear studs above web opening

Thus Ny pa.onighi=mn (Nepaor s Nera.onighs) = 61 kN

[ — ]

??55 « Plastic bending resistance of composite at the web opening
q.
g T
© M. ji.ohigh= (Nb.‘T.h‘d o hqﬁf) + (Nr‘..'(d.a_h_jgh' (ZPH- h,—0.5. hp» =272 kN-m L .
This bending resistance is adequate at opening
ﬁl{.‘.Rd.o.high >"“’Ed.o =1

(Note: 1 means it is true and 0 means not true)

(~.

(nsu.a.m'gh *Pri.

.Rd.ol"® (z'
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For the consideration of coexistent global bending, Vierendeel bending and shear
at opening, the design tension force in the bottom Tee is required.

For Case 2, the value of N, ;;, is given by the following (unless this exceeds

N ra.o. €€ Section 3.2.2)
My, ’

N, = =53.924 kN
P355 o (hegr+ 2+ h, —0.5-h,) [ — - —
Eq. (8) Nyr.zd>NeRd.ohigh=0
(Note: T means it is true and 0 means not true)
thus NO need to use Eq. (10) to determine the force in the bottom Tee_for high
composite

5.4. Shear resistance of perforated composite beam section
| have to solve it as there is a problem in units

The design shear resistance is the sum of the
resistances of the top and bottom Tees and the

concrete slab: Vig,:= +VirnatVena

1. Plastic shear resistance of a Tee section is

aiven by:
Votrao™ Vizra=Vorra
3-1-1/ ¢
§6.2.6 Jy.beam
AF.TI y.beaimn
V3
Vprgdo=——————=T71.5 kN
Ymo
P355
Eq 1. Shear resistance of the concrete slab at an
(12) opening

1

§$55 Vde:: 'k' (100 P 'frk) ! +k1 "Oep 'bm'hc

13
(13 With a minimum value of:

Ve Rdamin™= [ +ky- o-cp] by, h,

Page 9
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Ry oppi=0.75-h,=105 mm
Effective width of the slab
byi=by+2h, .;y=376.9 mm

0.18
2_;_;2"2/ Chryae= - =0.12 k,:=0.15
Ye

%AG;E d:=h.=65 mm
(1) T

k=1 +\/ﬂ =2.754 but k<2=0
2-1-1/ &
§6.2.2 (Note: 1 means it is true and 0 means not true)
(1)

therefore ky;,.;:=2 (I have changed the kto
kymie @S it is greater than limit)

py:=Ay+(1000-mm -d)=0.006

p<0.02=1
(Note: 1 means it is true and 0 means not true)

besro=999.6 mm

The value of the first term in the expression for V', »;

1

1009y fis) ? + Craes K ;
( 21 fL’L) R Rtimit | oo N. — 0503 N’
L mm” mm®
kg’
1
m®.s®

| have to solve it like this as there is a problem in the units and |
need the results in N/mm2

The value of the first term in the expression for the minimum
2.1-17 value, v, .. is:

Table ( kS ( )
NA.1 0.035 « \ kit e Vfer N
(§6.2. Urmin= - -10% =0.495 ——
2(1)) 5 mm
m° s
3
kg’

| have to solve it like this as there is a problem in the units and |
need the results in N/mm2

So, use y=0.59

2
T

From above, assuming no compression Total shear strength of concrete is:
in the top Tee, the force in the slab at the Veopai= Ytk 0y) by+h,=17.6 kN
opening equals the force in the bottom
Tee Nypug=53.924 kN Hence, Shear resistance of perforated
composite beam section
N because Vi, nuo= Virna=Virna
mm’ Veio=2Vyirdot+Vera=160.5 kN

Tep= (Nigpa) + (begro= ) =0.83

N
kivo.,=0124 —— L.
1*%ep — Viao™>Vea=1 itis safe

Viea=93.413 kN
(Note: 1 means itis true and 0 means not
true)

P

.

-
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5.5. Bending resistance of Tees (Vierendeel bending resistance)
Vierendeel bending resistance at web opening for steel section My ;. =y )+ M50
+
Vierendeel bending resistance at web opening for composite section My, . .,
Initial assumption of distribution of shear force

V' 0
Bho 43111 kN

Vipa<(Vurd=? itis safe ’

(Note: 1 means it is true and 0 means not true)

Since the shear force in each Tee V. ;=

Then, the web thickness does not need to be reduced when determining plastic
bending resistance and axial resistance. If the shear force in the bottom Tee is limited
by Vierendeel bending resistance across the Tee, the shear forces may need to be
redistributed.

* Plastic bending resistance of an unstiffened Tee, in the absence of axial force and high
shearMy, ; pq

For a Class 1 and 2 cross section, the plastic bending resistance of an unstiffened Tee My ; ;=
M, py=My 1 g, inthe absence of axial force and high shear.

Hence: Vierendeel bending resistance at web opening for steel section

P355 ‘A - f A, - z 2
Eq. My, ppai= M.(gj.h“,thf,zﬂ) + M.[gj.t‘,,zyﬁ, z ]:4_6 kN-m
(19 Ym0 Ymo

b I ——mw——

+  The plastic bending resistance of the bottom Tee is reduced for axial

P355 tension,as follows:
Eq.
(20) 1 (Norsa )’ .
My prpai=My rpas|1— —=| |=4.5 kN-m
Nb.T.er

The plastic resistance of the top Tee is not reduced for axial force and thus:
My ;11 =4.6 kN-m

* Vierendeel bending resistance at web opening for composite section My ..z

The compression force developed in the slab due to composite action over the
opening AN, p,

the number of shear studs above the web opening . ,:=2

AN, g1 =T 0t Pl?(f.aff: 61.4 kN

For unstiffened openings, reduction factor due to the length of the openings &, is

P355 !
Eq, a o.eff
iven by k,:=1————""—=0.84
(26 SO OY o= T s )
P355 where z;:=1,=13.7 mm
Eq. Vierendeel bending resistance due to local composite action is given by:
(24) My, py:= AN, gq- (hy+2,—-0.5-h;) -k,=6.3 kN-m

5.6. Verification of resistance to Vierendeel bending
The criterion for adequacy of Vierendeel bending resistance is:

pass  Mvrinign =2 Myirgat 2 My rpat My, pa=24.477 EN-m (with m
Eq. composite slab) Vig,,+1l.,=9.635 kN-m
(14 My panigh=Veao-l.=1 itis safe
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Plastic analysis of composite beams with partial shear
connection according to SCI-P428

N pr=min (Nr:.x,Rd N, Rd) = (1-151 - 103) kN

Eftex* Prasm

sc.high —0.374
N,Af

Thigh.pa2s =
e

is the design value of the plastic resistance of the clear depth of the steel web to normal
force
Noprai=Fybeam* Qi 1, =743.753 kN

Mhigh.pa2s * "Vr.x.Rd d’1

h "
Z =t bt foy,— —=203.5 mm
2 Npr,d 2

Mhighpazs *Nep <Ny pa=1

(Note: 1 means it is true and 0 means not true)
Then
Case 1: plastic neutral axis within the web

#1:=M,, , pg=300.33 kN -m

h
T23=Npign pans * Nege [E +h,+h,|=120.482 kN -m
h, dy
= +
2. N::..s.lid 4. fy.hmm * dm ty,

@3:= (Qpighpazs * Nop) ( ]:21.702 kN .m

My, ma =21 +22 —23=399.1 kN-m

Page 12
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6. Results Summary

* Resistances

Compressive resistance of slab

N rqi=1151 kN

Tensile resistance of steel section

Ny ra=2442.4 kN

Vertical shear resistance

Vpl.n.R{E2545 kN

Bending resistance of steel section

M1 ra= 300 kN-m

Bending resistance of composite solid webbed section

M ga1=485.5 kN-m (neglecting the contribution from the part of the top flange that in compression)
M ) gao=491.1 kN-m (using stress block method)

Bending resistance for partial connections

Mpg pign="374.4 EN-m.

Tensile resistance of bottom Tee (The axial resistance of the Top Tee)

Nyrpi=907.8 kN

The compressive resistance of the effective width of slab at the opening

N Rd.ohigh=61.427 kN

Plastic bending resistance of steel section at the web opening

M, po=257.1 kN-m.

Plastic bending resistance of composite section at the web opening

A"Ic.ﬂd.o.mgh =272.4 kN-m

Total shear strength of concrete is:

Vopge=17.6 kN

Shear resistance of perforated beam section

V.Rd.o.s!aei =2 Vp!.Rtl.o =142.9 kN

Shear resistance of perforated composite beam section
Vo= 160.5 kN

Vierendeel bending resistance perforated composite beam section
My rasear=2My rrat+ 2 My rpa=18.2 kN -m
Vierendeel bending resistance perforated composite beam section
'A/IV.R(I.h'z_qh: 24.5 kN-m

Plastic analysis of composite solid webbed beams with partial shear connection according to SCI-
pP428
My, 1a=399.11 kN-m

* Design values

Maximum shear force

Vi =93.41 kN

Maximum moment (mid-span)

Mpy=116.77 kN-m

Shear force at edge of equivalent opening
Vigo=86.22 kN

Bending moment at the centreline of opening
Mgy ,=22.04 kN-m

Page 13
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Design of RWS-L Connection
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1. Dimensions and properties (Inputs)

1.1. General dimensions  ,—w—

Beam span L:=5000 mm
Beam span to loading point L, :=2818.5 mm

Beam spacing b:=3000 mm
Slab depth h,:=140 mm
Slab span L,:=5000 mm

Effective slab width

bei=(L)+4=1.25m
* Profiled Metal Deck - Tata Steel ComFlor60

* Bolted Shear Studs M20 Gr.8.8
Connector effective diameter
dypas=17.7 mm
Height of shear connectors
h,.:=100 mm
Longitudinal spacing of studs
Sstnd.q =300 mm
Transverse spacing of studs:

Profile weight my:=0.1 kN b(., =100 mm
m? width for end-post
Deck depth h, =60 mm S,:=186 .mm .
# of stud in one rib
Slab depth above profile h,=65 mm n,:=2

Overall height of sheeting profile hy:=75 mm
Deck thickness t:=0.9 mm
Average trough width

Yield strength

bo.decr =145«

fy.derkin.g =350 - 2
mm

Tensile stress area of the bolt
A g =245 mm
Ultimate strength
N
fu‘studs =800 _2
mm
mm
N * Mesh A393 to BS 4483

Weight m,,:=0.06 ﬂz Ay:=393 mm’
m

1.2. Section properties of the beam e
. Beam size 457 x 191 UB 74 kg/m UB:

Depth h:=310.4 mm
Breadth by:=166.9 mm
Flange thickness  t;:=13.7 mm
Web thickness t,:=7.9 mm
Root radius r:=8.9 mm

Clear depth of web d,,:=265.2 mm
Cross-sectional area A, :=6880+-mm?

1.3. Material properties &=
Steel grade S355

Second moment of area I,:=11700-10" -mm*
Elastic section modulus W, := 754000 mm*
Plastic section modulus W, , :=846000 mm?®

Shear area A,=2659 mm’
0.54 ﬂ N
Weight mqm = Lt
m

fy‘beam =355 Lz Ebeam =210 i
mm mm
Concrete grade C25/30
fck:=25 e Evm:=31 N2
mm mm
1.4. Partial factors
o= 20 =i b
Vertical shear resistance
Y2 =125 Ypoi=1 Als fy.beam]
v

Ematerial=0-925 Volard™= V3 =544.987 kN

Ymo
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1.5. Dimensions and properties of web opening: I R ——
- Diameter of opening h,:=h-0.8=248.32 mm

- Edge-to-edge spacing S,:=0 mm

- Equivalent rectangular opening length 1,:=0.45+h,=111.744 mm

- End distance to web opening centreline 5:=0.8.h=248.32 mm

- Height of equivalent rectangular opening h,_,:=0.9+h, =223.488 mm

- Effective length of opening [, .;¢:=0.7 - h, = 173.824 mm

- Area of each of the two Tees (neglecting radius. using in Tensile resistance of bottom Tee)

(Aa=heort) ;
Ar o, i=————— 1 —9557.222 mm
- Area of each of the two Tees (the full height of the circular opening, neglecting radius - using
in shear resistan n rforat mpositt m section)

A,—h,+t, .
AI,::i( = 2" Y =2459.136 mm*
- Shear Area

Ay = Ap—bpe b+ (274 1,) - 0.5+ £, =348.651 mm*
h—h,
- Depth of Tees h,r::Tt“):al.'iAk’:b‘ mm

- Depth of web of Tees b, :=hyp—1;=29.756 mm

- Depth of centroid of Tee from flange

)b

Ay
- Effective depth between centroid of Tees
Repri=h—2-2,=292.2 mm
- The cross sectional area of the flange is
Api=tp by =2286.53 mm”
- The cross sectional area of web of the Tee is
Ay pi=hypet,=235.072 mm”®
- The depth of the plastic neutral axis of the Tee from the outer surface of the flange is
given by:
A+A, 1

zw =
2. by

=9.1 mm

=7.554 mm

- Plastic bending resistance of steel section at the web opening

Jibe . hy” oty -
M, o= | = |« | Wy ————| =257.1 kN -m
Vo 4
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2. Actions

2.1. Construction stage

* Permanent action: « Variable action: %
. kN Weight of wet t
Self weight of beam  gyeu, 1 = Mpear, =018 — S oTe ct;nNcre © m? kN
g Goonerete.1 =25 ——+0.097 « —— =2.425 ——
Self weight of deckin =my=0.1 Y m'* m m’
g 9 Gdecking1 = TMa =0 m? Construction load
- kN
Self weight of mesh g, =1, =0.06 —— eonstruction.1 =075 —
: m? m
Total permanent actions Total variable actions
. L. kN
951 1= Gbeam.a T Gdecking1 T Gmesh.1 = 0-34 — Q.1 = Qeoncrete.1 + Qeonstruction.1 = 32 —
m m-
2.2, Composite stage
« Permanent action: <= « Variable action: &=
. kN 1 |
Self weight of beam g, =M, =0.18 > o
kﬂ;’;n qy:= 5.0- —
Self weight of decking g,;..ping :=11,=0.1 Y -
m
Self weight of mesh g, :=m,,,=0.06 ka[
m
Self weight of Slab
kN 2 kN
Q=24 2 .0.007. ™ —9.33 *Y
m’ m m*
Finishes, services etc. 4 finishes = 1.3 —
m2
Total permanent actions
kN
9k = Gpeam T gr]m:king + Imesh T Qstap + quishu =4 2
m
2.3. Partial factors for actions
Yei=1.35 Yoi=1.5  Euctions:=0.925
2.4. Design values of combined actions (Outputs)
. kN . . kN
Wi=vg* gh1+7g" Ga =5-222 — W= ctions* Ve " 9+ Vg * @ =12.455 —
m- m-

2.5. Design bending moments and shear forces (Outputs)

* Construction stage * Composite stage
Maximum shear force Maximum shear force
. . L . . ] L
Vg, =W 1-11-7:.39,2 kN Vipgi=W -b-;:93.4 kN
Maximum moment (mid-span) Maximum moment (mid-span)
. L’ o
Mpgq= H'l-b-?:m m+kN Mpyi=W -()-?:117 m-kN
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3. Shear connection

3.1. Shear connector resistance
Shear resistance of a headed stud connector ( Py, ) is the

4-1-1/ smaller of:
§6.6.3.1(1) do 2
Eq.(6.18) .“fi‘fs
(1) Pra1=0.8+fy quas* =125.981 kN
v
or
4-1-1/ by sc

=5.65 if

§6.6.3.1 >4=1 Therefore a:=1Input

(1) studs studs
Eq.(6.21) (Note: 1 means it is true and 0 means not true)

( Sk Bon* 1000)

(2) Prys=0.29 a-dgq,"° - =63.986 kN
4-1-1/ U
§6.6.3.1(1)  Therefore. the shear resistance of a shear connector in a solid
Eq.(6.19) slab is

Pra.min =m0 (Pry.; , Pry) =63.986 kN m

¢ Reduction factor due to decking profile — decking ribs
transverse to the supporting beams:

The number of stud in one rib at a beam intersection (no greater
than 2)
n,=2

Average trough width b, ;... =145 mm

4-1-1
§6.6.4.2(1) 0.7 I h. . S—
Eq.(6.23)  kyqpi=|—]|- % . h_“f =0.797

\n, P P
SCI P428 However, the upper limit for &, is 0.6 when nr = 2,and sheet thickness < 1.0 mm.
Eq. (312)  Therefore, k,:=0.6 and the shear resistance of a single shear connector,
BSEN when placed in pairs per decking rib, is:
199411 Ppryi=Prgmin* %= 38.392 kN
Table 6.2 &
SCI P428 However, The shear connectors are non-ductile but satisfy the requirement of a slip

Eq.(3.11) capacity of 6 mm. Therefore, use Prg.sy=Ppq-fnedfor plastic design for uniform

spacing kg, :=0.8

SCI P428 £G.3.11)  Ppg otri= Py kpey =30.713 kN

3.2. Number of shear connectors ’

n,=2 {%
Prow. Low = 0 From face of column to the end
Plrgus high ©= 1 of web opening

Tge. Low = Tr * Throw Low = 12 Me . Low =0

Noge high *= Ty * Morgus. high = 14 ——— Pse.o.high =2

Page 5



Page 6

259

4. Bending resistance at mid-span (composite stage)
Solid webbed section (without opening)

4.1. Resistances of sections

+ Effective width of compression flange at mid- * Tensile resistance of steel flange:
span, ignoring spacing of studs b, ;;=1.25 m

bI ° t_f f y.beam

» Compressive resistance of slab Npnat= Yo =311.715 kN
0.85+ fpob.rreh, '
N pa=——— 4 —1151.042 kN -
Y, « Tensile resistance of steel web
» Tensile resistance of steel section . . o i
‘ Ay Ly peam Noorai=Naga— (2 Njpg) =818.964 kN
N, pai= L =2442.4 kN
Vs Since N, pa>N..za=1 and

Since N, p;>N,.,zs=1 the PNAlies in the

steel section Nyra<N..ne=1 the PNAlies in the steel

Flange

Note: 1 means it is true and 0 means not true)

(Note: 1 means it is true and 0 means not true)

-

4.2. Degree of shear connection

N maz.Low = Pse.Low * Pra.efy=368.6 kN

The degree of shear connection at mid-span is

N
c.maz.Low o
Npow =—————=0.32

4.3. Bending resistance for full shear connection

Ty beam

* Bending resistance of steel section. M, gg:=W,,+———=300 kN -m

Ym0

+ Bending resistance of composite solid webbed section f——

Taking moments about the top flange (neglecting the contribution from the part of the top

h,. }
flange that is in compression) M g1 =Ny, pa* [(_—))ﬂh],] +N, M‘%: 485.5 kN +m )
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in ress-Block Method:

P.N.A. Lies in the Steel flange ’

N.,. > N, Therefore neutral axis lies in the steel beam Npta = Ner

P 0 -
Neutral depth: x =
eutral axis depth: x 20,

Npl.a > N2 N_, Therefore neutral axis lies in the flange

Take moments about the base of
¥
b, hvl ¥ - E "N, the bottom flange of the steel
h, 4 Jx  Jb-h)2+h, beam

1 PNA = La

Mpiga = (Vop X (h +hy + %2 )
(-2t xt,) x £,k

.
-(Ifxl)xfyle

£ l +(exbxf)x(h-%)
' = '((EQ'X]X"xh)x(h_X_E%}J

h N

pla * DR

> g

Since N, pg>Ng e @nd Ny, pg <N, rq the PNA lies in the steel Flange

{(Nu.ra—Ne.s.ra)

PNA depth z := : =10.9 mm
(2+bg Fybeam)
Take moments about the base of the bottom flange of the + F1:i=N,,p4=1151 kN
steel beam: FF2:= (20 by £y peum) =646 kN
h.—h 9. X — 166
e . s p | . F3:= (b —2) * (Fyeam * by) = 166 kN -
M,:=N,pa® |hthy+ 9 ]_472 e Fdi= ((n—z-r,-)f- ty) * Fybeam=T94 kN

(244 0]y ) =128 - N

t
M= ((tf-bf-‘fyl,,m) jf) =6 kN-m

M, = ((z-bf-fy_bmm) c ("ha] =197 kN +m
M;= (((%*Z) (f e b7)) '(hﬁzf tf;z])=49 EN -m

My =M, — My— M+ M, —M;=491 kN -m

4.4. Bending resistance for partial shear connection
Use linear interpolation:

For partial shear connection, the bending resistance of the composite section is obtained

by interpolation between that of the steel section and that of the composite section with full

shear connection.

My nigh'=Myp o ga+0.4 (M gay =M ra) =374.4 kN -m T
Mg;=116.766 kN -m

Since Mpy pign=Mgg=1 the design bending resistance at mid-span is satisfactory.
(Note: 1 means it is true and 0 means not true)

Page 7
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1- eyl

5. Design of beam at circular opening (composite stage)

5.1. Design effects
Bending moment at the centreline of Shear force at edge of equivalent opening
opening (x, ,:=5=248.32 mm) is: (% i,
pening { . ) 4 (at my,——==0.192 m) is:
W=12.46 — — b=3 m —Vg,=93 kN 2
m

l
Vidoi=Vgs—W:b- [mM 7;*’] =86.2 kN

=]

T 2
Mo =VigToa—Web -%:22 kEN-m

126653 Kuf, f— ]
e

L
I T‘Ev{ ’

5.2. Section classification
The top flange is Class 2, due to its attachment t the slab (shear connectors in mid-
outstand at 300 mm spacing along the beam).
Classification of web outstand of the top Tee in Vierendeel bending (ignoring axial
compression): For the web to be Class 2, independent of its depth:

lyesp<32 €2ty — U, y=173.824 mm Where g:=

Therefore 32 €-t,,=205.7T mm then 32 e-1,>!, ;=1

(Note: 1 means it is true and 0 means not true)
Table 3.2

page 39 The Tee is Class 2 in Vierendeel bending. The bottom Tee is thus also Class 2,
P355 irrespective of the tension force in the Tee (which would improve the classification).

5.3. Bending resistance at centreline of circular opening

Resistances of section at the opening
P355 * Tensile resistance of bottom Tee (The axial resistance of the Top Tee)

Eq. A .
(5) N(,_T_mi - T.e.0 .fy.benm — 908 kN
Fmo
* The compressive resistance of the effective width of slab at the opening
Neglecting b,=100 mm , the effective width is given by ’
. L To.a
L,=2.819 m — x,=248.32 mm — b ,t=|3+ 6 + i =1000 mm
. . e
2255 N, gqi=min [0‘85‘ Ak . b({ff,u'hr (‘”ﬂ« o.Low ® PR:(,rﬁf)
(6) Fai

N, Rao1i= (0.85- -bsf,.,o-hl] =920 kN —-0r-

®

N Rd.o Low2 = Nse o Low * Pra.opr =0 kN No shear studs above web opening
Thus Nepio.Low=10 (Nerior s Nerd.otowz) =0 kN

??55 « Plastic bending resistance of composite at the web cpening
q.

()

M, ri.o.row'= (Nb.‘T.h‘d o hqﬁf) + (Nr‘..'(d.a_hmu 0 (Zpt +h,—0.5- h‘r)) =265 kN.m  {mmmmmm
This bending resistance is adequate at opening
f\'jc.R:f.a,Low >NIE:1.{; =1

(Note: 1 means it is true and 0 means not true)
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For the consideration of coexistent global bending, Vierendeel bending and shear
at opening, the design tension force in the bottom Tee is required.

For Case 2, the value of N, ;;, is given by the following (unless this exceeds

N ra.o. €€ Section 3.2.2)
My, ’

Niyrpa= =53.924 kN

P55 (B + 2 b= 0.5-h,) —

Eq. (8) Nyrpa>Nerior =0
(Note: T means it is true and 0 means not true)
thus NO need to use Eg. (70) to determine the force in the bottom Tee_for Low
composite. Note | didn't use N, pg o 10wz =0 kN because it is 0

5.4. Shear resistance of perforated composite beam section
| have to solve it as there is a problem in units

The design shear resistance is the sum of the
resistances of the top and bottom Tees and the

concrete slab: Vig,:= +VirnatVena

1. Plastic shear resistance of a Tee section is

aiven by:
Votrao™ Vizra=Vorra
3-1-1/ ¢
§6.2.6 Jy.beam
AF.TI y.beaimn
V3
Vprgdo=——————=T71.5 kN
Ymo
P355
Eq 1. Shear resistance of the concrete slab at an
(12) opening

1

§§55 Vde:: 'k' (100 P 'frk) ! +k1 "Oep 'bm'hc

13
(13 With a minimum value of:

Ve Rdamin™= [ +ky- o-cp] by, h,

-
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Ry oppi=0.75-h,=105 mm
Effective width of the slab
byi=by+2h, .;y=376.9 mm

0.18
2_;_;2"2/ Chryae= - =0.12 k,:=0.15
Ye

%AG;E d:=h.=65 mm
(1) T

k=1 +\/ﬂ =2.754 but k<2=0
2-1-1/ &
§6.2.2 (Note: 1 means it is true and 0 means not true)
(1)

therefore ky;,.;:=2 (I have changed the kto
kymie @S it is greater than limit)

py:=Ay+(1000-mm -d)=0.006

p<0.02=1
(Note: 1 means it is true and 0 means not true)

besro=999.6 mm

The value of the first term in the expression for V', »;

1

1009y fis) ? + Craes K ;
( 21 fL’L) R Rtimit | oo N. — 0503 N’
L mm” mm®
kg’
1
m®.s®

| have to solve it like this as there is a problem in the units and |
need the results in N/mm2

The value of the first term in the expression for the minimum
2.1-17 value, v, .. is:

Table ( kS ( )
NA.1 0.035 « \ kit e Vfer N
(§6.2. Urmin= - -10% =0.495 ——
2(1)) 5 mm
m° s
3
kg’

| have to solve it like this as there is a problem in the units and |
need the results in N/mm2

So, use y=0.59

2
T

From above, assuming no compression Total shear strength of concrete is:
in the top Tee, the force in the slab at the Veopai= Ytk 0y) by+h,=17.6 kN
opening equals the force in the bottom
Tee Nypug=53.924 kN Hence, Shear resistance of perforated
composite beam section
N because Vi, nuo= Virna=Virna
mm’ Veio=2Vyirdot+Vera=160.5 kN

Tep= (Nigpa) + (begro= ) =0.83

N
kivo.,=0124 —— L.
1*%ep — Viao™>Vea=1 itis safe

Viea=93.413 kN
(Note: 1 means itis true and 0 means not
true)

P

.

-
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5.5. Bending resistance of Tees (Vierendeel bending resistance)
Vierendeel bending resistance at web opening for steel section My ;. =y )+ M50
+
Vierendeel bending resistance at web opening for composite section My, . .,
Initial assumption of distribution of shear force

V' 0
Bho 43111 kN

Vipa<(Vurd=? itis safe ’

(Note: 1 means it is true and 0 means not true)

Since the shear force in each Tee V. ;=

Then, the web thickness does not need to be reduced when determining plastic
bending resistance and axial resistance. If the shear force in the bottom Tee is limited
by Vierendeel bending resistance across the Tee, the shear forces may need to be
redistributed.

* Plastic bending resistance of an unstiffened Tee, in the absence of axial force and high
shearMy, ; pq

For a Class 1 and 2 cross section, the plastic bending resistance of an unstiffened Tee My ; ;=
M, py=My 1 g, inthe absence of axial force and high shear.

Hence: Vierendeel bending resistance at web opening for steel section

P355 ‘A - f A, - z 2
Eq. My, ppai= M.(gj.h“,thf,zﬂ) + M.[gj.t‘,,zyﬁ, z ]:4_6 kN-m
(19 Ym0 Ymo

b I ——mw——

+  The plastic bending resistance of the bottom Tee is reduced for axial

P355 tension,as follows:
Eq.
(20) 1 (Norsa )’ .
My prpai=My rpas|1— —=| |=4.5 kN-m
Nb.T.er

The plastic resistance of the top Tee is not reduced for axial force and thus:
My ;11 =4.6 kN-m

* Vierendeel bending resistance at web opening for composite section My ..z

The compression force developed in the slab due to composite action over the
opening AN, p,

the number of shear studs above the web opening 7. ,:=0

AN, R =N 0 Pl?(f.aff: 0 kN

For unstiffened openings, reduction factor due to the length of the openings &, is

P355 !
Eq, a o.eff
iven by k,:=1————""—=0.84
(26 SO OY o= T s )
P355 where z;:=1,=13.7 mm
Eq. Vierendeel bending resistance due to local composite action is given by:
(24) My pi=AN. gy (h+2,—0.5-h)k,=0 kN-m

5.6. Verification of resistance to Vierendeel bending
The criterion for adequacy of Vierendeel bending resistance is:

pass  Mvrinign =2 Myirgat 2 My rpat My, pa=18.224 EN-m (with m
Eq. composite slab) Vig,,+1l.,=9.635 kN-m
(14 My panigh=Veao-l.=1 itis safe
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Plastic analysis of composite beams with partial shear
connection according to SCI-P428

N pr=min (Nr:.x,Rd N, Rd) = (1-151 - 103) kN

Eftex* Prasm

sc.high —0.374
N,Af

Thigh.pa2s =
e

is the design value of the plastic resistance of the clear depth of the steel web to normal
force
Noprai=Fybeam* Qi 1, =743.753 kN

Mhigh.pa2s * "Vr.x.Rd d’1

h "
Z =t bt foy,— —=203.5 mm
2 Npr,d 2

Mhighpazs *Nep <Ny pa=1

(Note: 1 means it is true and 0 means not true)
Then
Case 1: plastic neutral axis within the web

#1:=M,, , pg=300.33 kN -m

h
T23=Npign pans * Nege [E +h,+h,|=120.482 kN -m
h, dy
= +
2. N::..s.lid 4. fy.hmm * dm ty,

@3:= (Qpighpazs * Nop) ( ]:21.702 kN .m

My, ma =21 +22 —23=399.1 kN-m

Page 12
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6. Results Summary

* Resistances

Compressive resistance of slab

N rqi=1151 kN

Tensile resistance of steel section

Ny ra=2442.4 kN

Vertical shear resistance

Vpl.n.R{E2545 kN

Bending resistance of steel section

M1 ra= 300 kN-m

Bending resistance of composite solid webbed section

M ga1=485.5 kN-m (neglecting the contribution from the part of the top flange that in compression)
M ) gao=491.1 kN-m (using stress block method)

Bending resistance for partial connections

Mpg pign="374.4 EN-m.

Tensile resistance of bottom Tee (The axial resistance of the Top Tee)

Nyrpi=907.8 kN

The compressive resistance of the effective width of slab at the opening

N, rioLow=0 kN

Plastic bending resistance of steel section at the web opening

M, po=257.1 kN-m.

Plastic bending resistance of composite section at the web opening

M, pt o tow = 265.3 kN-m

Total shear strength of concrete is:

Vopge=17.6 kN

Shear resistance of perforated beam section

V.Rd.o.s!aei =2 Vp!.Rtl.o =142.9 kN

Shear resistance of perforated composite beam section
Vo= 160.5 kN

Vierendeel bending resistance perforated composite beam section
My rasear=2My rrat+ 2 My rpa=18.2 kN -m
Vierendeel bending resistance perforated composite beam section
'A/IV.R(I.h'z_qh: 18.2 kN-m

Plastic analysis of composite solid webbed beams with partial shear connection according to SCI-
pP428
My, 1a=399.11 kN-m

* Design values

Maximum shear force

Vi =93.41 kN

Maximum moment (mid-span)

Mpy=116.77 kN-m

Shear force at edge of equivalent opening
Vigo=86.22 kN

Bending moment at the centreline of opening
Mgy ,=22.04 kN-m

Page 13



267

Design of RWS-L-retrofit Connection

; I
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1. Dimensions and properties (Inputs)

1.1. General dimensions  ,—w—

Beam span L:=5000 mm
Beam span to loading point L, :=2818.5 mm

Beam spacing b:=3000 mm
Slab depth h,:=140 mm
Slab span L,:=5000 mm

Effective slab width

bei=(L)+4=1.25m
* Profiled Metal Deck - Tata Steel ComFlor60

* Bolted Shear Studs M20 Gr.8.8
Connector effective diameter
dypas=17.7 mm
Height of shear connectors
h,.:=100 mm
Longitudinal spacing of studs
Sstnd.q =300 mm
Transverse spacing of studs:

Profile weight my:=0.1 kN b(., =100 mm
m? width for end-post
Deck depth h, =60 mm S,:=186 .mm .
# of stud in one rib
Slab depth above profile h,=65 mm n,:=2

Overall height of sheeting profile hy:=75 mm
Deck thickness t:=0.9 mm
Average trough width

Yield strength

bo.decr =145«

fy.derkin.g =350 - 2
mm

Tensile stress area of the bolt
A g =245 mm
Ultimate strength
N
fu‘studs =800 _2
mm
mm
N * Mesh A393 to BS 4483

Weight m,,:=0.06 ﬂz Ay:=393 mm’
m

1.2. Section properties of the beam e
. Beam size 457 x 191 UB 74 kg/m UB:

Depth h:=310.4 mm
Breadth by:=166.9 mm
Flange thickness  t;:=13.7 mm
Web thickness t,:=7.9 mm
Root radius r:=8.9 mm

Clear depth of web d,,:=265.2 mm
Cross-sectional area A, :=6880+-mm?

1.3. Material properties &=
Steel grade S355

Second moment of area I,:=11700-10" -mm*
Elastic section modulus W, := 754000 mm*
Plastic section modulus W, , :=846000 mm?®

Shear area A,=2659 mm’
0.54 ﬂ N
Weight mqm = Lt
m

fy‘beam =355 Lz Ebeam =210 i
mm mm
Concrete grade C25/30
fck:=25 e Evm:=31 N2
mm mm
1.4. Partial factors
o= 20 =i b
Vertical shear resistance
Y2 =125 Ypoi=1 Als fy.beam]
v

Ematerial=0-925 Volard™= V3 =544.987 kN

Ymo
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1.5. Dimensions and properties of web opening: I R ——
- Diameter of opening h,:=h-0.8=248.32 mm

- Edge-to-edge spacing S,:=0 mm

- Equivalent rectangular opening length 1,:=0.45+h,=111.744 mm

- End distance to web opening centreline S:=1-h=310.4 mm

- Height of equivalent rectangular opening h,_,:=0.9+h, =223.488 mm

- Effective length of opening [, .;¢:=0.7 - h, = 173.824 mm

- Area of each of the two Tees (neglecting radius. using in Tensile resistance of bottom Tee)

(Aa=heort) ;
Ar o, i=————— 1 —9557.222 mm
- Area of each of the two Tees (the full height of the circular opening, neglecting radius - using
in shear resistan n rforat mpositt m section)

A,—h,+t, .
AI,::i( = 2" Y =2459.136 mm*
- Shear Area

Ay = Ap—bpe b+ (274 1,) - 0.5+ £, =348.651 mm*
h—h,
- Depth of Tees h,r::Tt“):al.'iAk’:b‘ mm

- Depth of web of Tees b, :=hyp—1;=29.756 mm

- Depth of centroid of Tee from flange

)b

Ay
- Effective depth between centroid of Tees
Repri=h—2-2,=292.2 mm
- The cross sectional area of the flange is
Api=tp by =2286.53 mm”
- The cross sectional area of web of the Tee is
Ay pi=hypet,=235.072 mm”®
- The depth of the plastic neutral axis of the Tee from the outer surface of the flange is
given by:
A+A, 1

zw =
2. by

=9.1 mm

=7.554 mm

- Plastic bending resistance of steel section at the web opening

Jibe . hy” oty -
M, o= | = |« | Wy ————| =257.1 kN -m
Vo 4
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2. Actions

2.1. Construction stage

* Permanent action: « Variable action: %
. kN Weight of wet t
Self weight of beam  gyeu, 1 = Mpear, =018 — S oTe ct;nNcre © m? kN
g Goonerete.1 =25 ——+0.097 « —— =2.425 ——
Self weight of deckin =my=0.1 Y m'* m m’
g 9 Gdecking1 = TMa =0 m? Construction load
- kN
Self weight of mesh g, =1, =0.06 —— eonstruction.1 =075 —
: m? m
Total permanent actions Total variable actions
. L. kN
951 1= Gbeam.a T Gdecking1 T Gmesh.1 = 0-34 — Q.1 = Qeoncrete.1 + Qeonstruction.1 = 32 —
m m-
2.2, Composite stage
« Permanent action: <= « Variable action: &=
. kN 1 |
Self weight of beam g, =M, =0.18 > o
kﬂ;’;n qy:= 5.0- —
Self weight of decking g,;..ping :=11,=0.1 Y -
m
Self weight of mesh g, :=m,,,=0.06 ka[
m
Self weight of Slab
kN 2 kN
Q=24 2 .0.007. ™ —9.33 *Y
m’ m m*
Finishes, services etc. 4 finishes = 1.3 —
m2
Total permanent actions
kN
9k = Gpeam T gr]m:king + Imesh T Qstap + quishu =4 2
m
2.3. Partial factors for actions
Yei=1.35 Yoi=1.5  Euctions:=0.925
2.4. Design values of combined actions (Outputs)
. kN . . kN
Wi=vg* gh1+7g" Ga =5-222 — W= ctions* Ve " 9+ Vg * @ =12.455 —
m- m-

2.5. Design bending moments and shear forces (Outputs)

* Construction stage * Composite stage
Maximum shear force Maximum shear force
. . L . . ] L
Vg, =W 1-11-7:.39,2 kN Vipgi=W -b-;:93.4 kN
Maximum moment (mid-span) Maximum moment (mid-span)
. L’ o
Mpgq= H'l-b-?:m m+kN Mpyi=W -()-?:117 m-kN
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3. Shear connection

3.1. Shear connector resistance
Shear resistance of a headed stud connector ( Py, ) is the

4-1-1/ smaller of:
§6.6.3.1(1) do 2
Eq.(6.18) .“fi‘fs
(1) Pra1=0.8+fy quas* =125.981 kN
v
or
4-1-1/ by sc

=5.65 if

§6.6.3.1 >4=1 Therefore a:=1Input

(1) studs studs
Eq.(6.21) (Note: 1 means it is true and 0 means not true)

( Sk Bon* 1000)

(2) Prys=0.29 a-dgq,"° - =63.986 kN
4-1-1/ U
§6.6.3.1(1)  Therefore. the shear resistance of a shear connector in a solid
Eq.(6.19) slab is

Pra.min =m0 (Pry.; , Pry) =63.986 kN m

¢ Reduction factor due to decking profile — decking ribs
transverse to the supporting beams:

The number of stud in one rib at a beam intersection (no greater
than 2)
n,=2

Average trough width b, ;... =145 mm

4-1-1
§6.6.4.2(1) 0.7 I h. . S—
Eq.(6.23)  kyqpi=|—]|- % . h_“f =0.797

\n, P P
SCI P428 However, the upper limit for &, is 0.6 when nr = 2,and sheet thickness < 1.0 mm.
Eq. (312)  Therefore, k,:=0.6 and the shear resistance of a single shear connector,
BSEN when placed in pairs per decking rib, is:
199411 Ppryi=Prgmin* %= 38.392 kN
Table 6.2 &
SCI P428 However, The shear connectors are non-ductile but satisfy the requirement of a slip

Eq.(3.11) capacity of 6 mm. Therefore, use Prg.sy=Ppq-fnedfor plastic design for uniform

spacing kg, :=0.8

SCI P428 £G.3.11)  Ppg otri= Py kpey =30.713 kN

3.2. Number of shear connectors ’

n,=2 {%
Prow. Low = 0 From face of column to the end
Plrgus high ©= 1 of web opening

Tge. Low = Tr * Throw Low = 12 Me . Low =0

Noge high *= Ty * Morgus. high = 14 ——— Pse.o.high =2

Page 5
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4. Bending resistance at mid-span (composite stage)
Solid webbed section (without opening)

4.1. Resistances of sections

+ Effective width of compression flange at mid- * Tensile resistance of steel flange:
span, ignoring spacing of studs b, ;;=1.25 m

bI ° t_f f y.beam

» Compressive resistance of slab Npnat= Yo =311.715 kN
0.85+ fpob.rreh, '
N pa=——— 4 —1151.042 kN -
Y, « Tensile resistance of steel web
» Tensile resistance of steel section . . o i
‘ Ay Ly peam Noorai=Naga— (2 Njpg) =818.964 kN
N, pai= L =2442.4 kN
Vs Since N, pa>N..za=1 and

Since N, p;>N,.,zs=1 the PNAlies in the

steel section Nyra<N..ne=1 the PNAlies in the steel

Flange

Note: 1 means it is true and 0 means not true)

(Note: 1 means it is true and 0 means not true)

-

4.2. Degree of shear connection

N maz.Low = Pse.Low * Pra.efy=368.6 kN

The degree of shear connection at mid-span is

N
c.maz.Low o
Npow =—————=0.32

4.3. Bending resistance for full shear connection

Ty beam

* Bending resistance of steel section. M, gg:=W,,+———=300 kN -m

Ym0

+ Bending resistance of composite solid webbed section f——

Taking moments about the top flange (neglecting the contribution from the part of the top

h,. }
flange that is in compression) M g1 =Ny, pa* [(_—))ﬂh],] +N, M‘%: 485.5 kN +m )
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in ress-Block Method:

P.N.A. Lies in the Steel flange ’

N.,. > N, Therefore neutral axis lies in the steel beam Npta = Ner

P 0 -
Neutral depth: x =
eutral axis depth: x 20,

Npl.a > N2 N_, Therefore neutral axis lies in the flange

Take moments about the base of
¥
b, hvl ¥ - E "N, the bottom flange of the steel
h, 4 Jx  Jb-h)2+h, beam

1 PNA = La

Mpiga = (Vop X (h +hy + %2 )
(-2t xt,) x £,k

.
-(Ifxl)xfyle

£ l +(exbxf)x(h-%)
' = '((EQ'X]X"xh)x(h_X_E%}J

h N

pla * DR

> g

Since N, pg>Ng e @nd Ny, pg <N, rq the PNA lies in the steel Flange

{(Nu.ra—Ne.s.ra)

PNA depth z := : =10.9 mm
(2+bg Fybeam)
Take moments about the base of the bottom flange of the + F1:i=N,,p4=1151 kN
steel beam: FF2:= (20 by £y peum) =646 kN
h.—h 9. X — 166
e . s p | . F3:= (b —2) * (Fyeam * by) = 166 kN -
M,:=N,pa® |hthy+ 9 ]_472 e Fdi= ((n—z-r,-)f- ty) * Fybeam=T94 kN

(244 0]y ) =128 - N

t
M= ((tf-bf-‘fyl,,m) jf) =6 kN-m

M, = ((z-bf-fy_bmm) c ("ha] =197 kN +m
M;= (((%*Z) (f e b7)) '(hﬁzf tf;z])=49 EN -m

My =M, — My— M+ M, —M;=491 kN -m

4.4. Bending resistance for partial shear connection
Use linear interpolation:

For partial shear connection, the bending resistance of the composite section is obtained

by interpolation between that of the steel section and that of the composite section with full

shear connection.

My nigh'=Myp o ga+0.4 (M gay =M ra) =374.4 kN -m T
Mg;=116.766 kN -m

Since Mpy pign=Mgg=1 the design bending resistance at mid-span is satisfactory.
(Note: 1 means it is true and 0 means not true)
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5. Design of beam at circular opening (composite stage)

5.1. Design effects
Bending moment at the centreline of Shear force at edge of equivalent opening
opening (xy4:=5=310.4 mun) is: Q//'// l,
pening { . ) 4 (at my,——=0.255 m) is:
W=12.46 — — b=3 m —Vg,=93 kN 2
m

l
Vidoi=Vgs—W:b- [mM 7;*’] =83.9 kN

=]

T4
Mgy, =Vigexg—W-b -T= 27.2 kN «..

126653 Kuf, f— ]
e

L
I T‘Ev{ ’

5.2. Section classification
The top flange is Class 2, due to its attachment t the slab (shear connectors in mid-
outstand at 300 mm spacing along the beam).
Classification of web outstand of the top Tee in Vierendeel bending (ignoring axial
compression): For the web to be Class 2, independent of its depth:

lyesp<32 €2ty — U, y=173.824 mm Where g:=

Therefore 32 €-t,,=205.7T mm then 32 e-1,>!, ;=1

(Note: 1 means it is true and 0 means not true)
Table 3.2

page 39 The Tee is Class 2 in Vierendeel bending. The bottom Tee is thus also Class 2,
P355 irrespective of the tension force in the Tee (which would improve the classification).

5.3. Bending resistance at centreline of circular opening

Resistances of section at the opening
P355 * Tensile resistance of bottom Tee (The axial resistance of the Top Tee)

Eq. A .
(5) N(,_T_mi - T.e.0 .fy.benm — 908 kN
Fmo
* The compressive resistance of the effective width of slab at the opening
Neglecting b,=100 mm , the effective width is given by ’
L T

L,=2.819 m — z,,=310.4 mm — b, := [3- 16] + Z“ =(1.10%) mm
2255 N gai=min {0‘85 N Jjﬂk *Beffo hr] ("m o.Low* me,rﬁf)
(6) b

N, Rao1i= (0.85- -bsu-y-hl] =935 kN —-0r—

®

N Rd.o Low2 = Nse o Low * Pra.opr =0 kN No shear studs above web opening
Thus Nepio.Low=10 (Nerior s Nerd.otowz) =0 kN

??55 « Plastic bending resistance of composite at the web cpening
q.

()

M, ri.o.row'= (Nb.‘T.h‘d o hqﬁf) + (Nr‘..'(d.a_hmu 0 (Zpt +h,—0.5- h‘r)) =265 kN.m  {mmmmmm
This bending resistance is adequate at opening
f\'jc.R:f.a,Low >NIE:1.{; =1

(Note: 1 means it is true and 0 means not true)
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For the consideration of coexistent global bending, Vierendeel bending and shear
at opening, the design tension force in the bottom Tee is required.

For Case 2, the value of N, ;;, is given by the following (unless this exceeds

N ra.o. €€ Section 3.2.2)
My, ’

Niyrpa= =66.525 kN

P55 (B + 2 b= 0.5-h,) —

Eq. (8) Nyrpa>Nerior =0
(Note: T means it is true and 0 means not true)
thus NO need to use Eg. (70) to determine the force in the bottom Tee_for Low
composite. Note | didn't use N, pg o 10wz =0 kN because it is 0

5.4. Shear resistance of perforated composite beam section
| have to solve it as there is a problem in units

The design shear resistance is the sum of the
resistances of the top and bottom Tees and the

concrete slab: Vig,:= +VirnatVena

1. Plastic shear resistance of a Tee section is

aiven by:
Votrao™ Vizra=Vorra
3-1-1/ ¢
§6.2.6 Jy.beam
AF.TI y.beaimn
V3
Vprgdo=——————=T71.5 kN
Ymo
P355
Eq 1. Shear resistance of the concrete slab at an
(12) opening

1

§§55 Vde:: 'k' (100 P 'frk) ! +k1 "Oep 'bm'hc

13
(13 With a minimum value of:

Ve Rdamin™= [ +ky- o-cp] by, h,

-




Page 10

276

Ry oppi=0.75-h,=105 mm
Effective width of the slab
byi=by+2h, .;y=376.9 mm

0.18
2_;_;2"2/ Chryae= - =0.12 k,:=0.15
Ye

%AG;E d:=h.=65 mm
(1) T

k=1 +\/ﬂ =2.754 but k<2=0
2-1-1/ &
§6.2.2 (Note: 1 means it is true and 0 means not true)
(1)

therefore ky;,.;:=2 (I have changed the kto
kymie @S it is greater than limit)

py:=Ay+(1000-mm -d)=0.006

p<0.02=1
(Note: 1 means it is true and 0 means not true)

besro=1015.1 mm

The value of the first term in the expression for V', »;

1

1009y fis) ? + Craes K ;
( 21 fL’L) R Rtimit | oo N. — 0503 N’
L mm” mm®
kg’
1
m®.s®

| have to solve it like this as there is a problem in the units and |
need the results in N/mm2

The value of the first term in the expression for the minimum
2.1-17 value, v, .. is:

Table ( kS ( )
NA.1 0.035 « \ kit e Vfer N
(§6.2. Urmin= - -10% =0.495 ——
2(1)) 5 mm
m° s
3
kg’

| have to solve it like this as there is a problem in the units and |
need the results in N/mm2

So, use y=0.59

2
T

From above, assuming no compression Total shear strength of concrete is:
in the top Tee, the force in the slab at the Veonai=(y+kyoy) by+h, =182 kN
opening equals the force in the bottom
Tee Ny py=66.525 kN Hence, Shear resistance of perforated
composite beam section
N because Vi, nuo= Virna=Virna
mm’ Veio=2Vyiraot+Vera=161.2 kN

Tepi= (Ni.5a) + (Degro=he) =1.01

N
kivo.,=0.151 —— L.
1*%ep — Viao™>Vea=1 itis safe

Viea=93.413 kN
(Note: 1 means itis true and 0 means not
true)

P

.

-
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5.5. Bending resistance of Tees (Vierendeel bending resistance)
Vierendeel bending resistance at web opening for steel section My ;. =y )+ M50
+
Vierendeel bending resistance at web opening for composite section My, . .,
Initial assumption of distribution of shear force

V 'd.o
Bl — 41.951 kN

Vipa<(Vurd=? itis safe ’

(Note: 1 means it is true and 0 means not true)

Since the shear force in each Tee V. ;=

Then, the web thickness does not need to be reduced when determining plastic
bending resistance and axial resistance. If the shear force in the bottom Tee is limited
by Vierendeel bending resistance across the Tee, the shear forces may need to be
redistributed.

* Plastic bending resistance of an unstiffened Tee, in the absence of axial force and high
shearMy, ; pq

For a Class 1 and 2 cross section, the plastic bending resistance of an unstiffened Tee My ; ;=
M, py=My 1 g, inthe absence of axial force and high shear.

Hence: Vierendeel bending resistance at web opening for steel section

P355 ‘A - f A, - z 2
Eq. My, ppai= M.(gj.h“,thf,zﬂ) + M.[gj.t‘,,zyﬁ, z ]:4_6 kN-m
(19 Ym0 Ymo

b I ——mw——

+  The plastic bending resistance of the bottom Tee is reduced for axial

P355 tension,as follows:
Eq.
(20) 1 (Norsa )’ .
My prpai=My rpas|1— —=| |=4.5 kN-m
Nb.T.er

The plastic resistance of the top Tee is not reduced for axial force and thus:
My ;11 =4.6 kN-m

* Vierendeel bending resistance at web opening for composite section My ..z

The compression force developed in the slab due to composite action over the
opening AN, p,

the number of shear studs above the web opening 7. ,:=0

AN, R =N 0 Pl?(f.aff: 0 kN

For unstiffened openings, reduction factor due to the length of the openings &, is

P355 !
Eq, a o.eff
iven by k,:=1————""—=0.84
(26 SO OY o= T s )
P355 where z;:=1,=13.7 mm
Eq. Vierendeel bending resistance due to local composite action is given by:
(24) My pi=AN. gy (h+2,—0.5-h)k,=0 kN-m

5.6. Verification of resistance to Vierendeel bending
The criterion for adequacy of Vierendeel bending resistance is:

pass  Mv.rinign=2 Myirgat 2 My rpat My, pa=18.207 kN-m (with m
Eq. composite slab) Vig,,+l.=9.376 kN-m
(14 My panigh=Veao-l.=1 itis safe
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Plastic analysis of composite beams with partial shear
connection according to SCI-P428

N pr=min (Nr:.x,Rd N, Rd) = (1-151 - 103) kN

Eftex* Prasm

sc.high —0.374
N,Af

Thigh.pa2s =
e

is the design value of the plastic resistance of the clear depth of the steel web to normal
force
Noprai=Fybeam* Qi 1, =743.753 kN

Mhigh.pa2s * "Vr.x.Rd d’1

h "
Z =t bt foy,— —=203.5 mm
2 Npr,d 2

Mhighpazs *Nep <Ny pa=1

(Note: 1 means it is true and 0 means not true)
Then
Case 1: plastic neutral axis within the web

#1:=M,, , pg=300.33 kN -m

h
T23=Npign pans * Nege [E +h,+h,|=120.482 kN -m
h, dy
= +
2. N::..s.lid 4. fy.hmm * dm ty,

@3:= (Qpighpazs * Nop) ( ]:21.702 kN .m

My, ma =21 +22 —23=399.1 kN-m
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6. Results Summary

* Resistances

Compressive resistance of slab

N rqi=1151 kN

Tensile resistance of steel section

Ny ra=2442.4 kN

Vertical shear resistance

Vpl.n.R{E2545 kN

Bending resistance of steel section

M1 ra= 300 kN-m

Bending resistance of composite solid webbed section

M ga1=485.5 kN-m (neglecting the contribution from the part of the top flange that in compression)
M ) gao=491.1 kN-m (using stress block method)

Bending resistance for partial connections

Mpg pign="374.4 EN-m.

Tensile resistance of bottom Tee (The axial resistance of the Top Tee)

Nyrpi=907.8 kN

The compressive resistance of the effective width of slab at the opening

N, rioLow=0 kN

Plastic bending resistance of steel section at the web opening

M, po=257.1 kN-m.

Plastic bending resistance of composite section at the web opening

M, pt o tow = 265.3 kN-m

Total shear strength of concrete is:

V,pa=18.2 kN

Shear resistance of perforated beam section

V.Rd.o.s!aei =2 Vp!.Rtl.o =142.9 kN

Shear resistance of perforated composite beam section
Vigo=161.2 kN

Vierendeel bending resistance perforated composite beam section
My rasear=2My rrat+ 2 My rpa=18.2 kN -m
Vierendeel bending resistance perforated composite beam section
'A/IV.R(I.h'z_qh: 18.2 kN-m

Plastic analysis of composite solid webbed beams with partial shear connection according to SCI-
pP428
My, 1a=399.11 kN-m

* Design values

Maximum shear force

Vi =93.41 kN

Maximum moment (mid-span)

Mpy=116.77 kN-m

Shear force at edge of equivalent opening
Veao=83.9 kN

Bending moment at the centreline of opening
Mgy ,=27.2 kN-m
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