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ABSTRACT 

Rapid urbanisation and population growth in developing countries have increased 
seismic risk regardless of the advances in our knowledge on the seismic behaviour of 
structures. The need to cover the demand for a low-cost building stock has led a large 
proportion of residential buildings to be constructed with substandard materials, 
insufficient designs and poor construction practices. These are the reasons that 
developing countries have exhibited considerably higher death rates compared to the 
developed world. Extensive losses and mortality rates observed during recent major 
earthquakes in developing countries highlight the high seismic vulnerability of existing 
substandard RC buildings.  

This research aims to develop a vulnerability framework (for substandard RC 
buildings) which can produce advanced adaptive vulnerability curves. For this, an 
analytical modelling procedure was proposed and validated against field and large-
scale tests data.  

OpenSees is employed for modelling full-scale substandard RC columns and shake-
table RC frames and the analytical model is verified against the experimental results, 
at both local and global level. An advanced probabilistic seismic vulnerability 
framework is developed using Matlab code linked with OpenSees.  

General vulnerability curves are derived (using an improved CSM) for substandard RC 
columns as well as an existing 4-storey substandard RC building (case study for 
Marmara region). The general fragility curves are then disaggregated to derive 
adaptive fragility curves based on various considered parameters e.g. steel grade, 
concrete strength, transverse rebar spacing, axial load level. Upgraded fragility curves 
are obtained by considering external retrofitting with FRP sheets on the case study 
building. Finally, vulnerability curves are derived for the RC columns and the case study 
building, using an existing conversion matrix for the case study region. 

The developed framework showed that the use of advanced adaptive vulnerability 
curves can improve the accuracy by up to 20% compared to general vulnerability 
curves. The study on the upgraded vulnerability analysis using 3 layers of CFRP (for the 
case study building), revealed that seismic vulnerability can be reduced up to 85% and 
45% for slight and collapse damage limit states, respectively.  
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     Introduction 

1 

 

CHAPTER 1      INTRODUCTION 

1.1 Background 

Regardless of advances in our knowledge on the seismic behaviour of structures, 

urbanisation and population growth have resulted in increased seismic exposure in 

developing countries. Increased exposure to seismic risk plus rapid growth in the 

latter part of the previous century, led a large proportion of residential buildings to be 

built with substandard materials using poor designs/construction practices. Their high 

vulnerability to seismic actions has been demonstrated on numerous occasions 

leading to devastating death tolls and economic losses. The global annual earthquake-

related economical losses have increased from $14 billion in 1985 to more than 140 

billion in 2014. Earthquakes are currently responsible for almost one-fifth of the annual 

economic losses due to natural disasters, with an average death toll of 65000 per 

annum (Fraser et al., 2016).  

A large portion of the statistics stated above, is attributed to developing countries 

which suffer from higher death rates (and economic losses) compared to the 

developed world. For instance, the 1988 Armenia earthquake (6.8M), which had half 

the energy released compared to the 1989 Loma Prieta (6.9M) earthquake near San 

Francisco (the USA), caused 25,000 deaths compared to only 100 in San Francisco. 

This is also obvious by comparing the 2003 earthquake in Bam (Iran) and the 2003 

earthquake in Paso Robles (California), both of the same magnitude (6.6M): The death 

toll was only 2 in California, while 41,000 in Bam (Kenny, 2009). The 1999 Marmara 

(Turkey) 7.4 magnitude earthquake caused direct economic losses of over $5 billion 

and approximately 18,000 people died due to poorly constructed reinforced concrete 
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(RC) structures. The majority of these structures were made of low-strength 

concretes and located close to known fault lines (Escaleras et al., 2007, Anbarci et al., 

2005, Özerdem and Barakat, 2000, Kenny, 2009). Another example is the poor 

performance of around 6000 school buildings in Gujarat, India built in 1999-2000, 

during the 2001 Bhuj earthquake (6.9M)  (Jain, 2005). Around 75% of these buildings 

were heavily damaged or even collapsed, due to seismically weak, precast construction 

technology. 

The primary action of earthquakes, ground shaking, does not cause loss of life. It is the 

high vulnerability of the building stock and lack of resilience of the society that turns 

earthquakes into catastrophes. The high vulnerability of substandard RC buildings 

characterised by poor construction and low-quality materials as well as deficient 

detailing in critical locations (such as the use of plain rebars in columns and beam-

column joints, sometimes with insufficient anchorage), can lead to weak lateral-load 

resistant systems with low energy dissipation capacity and rapid strength degradation 

during reversal loading. Figure 1-1 shows some of the common deficiencies found in 

substandard RC buildings in developing countries.   

    

Figure 1-1: Common deficiencies of substandard RC buildings. A) improper hooking 

and use of plain bars, B) pull-out failure and C & D) low concrete quality. 

 

A B C D 
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1.1.1 Case study: Marmara region  

To investigate the aforementioned construction issues frequently found in 

substandard RC buildings, this PhD study analyses in-depth the effect of these 

deficiencies, by conducting a seismic vulnerability assessment on an existing 

substandard residential RC building located in Istanbul, Turkey. The main reasons for 

selecting Istanbul as the case study area are as follows:  

a. Istanbul is located in the Marmara region (Turkey), which is one of the most 

seismically active zones worldwide. For example, the 1999 Kocaeli and Duzce 

earthquakes have caused extensive structural damage, massive economic losses and 

high fatality rates. Unfortunately, 18000 people lost their lives after the Kocaeli 

earthquake (Durukal, 2002) and 1000 fatalities were reported after the Duzce 

earthquake (Ghasemi et al., 2000). 

b. Istanbul is densely populated and according to the available data, a large proportion 

of RC structures are substandard (66% of the RC buildings built pre-1998). In the 

Marmara region, many buildings were also constructed without town permission and 

without following a specific seismic design code (Bal et al., 2008).  

c. An earthquake with M ≥ 7.0 with a 50% probability is expected to hit Istanbul in the 

next 30 years as reported by Murru et al. (2016). 

Bal et al. (2008) conducted a case study for Marmara, which can quantify the extent of 

the low-quality material issues in this region: Based on 6067 concrete core samples 

surveyed from 1178 existing RC buildings built during the 80s/90s, the mean 

compressive strength of concrete was only 17 MPa (and with a high standard deviation 

of 8 MPa). For 16% of the examined buildings, the compressive strength was equal or 

even below 8 MPa.  
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The first design guidelines which set 20 MPa as the lowest acceptable concrete 

strength, were introduced in early 1998, whilst the use of ready mix concrete in the 

region started after or even much later than 1998. It is reported that half of the samples 

taken from ready mixes, did not meet the requirements set by this standard. To tackle 

this issue, in 2000, the Turkish policymakers introduced strict regulations in concrete 

manufacturing processes.  

1.1.2 Vulnerability assessment 

To predict the damage of a catastrophic event caused by an earthquake in terms of 

economic, societal and human losses, scientists have developed assessment 

methodologies using empirical or analytical vulnerability curves. Vulnerability curves 

can be derived for a building/class to calculate the damage in terms of repair-to-

replacement cost. To predict the probability of exceedance of a certain damage limit 

state (e.g. slight, moderate, extensive and collapse), fragility curves are used. The 

fragility curves can be converted to vulnerability curves for a specific building class, by 

employing a conversion matrix. 

1.1.2.1 Empirical vulnerability 

The empirical vulnerability curves are developed based on extensive damage 

databases from past earthquakes, but their main feature to cover a wide range of 

damaged buildings is also their weakness: These curves can be representative for 

generalised building classes, however, they significantly underperform when dealing 

with sub-classes. When it comes to individual buildings, they are practically of no use. 

To compensate for some unknown factors affecting the seismic response of 

structures, expert opinions can be used to develop judgemental vulnerability curves. 

This approach is less affected by the lack of data, but it is methodologically subjective 

and limited to a specific geographic area and time. The accuracy of the derived 

vulnerability curves, highly depends on the knowledge/experience of the expert panel. 
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1.1.2.2 Analytical vulnerability 

For substandard RC buildings, analytical methods can address their common 

deficiencies (shear, local buckling, slip-bond failure, beam-column joint failure etc.) to 

assess their damage potential. The analytical vulnerability assessment methods can 

overcome the issues regarding empirical and judgemental vulnerability assessment 

methods. However, the existing analytical vulnerability curves underestimate the 

damage to substandard RC buildings, due to the following reasons:  

a. The analytical models used in vulnerability assessments are either not validated 

against the actual building response or do not consider the main deficiencies of 

substandard buildings. Most of existing analytical vulnerability curves for 

substandard RC buildings, only consider flexural behaviour, construction 

materials and geometrical characteristics (e.g. (Cornell et al., 2002, Calvi et al., 

2006, Erberik, 2008)) (Objective 2). 

b. The data pool derived after probabilistic sampling process of a building 

capacity, contain both ductile and brittle behaviours. Although, the results for 

the ductile behaviour are representative, the damage level for brittle buildings 

(substandard) is underestimated (Objective 3). 

Another critical issue is that currently; literature lacks of vulnerability curves for 

existing retrofitted substandard RC buildings (Objective 4). 

Therefore, based on the above, there is an urgent need to develop more accurate 

analytical vulnerability curves for substandard buildings (including retrofitted ones) 

and update existing risk assessment frameworks to achieve more precise damage 

estimations (Objective 5). 

This PhD will investigate the impact of common deficiencies of substandard RC 

structures on their vulnerability/fragility curves by analytically considering the effect 

of various brittle failure modes. 
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1.2 Research Aim and Objectives 

This research aims to develop a probabilistic vulnerability framework capable of 

capturing the actual behaviour of substandard RC buildings. To achieve this, an 

analytical modelling procedure is proposed and validated against experimental data 

from existing large-scale tests on both RC column and frames. Advanced adaptive 

vulnerability curves and upgraded vulnerability curves are derived for a case study 

existing 4-storey substandard building in Marmara region.  

To accomplish this aim, the following objectives are implemented: 

1. A critical review on seismic vulnerability assessment methodologies and 

weaknesses of existing analytical vulnerability curves. 

2. Development of an analytical model for substandard RC buildings and validation 

against full-scale experimental results. 

3. Development of advanced adaptive fragility curves for substandard RC 

buildings.  

4. Development of upgraded fragility curves for retrofitted substandard RC 

buildings.  

5. Development of a robust framework for seismic vulnerability assessment of 

substandard RC columns/buildings using OpenSees and Matlab software.  

The main novelties of this research can be highlighted as: 

 The proposed analytical model includes various parameters which can 

accurately capture the actual substandard behaviour of existing RC 

buildings. 

 The developed framework can be easily applied to existing seismic risk 

frameworks and enhance their accuracy. 

 Upgraded (for strengthened RC buildings) and advanced adaptive 

vulnerability/fragility curves are introduced. 
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1.3 Thesis Layout  

Chapter 2 comprises three main sections: The first section presents a brief literature 

review of existing seismic vulnerability assessment methods as well as their 

strengths/weaknesses, followed by a discussion on the key parameters affecting 

analytical vulnerability assessment (methods of modelling, type of analysis, damage 

indices, etc.). The second section identifies the most compatible retrofitting 

techniques using external jacketing applicable for substandard RC buildings in 

developing countries and also provides the analytical modelling approach based on 

literature. At the end of this chapter, the available element types of OpenSees software 

are presented, highlighting their advantages and drawbacks. 

Chapter 3 presents the details of four full-scale substandard RC cantilever column 

tests and two full-scale one-bay two-storey substandard RC frame shaking table tests. 

The case study, an existing 4-storey substandard RC building located in Turkey, is also 

described. These results are used to validate the analytical model developed in 

Chapter 5. 

Chapter 4 starts with the analytical modelling approach in OpenSees, proposed to 

capture the behaviour of substandard RC structures. Then, the verification procedure 

of the analytical tool follows. Last but not least, the methodology to develop analytical 

vulnerability curves is presented as well as the probabilistic approach used in fragility 

analysis. Lastly, the methodology followed to derive the upgraded vulnerability curves 

is explained. 

Chapter 5 analyses, discusses and validates the results of the analytical model for the 

substandard columns/frames, based on the methodology described in Chapter 4. The 

local and global damage parameters of the columns are investigated and the adaptive 

and upgraded fragility curves are produced using the proposed framework. The 

results of the probabilistic seismic vulnerability assessment of an existing 4-storey 

substandard RC building (case study) are presented at the end of this chapter, using 

the developed adaptive vulnerability assessment framework. 
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Chapter 6 summarises the main conclusions followed by the recommendations for 

future work. 
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CHAPTER 2  LITERATURE REVIEW 

This chapter presents a brief literature review of the current seismic vulnerability 

assessment methodologies (more information can be found in Appendix A), followed 

by a discussion highlighting the advantages and disadvantages of each method. Then, 

the common deficiencies of substandard RC buildings are summarised. Two 

retrofitting techniques which are hypothetically used to strengthen the case study RC 

building are also presented, together with their analytical modelling approach, based 

on literature: External jacketing using Fibre Reinforced Polymers (FRP) or Post-

Tensioned Metal Straps (PTMS). The final section of this chapter discusses the 

available element types in OpenSees highlighting their advantages and drawbacks. 

2.1 Seismic Vulnerability Assessment Methodologies 

2.1.1 Introduction 

The scope of the vulnerability assessment is to determine the probability of a certain 

level of damage to a given building type, caused by a scenario earthquake. It estimates 

the potential structural damage that could affect the building environment as a 

consequence of a seismic event, in terms of repair-to-replacement cost.  

The physical seismic vulnerability is related to the level of exposure and the fragility of 

elements subjected to the seismic action. Taking the physical aspect on the side, 

seismic vulnerability has a deeper context and can be envisioned from economic, 

political or societal points of view. When a catastrophic earthquake strikes, it causes 

severe damages to the building stock, road infrastructure or even utility networks 
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(electricity/gas). This physical dimension is the main cause to the social aspects of the 

vulnerability. The social/economic/political dimensions of the vulnerability make a big 

impact on the society which may remain (or even grow) over time and is closely 

associated to the cultural aspects and development of the communities (Cardona, 

2013). 

The seismic hazard represents such effects of an earthquake as ground motion, 

liquefaction, landslides, tsunamis, rockslides and surface fault ruptures. However, 

these hazard sources occur at a smaller size scale; therefore, ground shaking is taken 

as the main influence factor in seismic risk modelling studies (Bird and Bommer, 

2004). 

Methods for the seismic vulnerability assessment are fundamental for the 

identification and delimitation of seismic-prone areas, plan seismic risk reduction and 

implementation of strategies. They can predict the expected consequences of 

predetermined event scenarios, generating estimates of the humanitarian impact 

(injuries/deaths), societal impact (interruption of services, homeless people due to 

unusable buildings) and damage (actual damage cost as well as repair-to-replacement 

cost of the impacted structures). Seismic vulnerability assessment analyses allow the 

authorities to plan an operational response and a model of intervention, constituted 

by a series of actions aimed at emergency management. 

2.1.1.1 Types of assessment approaches 

Before the main methods of vulnerability assessment are described, it is essential to 

present the two main approaches that an assessment can be based on: The 

probabilistic approach and the deterministic approach.  

Probabilistic approach: In general, a probabilistic approach takes into account all 

possible variabilities in capacity and demand during vulnerability assessment, using the 

distribution functions fitted to the variability of that considered parameter based on 

available data. Therefore, a sampling technique is needed to generate sets of data for 

the probabilistic analysis. While the Monte-Carlo simulation sampling technique is 
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more popular in seismic hazard analysis, Latin Hypercube (LH) sampling method is 

widely used in seismic vulnerability analysis. The LH method is efficient, since it needs 

less sampling size than the minimum sampling size normally required to achieve an 

acceptable level of accuracy. In case of analytical probabilistic seismic vulnerability 

analysis, the LH sampling method has an advantage over Monte-Carlo as it is 

computationally more time-efficient. 

Due to the random nature of seismic events and variability in the properties of a 

structure, the probabilistic approach is essential for developing vulnerability curves to 

assess the vulnerability and the consequence of seismic damage for a building 

category.  

Deterministic approach: On the other hand, deterministic approaches could be 

used to assess the seismic performance of a specific building for a certain scenario 

earthquake. This is a common approach for the performance-based design of a new 

RC building. 

2.1.1.2 Seismic vulnerability assessment methods 

Regarding seismic vulnerability assessment, several methods have been proposed in 

the literature, which can be generally classified into four main categories: Empirical, 

expert judgment, analytical and hybrid vulnerability assessment methods. 

a. Empirical vulnerability assessment methods use actual damage data collected after 

a seismic event, coupled with statistical procedures to derive vulnerability functions 

(See section 2.1.2).  

b. In expert judgment methods, a panel of experts estimates the potential damage to a 

certain type of building category, based on their experience and knowledge (See 

section 2.1.3).  

c. In analytical methods, damage distribution is obtained from an analytical model of 

the structure subjected to increasing earthquake loads (See section 2.1.5).  
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d. Hybrid methods combine the abovementioned methods attempting to utilise the 

strong points of each method (See section 2.1.6).  

There is also a special category that contains straightforward procedures for 

conducting quick evaluations which cannot be considered as proper assessment 

methods, although they have some common characteristics with empirical methods: 

This category contains procedures called rapid/preliminary procedures (walk-down 

or street surveys) and only require superficial data, collected after a brief external 

inspection of the building after the earthquake incident (no internal inspection is 

allowed). The purpose of rapid evaluation techniques is to identify/rank highly 

vulnerable buildings that deserve further investigation, and also inform residents and 

authorities whether a building is safe to be occupied after the earthquake event. Some 

of the collected data are the number of stories, vertical and plan irregularities, 

location, age and structural system of the building, and apparent material and 

workmanship quality. FEMA 154 (154–ATC-21, 1988) and FEMA 310 Tier 1 (310, 1998) fall 

into this category. 

2.1.2 Empirical vulnerability assessment: Overview 

The main advantage of empirical vulnerability assessments is the use of post-

earthquake damage surveys which can provide a precise image of the damage. 

Therefore, they can account not only for the strong ground motion but also, other site-

specific parameters (soil type, soil-structure interaction, directivity effect, source 

path, liquefaction, etc.) and the effect of non-structural components (Rossetto et al., 

2014). Nevertheless, these assessments have major issues in their predictions due to 

the methods used to process the damage surveys or even built-in limitations from the 

initial design of the model. 

The main assumption for deriving empirical fragility curves is that the recorded 

damage for a building class after an earthquake event, is representative of the damage 

that might happen in the future to this specific building class when a similar earthquake 

strikes. This brings a limitation to the applicability of empirical fragility curves since the 
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empirically derived fragility functions are only applicable to buildings in an area very 

similar to the geographical area where the data was collected. This limits the use of 

empirically derived fragility functions as the majority of empirical fragility assessment 

has been performed only for a few countries e.g. Greece, Italy, Japan, Turkey and the 

USA, where the most observational data after an earthquake was recorded (Rossetto 

et al., 2013). 

Apart from the main limitation mentioned above, empirical vulnerability assessments 

can be categorised into the following groups according to their weaknesses: 

a.  Inconsistency in the methodology of how the damage data is collected 

and processed 

b. Use of large inaccurate damage databases obtained by rapid post-

earthquake surveys or satellite images 

c. Damage observations are linked with ground motion intensity levels 

obtained by non-accurate motion prediction equations 

d. Lack of a unified and widely accepted empirical method 

e. Process of empirical data using unreliable statistical distribution 

functions 

2.1.2.1 Inconsistency in collected data and processes 

The literature highlights that the empirical vulnerability assessment methods exhibit 

several dissimilarities to each other, due to the data of the observed damage, the type 

of selected ground motion intensity measure, the variation of functions used to fit the 

data and the type of statistical technique used (Rossetto et al., 2013).  

Empirical fragility functions are generally derived from damage data recorded after 

one or more earthquake events. The reliability of the results depends on the quality 

and completeness of the database and is usually affected by the data collection 

method (Rossetto et al., 2014). If the data are based only on the damage recorded after 

a single earthquake then, the ground motion intensity values in the database may be 

limited. Furthermore, the fragility functions may not account for the variability of the 
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structural response that can be introduced by ground motion e.g. frequency content 

of the ground shaking, number of cycles, mainshock and aftershock (Rossetto et al., 

2014). However, most of the empirical fragility curves are derived based only on single-

event damage observation databases (e.g.(Karababa and Pomonis, 2011, Liel and Lynch, 

2012)).  

Some studies developed fragility curves by combining post-earthquake damage 

surveys from various events that have affected the same building class to increase the 

quality of damage database and cover a larger range of ground motion intensity levels 

(e.g.(Rota et al., 2008, Giilkan et al., 1992)). However, the combined database is highly 

clustered in the low ground motion intensity level because of the rarity of large 

magnitude earthquakes in urban areas (Rossetto et al., 2014).  

2.1.2.2 Rapid post-earthquake surveys and satellite images 

Large damage databases from rapid post-earthquake surveys and satellite images 

(remotely sensed) have also been used for derivation of damage in the fragility analysis 

process (e.g.(Hancilar et al., 2012, Estrada et al., 2000, Yusuf et al., 2002)). These 

techniques are quick and inexpensive if compared to comprehensive field surveys but, 

these databases are not accurate and are linked with very general building classes. 

Therefore, there is a high probability that buildings are assigned the wrong level of 

damage and this can seriously affect the results (Ioannou et al., 2012).  

2.1.2.3 Prediction of ground motion using mathematical 

equations or data collected from similar sites 

Empirical fragility curves link damage observations with ground motion intensity levels. 

Therefore, both post-earthquake damage and ground motion intensity level should be 

recorded for each building. However, recordings for ground motion are not easily 

available across the observation area, since this requires ground motion recording 

instrumentation. Therefore, the majority of empirical studies use Ground Motion 

Prediction Equations (GMPEs) or macro-seismic intensity measures to evaluate their 
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intensity levels (Rossetto et al., 2014). Modern attenuation equations or GMPEs are 

derived based on several ground motion recordings, considering the effect of focal 

mechanisms and soil types. However, reliable and modern GMPEs may not always be 

available for the region of interest therefore, adopted GMPEs from similar tectonic 

locations can be used (Ioannou et al., 2012). The most commonly used intensity 

measures are the Peak Ground Acceleration (PGA) and Peak Ground Velocity (PGV). 

Since GMPEs are recently developed for spectral values, there are only a few empirical 

fragility curves developed using spectral acceleration and velocities (e.g.(Rossetto and 

Elnashai, 2003, Ghodrati Amiri et al., 2007, Colombi et al., 2008)).  

2.1.2.4 Lack of unified empirical method 

Empirical seismic vulnerability analysis studies initially started by expressing the 

probability of attaining specific damage levels for discrete macro-seismic intensity 

levels, with the so-called Damage Probability Matrices (DPMs). Two of the first pioneer 

studies conducted by Whitman (1973) and Braga et al. (1982), in which the Modified 

Mercalli Intensity (MMI) and Medvedev Sponheuer Karnik (MSK) macro intensity 

measures were used, respectively. Later studies (Sabetta et al., 1998, Orsini, 1999, 

Rossetto and Elnashai, 2003, Lagomarsino and Giovinazzi, 2006, Colombi et al., 2008, 

Rota et al., 2008, Rosti et al., 2018, Del Gaudio et al., 2020) introduced various statistical 

methods which allowed researchers to fit smoothed curves to the observed data and 

DPMs were upgraded to vulnerability functions as continuous vulnerability curves. 

However, there is no unified and widely accepted empirical method for deriving 

empirical fragility curves (Del Gaudio et al., 2020). The main reason is the recorded 

post-earthquake damage data. The main parameters that cause these differences are, 

the type of fitted functions, recorded damage, intensity measure, categorisation or 

typology of the buildings, vulnerability classes, etc. 
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2.1.2.5 Process of empirical data using statistical distribution 

functions 

Various functions were used by researchers to fit the empirical data using statistical 

methods. Most of the existing empirical fragility functions are derived based on a 

cumulative log-normal distribution function. Limited research adopts the cumulative 

normal distribution (e.g.(Spence et al., 1992)) and only a minority an exponential 

function (e.g.(Rossetto and Elnashai, 2003)). The three main statistical approaches 

which fit these parametric functions are the: nonlinear (e.g.(Rota et al., 2008, Rossetto 

and Elnashai, 2003)), linear (e.g.(Liel and Lynch, 2012)) and generalised linear 

(e.g.(Ioannou et al., 2012, Shinozuka et al., 2000, Basoz et al., 1999).  

2.1.2.6  Conclusions 

It can be concluded that using only empirical vulnerability curves for seismic risk 

assessment purposes may not give accurate results, as the reliability of results is 

directly related to the completeness of the database. Damage observation data from 

various sources cannot be easily compared to each other, since the recorded ground 

motion intensity parameters may vary as well as the recorded damage scale. Damage 

data are mostly clustered in low ground motion and low damage level region which 

limits the use of empirical vulnerability curves for higher levels of intensity. The 

empirical database can be easily become outdated due to the infrequency of large 

earthquakes in urban areas and the lack of updates of the building inventory over time. 

Rossetto and Elnashai (2003), reported that for substandard buildings, vulnerability 

curves can underestimate the damage level even if the database contains damage data 

of similar buildings from other regions. 

2.1.3 Expert judgment fragility approaches: Overview 

This method is not affected by the lack of damage data as empirical approaches. 

Compared to analytical methods, expert judgment fragility approaches are not 

affected by the reliability of the numerical model. The expert judgment method can 
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derive approximate vulnerability curves and account for various parameters 

considered by the expert panel. However, this technique lacks a robust scientific 

foundation and has several limitations.  

The experience level of each expert can affect the reliability of the outcome. If the 

panel has expertise with a particular type of structures, then their predictions cannot 

be applied to a different class of structures. Two of the main rehabilitation codes of 

the USA (ATC-40, 1996, ATC-13, 1985) are heavily based on expert judgmental 

vulnerability curves derived after only two seismic events in the USA: (the 1971 San 

Fernando earthquake and the 1994 Northridge earthquake). The judgmental DPM, 

developed for typical building classes in California in ATC-13 (Council, 1985), cannot be 

applied to other continents such as Europe or Asia, due to differences in construction 

and design practices.  

Regarding substandard RC structures, things are getting even more vague, since their 

structural behaviour is not very well known, hence, it can be difficult for an expert to 

assess the performance of a specific building class in a specific region at various 

ground motion levels.  

2.1.4 Analytical vulnerability approaches: Overview 

In this method, a Finite Element Analysis (FEA) of the structural model is performed to 

determine damage distributions. This involves the use of simulated response 

parameters corresponding to different building performance levels with increasing 

demand. The accuracy of these vulnerability curves is governed by the ground motion 

parameter, material models, response parameter, analysis type, damage index and 

structural idealisation. This approach has recently received a lot of attention from the 

scientific community (e.g. Mosalam et al., 1997; Calvi∗, 1999; Lang, 2002; Kyriakides, 

2007). 

To derive analytical vulnerability curves, a general procedure can be followed as shown 

in Figure 2-1.  
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Figure 2-1: General procedure for analytical vulnerability assessment (adapted from 

(Dumova-Jovanoska, 2004)). 

Currently, there are three main approaches for deriving analytical vulnerability curves: 

1. Correlation between damage index and damage states. 

2. Correlation between capacity curves (for buildings) and spectral response curves 

(capacity spectrum method). 

3. Correlation between capacity curves (for buildings) and acceleration time 

histories. 

2.1.4.1 Correlation between damage index and damage states 

This approach was quite popular in the past decade and its accuracy of analytically-

derived fragility curves depends on the damage model, level of accuracy on the 

structural modelling approach and the type of analysis (Rossetto et al., 2014). The 
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damage indices can be either global (structural level), local (element level) or a 

combination of both (Rossetto et al., 2014). The most commonly used local damage 

index (Park and Ang, 1985) is defined by linearly combining dissipated energy of an 

element at its maximum displacement.  The major drawback of this approach is the 

use of indices which needs to be validated with experimental tests (preferably full-size 

ones), however, only a few of these tests exist and they do not cover all building types. 

For instance, the aforementioned damage index (Park and Ang, 1985) requires a model 

(2D or 3D) of the structure to be built and is more suitable for use in damage evaluation 

obtained from non-linear time-history analyses than pushover analyses, because of the 

dissipated energy component of the index.  

2.1.4.2 Capacity spectrum approach 

For a given structure, the capacity spectrum approach is based on a monotonic static 

nonlinear pushover analysis, producing a pushover curve (base shear versus roof 

displacement). This curve describes the global behaviour of the structure subjected 

to a combination of gravity loads and monotonically increasing lateral forces, to 

statically simulate the seismic action. Pushover curves are usually idealised as series 

of linear branches of constant stiffness and expressed in the pseudo-

acceleration/displacement spectral graphs, called capacity curves. The capacity curve 

is then intersected with a spectral demand curve to determine the Performance Point 

(PP) (Figure 2-2).  

 

Figure 2-2: Defining the performance point. 
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There are several methods for deriving performance points in the literature. The five 

well-known methods are the: Capacity Spectrum Method (CSM) (ATC-40, 1996), 

Displacement Coefficient Method (DCM) (FEMA 356, 2000), N2 method (Fajfar, 2000), 

Improved CSM (FEMA 440, 2005) and non-iterative equivalent linearisation method 

(Lin and Lin, 2009). 

A performance point for a structure can be calculated for different intensity levels, 

from which fragility curves can be constructed. This method is favoured by many 

seismic codes and researchers (e.g. Fajfar, 2000; Agency, 2003; FEMA 356, 2000; 

Council, 1996; Lin and Lin, 2009) due to its simplicity and prompt application especially 

for a large population of structures. 

2.1.4.3 Incremental dynamic analysis 

This approach follows a simplified version of incremental dynamic analysis proposed 

by Vamvatsikos and Cornell (2002) and Rossetto and Elnashai (2005). Both 

procedures allow the performance and hence, damage of a structure, to be calculated 

for a set of earthquake ground motion records. In this approach, a performance 

function, rather than a performance point, is defined.  

The 2nd (Capacity spectrum) and 3rd (Incremental dynamic analysis) methods follow 

the same framework as the performance-based design used for new buildings or for 

seismic assessment of existing buildings if applied deterministically ((Standardization, 

2005, FEMA 356, 2000, ATC‐58, 2009, Agency, 2008), etc.). By applying the 2nd and 3rd 

approaches to large sets of buildings, fragility curves and damage levels can be derived 

for given sites and scenario earthquake.  

Generally, for approaches (2) and (3), the basic required analysis steps are: 

(a) Classification of buildings by typology and seismic design. 

(b) Definition of damage states. 

(c) Assignment of capacity curves or backbone curves (for dynamic analysis). 
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(d) Choice of response spectra (associated with return periods and performance 

targets) or choice of a set of ground motion records to perform dynamic response 

time history analysis. 

(e) Evaluation of building response in terms of performance points. 

2.1.4.4 Discussion 

The accuracy of the fragility curves derived by analytical approaches depends on the 

level of detail considered in the modelling procedure and the type of analysis (IDA or 

Pushover, etc.) used for deriving the vulnerability curves. To derive vulnerability curves 

for a specific class of buildings probabilistically, it is required to perform various types 

of analyses which need different processing times and detailing demands. Therefore, 

one of the desired characteristics regarding analytical fragility analysis is, to define a 

relatively simple but accurate modelling procedure that can be executed quickly.    

2.1.5 Analytical approaches: Analyses methods 

The three most dominant methods of structural analyses used in the literature to 

obtain the Engineering Demand Parameters (EDP) and damage state thresholds are as 

follows: 

1. Incremental Dynamic Analysis (IDA). 

2. Nonlinear static analysis based on simplified mechanism approaches. 

3. Nonlinear Static Procedures (NLS). 

When using the 1st and 3rd methods to derive EDP, the accuracy of the response 

depends mostly on the precision and appropriate level of complexity of the analytical 

model. The 1st method has the most accurate results in comparison to the other two 

methods, with the advantage of accounting for uncertainties related to record 

variability (frequency content, soil amplification, near-field and far-field effects). The 

sections below provide more details about the methods and determine which of 

these is more suitable for the needs of this PhD study. 
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2.1.5.1 Incremental dynamic analysis  

This method requires performing a nonlinear time-history analysis where the 

dynamic characteristics of the building (e.g. damping) are unknown and need to be 

estimated. IDA’s output is a backbone or envelope capacity curve using large numbers 

of nonlinear response history simulations. This method is most suitable when dealing 

with a specific structure due to the computational effort required. Since in this PhD 

research, the main aim is to perform vulnerability analysis on a building class covering 

all possible material and geometrical variabilities, this method cannot be efficient due 

to high computational demand.  

2.1.5.2 Nonlinear static analysis based on simplified mechanism 

approaches 

The second method is also not an option for this PhD study, because the simplified 

mechanism approaches are not capable of taking into account the degrading 

behaviours of substandard RC buildings suffering from a series of seismic excitations. 

Literature also mentions that this type of approach is mostly suitable for unreinforced 

masonry (URM), and adobe buildings (D’ayala et al., 2014). 

2.1.5.3 NLS method 

In the literature, the following well-known NLS procedures are very suitable for 

vulnerability/fragility analysis due to their sufficient accuracy and trustworthy results 

(D’ayala et al., 2014). 

1. Capacity Spectrum Method (CSM), (ATC-40, 1996) 

2. Displacement Coefficient Method (DCM), (FEMA 356, 2000) 

3. N2 method, (Fajfar, 2000) 

4. Improved CSM, (FEMA 440, 2005) 

5. Non-iterative equivalent linearization method, (Lin and Lin, 2009) 
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After an evaluation of the above procedures, it was decided that the most suitable 

approach to conduct the vulnerability/fragility analysis for this PhD work, would be the 

NLS method using the improved CSM. Although the drawbacks of IDA are overcome, 

the NLS method suffers from two major limitations: 

a. The current NLS approaches tend to neglect the cyclic degradation of the material 

performance by deriving the capacity curve using monotonic pushover analysis (Calvi 

et al., 2006).  

b. The pinching effect originated by the buckling behaviour also needs to be accounted 

for an acceptable structural response estimation during numerical analysis.  

To solve the above limitations, a new approach was adapted in this PhD and explained 

more in section 2.1.2.5. 

2.1.5.4 NLS method preferred for this PhD 

The NLS method is appropriate for this PhD study, since the structural response of 

the substandard building stock (for the case study region) is dominated by the first 

mode of vibration. The same applies to degrading behaviours such as buckling and 

bond-slip. The pushover analysis used in the NLS approach, is ideal for these 

behaviours, since it forces the building to be excited in the first mode of vibration. To 

include the effects of cyclic degradation which cannot be captured by a monotonic 

pushover analysis (section 2.1.5.3 (a,b)), nonlinear reversed cyclic pushover analysis 

was employed. 

2.1.6 Hybrid Fragility Approaches: Overview 

This method is a combination of post-earthquake damage statistics and analytical 

damage statistics obtained from a mathematical model. Various types of uncertainties 

exist in the vulnerability curves derived from the above-mentioned techniques due to 

limited post-earthquake damage data, judgemental data subjectivity and modelling 

issues in analytical vulnerability. To reduce these uncertainties, hybrid vulnerability 
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curves have been derived by several researchers (e.g. (Jalalian, Kappos et al., 1998, 

Singhal and Kiremidjian, 1997)) which use data from various sources. 

In hybrid curves, the deficiency of the observational data at a particular intensity level 

can be eliminated by conducting nonlinear static or time history analysis, and the 

judgemental or analytical curves can be modified by utilising the observational data. 

Experimental test data can also be used to reduce the deficiencies in observational, 

judgemental or analytical vulnerability curves.  

An alternate way of performing hybrid vulnerability assessment is by using laboratory 

testing (Pinho and Elnashai, 2000). The benefit of this method is that it gives the 

freedom to produce needed data for any building type. The limitations are related to 

the scale of the model, loading type and laboratory equipment capacity. Experimental 

data are costly and allow only a few parameters to be investigated at a time, so they 

are mostly used for verification purposes rather than as an additional source. 

2.2 Common Deficiencies of Substandard RC Buildings 

Substandard RC buildings are constructed using poor construction practices and low-

strength/quality materials. This leads to deficiencies which cause high vulnerability in 

the case study region and force buildings to exhibit softening behaviours due to: a. 

slippage of rebars in joints and b. buckling of longitudinal rebars.  

It should be mentioned that there are also other issues reported during past 

earthquakes with substandard RC buildings (e.g. shear failure of short columns, joint 

failures, etc.). This research focuses on failure modes a and b, mentioned above.  

Low material quality concrete translates into a low compressive strength concrete, 

reinforced with plain rebars of low steel grade (e.g. S220). The lower the compressive 

strength of the concrete, the more ductile the behaviour of concrete will be (Figure 

2-3). The low compressive strength of concrete in these buildings can also lead to low 

initial stiffness and poor lateral/axial load capacity. However, the behaviour of concrete 

after reaching to the peak strength can be affected by other parameters e.g. loading 
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rate and sectional size. The comparison in Figure 2-3 is for the same section size and 

rate of loading to represent a general stress-strain behaviour with various concrete 

strengths. 

The use of plain rebar will adversely affect the bond between the rebar and 

surrounding concrete, leading to higher yield and ultimate slip. This behaviour also 

reduces the initial stiffness of the structure since the structure is exposed to higher 

yield/ultimate slip.  

 

Figure 2-3: Comparison of concrete behaviour based on concrete compressive 

strength (adopted from Mander et al. (1988)). 

Poor detailing refers to large stirrup spacing, low longitudinal reinforcement ratio, 

inadequate lap splice length, thin concrete cover, etc. Stirrup spacing can be 

considered the most critical parameter for a substandard building. The large stirrup 

spacing reduces the effectiveness of confinement, ductility and concrete compressive 

strength. To visualise this, Figure 2-4 shows a comparison of a confined concrete 

model, based on Mander et al. (1988), for a typical 200 mm X 300 mm concrete section 

with 4 longitudinal 14 mm diameter rebars and 10 mm diameter stirrups. The concrete 

compressive strength is assumed to be fc=20 MPa and the yielding strength of steel 

rebars to be fy=320 MPa, at 60 mm and 200 mm stirrup spacing.  
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Figure 2-4: Effect of stirrup spacing on concrete core confinement behaviour. 

Large stirrup spacing also leads to the most critical degrading behaviour: longitudinal 

rebar buckling. Buckling is adversely affected by stirrup spacing, as mentioned in 

various research works in the literature (Bae et al., 2005, Dhakal and Maekawa, 2002). 

Figure 2-5 presents the effect of stirrup spacing in buckling for longitudinal rebars of 

S220 steel grade.  

 

 

Figure 2-5: Effect of stirrup spacing according to Dhakal and Maekawa (2002). 

In case of a strong earthquake, these deficiencies can rapidly deteriorate the 

structural integrity of a substandard building, which can be described as a weak 

lateral-load resistant system with insufficient energy dissipation capacity.  
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The above theory can be also validated by using experimental results from this PhD 

study, as described in the section below.  

2.2.1.1 Experimental verification of theory on typical failure 

mechanisms of substandard RC frames/columns tests 

This section discusses the failure mechanism observed during the experiments 

presented in sections 03.2 and 03.3. Figure 2-6 and Figure 2-7 (columns with stirrup 

spacing S=180mm and S=60mm, respectively) illustrate the general progressive failure 

mechanism observed during reversed cyclic experiments of substandard RC 

cantilever columns (section 3.2). Although these figures reveal a tiny part of the actual 

PhD experimental results, they are shown here to validate the existing theory and 

visualise in-depth, a typical example of rebar buckling. 

After yielding the longitudinal rebars in tension, the existence of high slip from the 

longitudinal bars enforce more stress and strain on the compression side of the 

section, and this activates the buckling earlier compared to non-bond-slip behaviour. 

By initiation of buckling, the cover spalls and the cross-sectional area is reduced, 

exposing the compression bars to higher stress levels and finally, crushing the 

concrete in compression. The delay between the initiation of buckling and losing 

lateral load capacity of the system (ductility) depends mainly on stirrup spacing. This 

can be seen in Figure 2-6 and Figure 2-7 by comparing the cyclic behaviour of the two 

cantilever columns with identical properties but different stirrup spacing. The column 

with the stirrup spacing of S=60 mm shows a much better cyclic behaviour in terms of 

ductility (failed at 6% drift), energy dissipation and plastic deformation capacity. 

Whereas, the cyclic behaviour of the column with S=180 shows a brittle behaviour 

(failed at 3% drift). This is the main reason that makes this flexural dominant failure 

mode to be brittle and the system lacks of energy dissipation capacity and plastic 

deformation compared to a seismic code-compliant RC structure. 

The same failure mechanism was observed during the shaking table tests described in 

section 3.3. The deficiencies discussed in this section are all taken into consideration 

in the analytical modelling procedure. 
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Figure 2-6: Observational cyclic behaviour for column with S=180 mm. 

 

Figure 2-7: Observational cyclic behaviour for the column with S=60 mm. 
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2.3 Retrofitting of RC Structures Using FRP and PTMS 

2.3.1 Introduction 

To reduce the seismic vulnerability of substandard RC structures and enhance their 

local and global ductility level, it is crucial to locally strengthen columns and beam-

column joints to improve their seismic performance. The seismic behaviour of 

substandard RC buildings can be improved by using popular external jacketing 

techniques; these confinement methods are more socioeconomically friendly 

compared to demolishing or reconstructing the whole RC structure (Mukherjee and 

Joshi, 2005, Al-Salloum et al., 2011). This PhD analytically processes the effect of the 

FRP and Post-Tensioned Metal Straps (PTMS) external jacketing techniques to 

investigate the enhanced seismic behaviour of upgraded substandard RC buildings 

(retrofitted with FRP/PTMS) and to derive upgraded fragility curves. Both external 

jacketing techniques reduce the bond-slip of the longitudinal rebars plus delaying the 

occurrence of longitudinal rebar buckling since both softening behaviours are affected 

by confined concrete properties. 

2.3.2 Background 

Two of the main conventional external jacketing retrofitting techniques for 

substandard RC buildings are: a. jacketing with steel plates and b. concrete/shotcrete 

jacketing. The seismic performance of substandard RC joints is improved (in terms of 

strength, ductility and stiffness) after being retrofitted with concrete/shotcrete 

jacketing based on numerous experimental studies (Corazao and Durrani, 1989, 

Tsonos, 2010, Karayannis et al., 2008, Alcocer and Jirsa, 1993, Shannag et al., 2002). 

Steel jacketing also proved to be effective by enhancing the seismic behaviour of RC 

columns and joints (especially ductility) (Corazao and Durrani, 1989, Ghobarah et al., 

1996, Biddah et al., 1997).  

The popularity of using concrete/steel jacketing methods has dropped during the past 

decades due to their disadvantages compared to innovative recently developed 
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jacketing techniques (e.g. jacketing with FRP or Post Tensioned Metal Straps (PMTS)). 

In general, retrofitting with concrete/steel jackets are highly invasive, time-consuming, 

labour intensive and also can disrupt the functionality of the building during 

retrofitting. For steel jacketing, heavy equipment is needed as in-situ welding is 

required by specialised welders. The effectiveness of the steel/concrete jacketing 

highly depends on the full contact of the jacket to the concrete surface which makes 

the confinement procedure difficult to assess during application and modelling. Both 

retrofitting techniques (steel/concrete jacketing) will considerably increase the mass 

of the building, forcing the structural members to be exposed to higher levels of 

seismic forces. 

External jacketing can be split into two main categories: Active and passive 

confinement. Active confinement allows the lateral pressure from the jacket to be 

applied to the concrete from the initial stage (e.g. PTMS jacketing). While in passive 

confinement (e.g. FRP jacketing) the lateral pressure will be engaged after lateral 

expansion of the RC confined section (Moghaddam et al., 2010b). 

The sections below describe the aforementioned external jacketing strengthening 

techniques using FRP and PTMS with a highlight on their advantages.  

2.3.3 External jacketing using FRP 

To enhance the seismic performance of an RC member, external jacketing with FRP 

sheets is employed using the lay-up procedure: the sheets are impregnated with resin 

and then wrapped around the areas of the element that need strengthening. The 

strengthening area can be confined entirely (full jacket) or partially in the form of 

strips (Figure 2-8). There are four main types of FRP used in construction as confining 

materials: Carbon Fibre Reinforced Polymers (CFRP), Glass Fibre Reinforced Polymers 

(GFRP), Aramid Fibre-Reinforced Polymers (AFRP) and Basalt Fibre-Reinforced 

Polymers (BFRP). 



Literature review 

31 

 

 

Figure 2-8: Application of external jacketing using FRP (Mosallam et al., 2014). 

The advantages of FRP jackets compared to traditional steel/concrete jacketing 

methods are the high strength-to-weight ratio, high resistance to corrosion, high 

durability, prompt in-situ application, flexibility to confine different shapes of 

structural members and minimal change in cross-sectional geometry. FRP jacketing 

techniques are usually less invasive/labour-intensive than traditional techniques such 

as concrete or steel jacketing. 

2.3.4 External jacketing using PTMS 

External jacketing with PTMS technique was developed by Frangou et al. (1995). This 

method fastens high-strength ductile steel straps around the RC member by applying 

post-tensioning using strapping tools similar to these used in the packaging industry 

(Figure 2-9). The post-tensioning force is then maintained with metal seals acting as 

the mechanical fastening method. The application of post-tensioning makes the 

technique to be characterised as active confinement, thus the ductility and the 

capacity of the structure increases before applying axial load.  

PTMS retrofitting has advantages compared to other external jacketing confinement 

methods (steel, concrete and FRP jacketing), such as prompt application, low material 
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cost and ease of maintenance (removing/replacing damaged straps and seals is easy, 

since no adhesive or sophisticated equipment are needed). 

  

Figure 2-9: External jacketing with PTMS (Imjai et al., 2018, Garcia et al., 2017). 

2.3.5 Analytical modelling approach  

The effect of external jacketing with FRP/PTMS can be taken into consideration by 

modifying the constitutive relationship of externally confined concrete in the plastic 

hinge zones (Binici and Mosalam, 2007). The effect of different parameters on the 

confinement effect of FRP (effect of pre-damage, cyclic loading, fibre orientation, 

corner radius, anchorage length, etc) has already been investigated experimentally, 

whilst stress-strain relationships have been developed for the FRP confined RC 

sections (e.g. (Ilki et al., 2008, Lam and Teng, 2003, Samaan et al., 1998)).  

Similar to FRP retrofitting, various stress-strain relationships for the PTMS confined 

RC sections have been also proposed (e.g. (Moghaddam et al., 2010a, Ma et al., 2016)). 

The following subsections present representative confinement models which can be 

used in analytical analyses for substandard RC buildings, to consider the confinement 

effect of external retrofitting using FRP or PTMS on concrete. 
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2.3.5.1 FRP-confined concrete 

Biskinis and Fardis (2013) developed a numerical model to predict FRP confinement in 

concrete. The effect of FRP retrofitting was modelled by changing the confined 

concrete properties according to using Equation 2-1, Equation 2-2 and Equation 2-3.   

𝑓𝑐𝑐 = 𝑓𝑐 [1 + 3.5(𝛼𝑓𝜌𝑓𝑓𝑓/𝑓𝑐)
0.75

] Equation 2-1 

𝜀𝑐𝑐 = 0.002 [1 + 5(
𝑓𝑐𝑐

𝑓𝑐
− 1)] 

Equation 2-2 

𝜀𝑐𝑢,𝑐 = 0.0035 + (
10

ℎ
)2 + 0.4𝛼𝑓𝛼𝑒𝑓𝑓.𝑗min (0.5;

𝜌𝑓𝑓𝑓

𝑓𝑐
) 

Equation 2-3 

Where; 

𝜌𝑓    The geometric ratio of FRP,  𝜌𝑓 =
2𝑡𝑓

𝑏
     

𝑓𝑓 = 𝐸𝑓(𝐾𝑒𝑓𝑓𝜀𝑓𝑢)  ; 𝜀𝑓𝑢 is the failure strain of FRP and 𝐾𝑒𝑓𝑓=0.6 for FRP 

h      depth of cross-section in the loading direction in mm 

𝛼𝑒𝑓𝑓,𝑗 = 0.5 [1 − min (0.5;
𝜌𝑓𝑓𝑓

𝑓𝑐
)]  for CFRP and GFRP 

𝛼𝑓 = 0.5   for rectangular cross-section and continues jacketing 

2.3.5.2 PTMS-confined concrete 

A robust model which can predict the confined concrete properties using metal 

straps, was developed by Moghaddam et al., 2010a. To model the confined concrete 

core properties, Equation 2-4 to Equation 2-9 can be used. Figure 2-10 illustrates the 

confinement model as well as the critical/yield points. 
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Figure 2-10: Schematic presentation of stress-strain behaviour of actively confined 

concrete specimens using PTMS (Moghaddam et al., 2010a). 

 

𝑓𝑐𝑟 = 0.85𝑓𝑐𝑐 Equation 2-4 

𝜀𝑐𝑟 = 3.1 × 10−4
𝑓𝑐𝑟

√𝑓𝑐𝑜

 
Equation 2-5 

𝑓𝑐𝑐

𝑓𝑐𝑜
= 1 + 8

𝑓𝑙𝑒

𝑓𝑐𝑜
− 4(

𝑓𝑙𝑒

𝑓𝑐𝑜
)1.2 

Equation 2-6 

𝜀𝑐𝑐 = 𝜀𝑐𝑜(
𝑓𝑐𝑐

𝑓𝑐𝑜
)1.1 

Equation 2-7 

𝜀𝑢𝑙𝑡 = 0.003𝑒
(160

𝑓𝑙𝑒
𝑓𝑐𝑜

𝜀𝑢𝑙𝑡
∗ )

+ 1.3
𝑓𝑙𝑒

𝑓𝑐𝑜
𝜀𝑢𝑙𝑡

∗  
Equation 2-8 

𝛼 = −62300(
𝑓𝑙𝑒

𝑓𝑐𝑜
)2 + 31150 (

𝑓𝑙𝑒

𝑓𝑐𝑜
) − 3900 

Equation 2-9 

Where; 
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𝑓𝑙𝑒 = 𝐾𝑒 × 𝑓𝑙 ; effective lateral pressure 

Ke  ; is geometric effectiveness coefficient calculated according to Razvi and Saatcioglu 
(1999)   

𝑓𝑙   ; applied lateral pressure 

𝛼   ; the post-yield slope of connecting line between yielding point and ultimate point.  

𝑓𝑐𝑟 , 𝜀𝑐𝑟 ; critical point’s stress and strain 

𝑓𝑐𝑐 , 𝜀𝑐𝑐 ; yield point’s stress and strain 

𝑓𝑢𝑙𝑡  , 𝜀𝑢𝑙𝑡 ; ultimate point’s stress and strain 

𝜀𝑢𝑙𝑡
∗  ; strap ultimate tensile strain 

2.4 Discussion on plasticity element types in OpenSees 

This section presents a critical review of two types of plasticity elements available in 

OpenSees: Lumped/concentrated plasticity and distributed plasticity element types. 

Plasticity is a crucial parameter in analyses of substandard RC buildings, hence, the 

chosen OpenSees element must accurately capture this important material 

characteristic. 

2.4.1.1  Lumped-Plasticity element type 

Lumped-plasticity models are essentially elastic elements with rotational springs at 

element ends to simulate inelastic deformations. The behaviour of the rotational 

springs is empirically derived, and as a result, the element behaviour has to be known 

a-priory, which makes this approach unsuitable for determining element based 

vulnerability but can be useful to determine overall structural level behaviour. 

2.4.1.2 Distributed-Plasticity element type 

Forced-based Elements (FBEs) and Displacement-Based Elements (DBEs) allow the 

plasticity to spread along the member. The fibre section method allows higher 

characterisation detailing of the nonlinearity distribution along with RC elements by 
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considering various behaviour of material constituting the RC cross-section (D’ayala 

et al., 2014). 

In distributed plasticity, element yielding is allowed to happen at any location along the 

member, which is especially important in elements with distributed loading such as 

gravity loads and infill walls. The disadvantages of using DBE over FBE for nonlinear 

analysis of RC structures are well known and discussed by many researchers: The DBE 

approach unrealistically overestimates the stiffness and the strength of the element 

compared to the FBE formulation (Calabrese et al., 2010, Coleman and Spacone, 2001, 

Neuenhofer and Filippou, 1997). The main issues with DBE are the constraints on the 

deformation fields imposed by DBE yield to exact solution only in the case of linear 

elastic material and nodal loads. Furthermore, equilibrium in FB formulations is 

verified pointwise along the element length, whereas in DBE the internal forces are in 

equilibrium with the nodal forces in an average sense (Calabrese et al., 2010). This 

leads to two main drawbacks for DBE. Since the general equilibrium is not verified, the 

combination of forces acting on each section can be unrealistically off, therefore 

unreliable results (such as curvature or strains) can be given by the DBE, at the 

sectional level.  

If the fibre discretisation model is used with the DBE which considers the interaction 

between axial force and bending moment, the sectional level behaviour of each 

element is dependent on the number of elements used to model the frame (Calabrese 

et al., 2010). To overcome the localisation issues arising from using the FBE, different 

approaches were proposed by many FE researchers focusing on regularisation 

techniques of FBE (Coleman and Spacone, 2001, Scott and Ryan, 2013, Lee and Filippou, 

2009, Scott and Hamutçuoğlu, 2008, Kashani et al., 2016). 

2.4.1.3  Conclusion 

Since DBE are not suitable for seismic analysis for the above-mentioned reasons and 

to avoid the localisation issues of FBE, the element type “forceBeamColumn” element 

by Scott and Ryan (2013) can be used in analytical models for substandard RC 
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buildings. This element type allows the plasticity to spread along the member length 

and it is reported to have a good agreement with experimental results, without 

suffering from localisation issues as the integration points are modified (Scott and 

Ryan, 2013). 
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CHAPTER 3 DESCRIPTION OF TESTS 

3.1 Introduction 

This chapter presents a detailed description (including testing set-up and 

instrumentation) of tests previously performed by researchers of The University of 

Sheffield (UOS) and Istanbul Technical University (ITU). These experimental results 

were used to validate the proposed FE modelling approach in capturing the actual 

structural response of substandard RC elements/buildings. The case study building is 

also described in detail, an existing 4-storey substandard RC building located in 

Istanbul, Turkey, which is used to derive adaptive and upgraded vulnerability/fragility 

curves for seismic vulnerability assessment. 

The tests comprised four reversed cyclic tests on substandard full-scale substandard 

cantilever RC columns (1ITU research group) and two full-scale shaking table tests of 

one-bay two-storey substandard RC frames (ECOLEADER and BANDIT projects, UOS) 

(Garcia et al., 2017).  

3.2 Full-Scale Cantilever RC Column Experiments  

The experimental study described in this section, was conducted at the Structural and 

Earthquake Engineering Laboratory of Istanbul Technical University (ITU). 

                                                 

1 The data is provided by ITU group as part of a RCUK-TÜBITAK Research Partnership Project entitled “Rapid 

Earthquake Risk Assessment and Post-Earthquake Disaster Management Framework for Substandard Buildings 

in Turkey” 
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3.2.1 Specimens and material properties 

Four cantilever RC columns were tested with a cross-sectional size of 200 mm x 300 

mm, representing typical substandard RC columns in developing earthquake-prone 

countries, made with low concrete strength and plain longitudinal rebars of low-

strength steel grade. All columns were designed to have a flexural failure, hence, they 

were well anchored in the base. The spacing between transverse links varied for each 

column (60, 90, 120 and 180 mm), to examine buckling of the longitudinal rebars. Figure 

3-1 shows a typical example of a column with transverse reinforcement spacing of 90 

mm (the other three columns had the same geometrical and mechanical 

characteristics varying only in spacing of transverse links). A single batch of ready-mix 

low-strength concrete (compressive strength 10 MPa, concrete cover 15 mm) was 

used to cast the columns (mix materials in kg/m3, Portland cement 215, crushed 

aggregates 923, sand 1104, water 232) and superplasticiser 2.75 lt/m3.  

 

Figure 3-1: Column reinforcement details.  

The column height above the base footing, was 1500 mm. The footing, used for 

restraining the rotation of the column, was 700 mm x 700 mm (cross-section) x 450 

mm (height). Four 14mm diameter plain rebars of fy=320 MPa were used, providing an 
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approximate longitudinal rebar reinforcement ratio of 1% while, 8mm deformed 

stirrups of fy=510 MPa were used, as transverse reinforcement. The mechanical 

characteristics of the reinforcement were evaluated by direct tensile tests according 

to TS EN ISO 6892-1 (see Figure 3-2). 

Figure 3-2: Mechanical characteristics of reinforcing rebars a) 8mm and b) 14mm 

diameter. 

3.2.2 Test setup and instrumentation 

The columns were subjected to both axial and reversed cyclic lateral loading. The axial 

force was applied by a 50kN capacity hydraulic jack reacting against a rigid steel beam 

tied to the strong floor with steel rods. The axial force was measured by a 100kN 

capacity load cell, placed on the top face of each column using a special capping 

arrangement. The lateral load was applied at the top of the columns using a 250kN 

capacity stroke (displacement stroke capacity of ± 300 mm) at 1280 mm above the 

column footing, reacting against a strong reaction wall (Figure 3-3 (a)). The lateral load 

was applied in displacement control following the loading protocol (see Figure 3-4).  

Twelve Linear Variable Displacement Transducers (LVDTs) were used to capture 

displacements and rotations at critical sections of each column (plastic hinge region). 

Sixteen electrical strain-gauges were attached to the longitudinal and transverse 

reinforcement to monitor strain in various locations (Figure 3-3(b)). 

  

a) b) 
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Figure 3-3: (a) Testing setup and LVDTs configuration and (b) strain-gauge location. 

 

 

Figure 3-4: Loading protocol. 

3.3 Full-Scale Shaking Table Experiments 

The experimental data from the shaking table tests of two full-scale one-bay two-

storey substandard RC frames was used to verify the analytical model of this PhD 

study.  

3.3.1 Specimens and material properties  

The first frame (ECOLEADER project) was designed and built according to a typical 

outdated pre-seismic construction European practice from the 60s (Garcia et al., 

2010). The tested structure was a symmetric two-storey one-bay RC frame which, had 
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dimensions of 4.26 x 4.26 m in plan and a height of 3.3 m for both stories. Figure 3-5 (a, 

b) show the general view of the frame and details of the structural elements, 

respectively. 

 

Figure 3-5: (a) General view and (b) frame geometry and sectional details. (Garcia et 

al., 2010) 

The average material properties obtained based on tests were as follows: Yield and 

ultimate strength of steel reinforcement were fy=551 MPa and fu=656 MPa, and 

concrete compressive strength and modulus of elasticity were fc =20 MPa and Ec=25,5 

GPa, respectively. An additional mass of 9.0 tonnes (steel plates) was secured to each 

floor as dead loading (Figure 3-5 (b)). 

The second frame (BANDIT project) was also a one-bay two-storey substandard RC 

frame and its geometry is identical to the ECOLEADER building. While the column 

sections are the same as the ECOLEADER frame, the beam sections are different. 

Figure 3-6 presents the general view of the frame, whilst Figure 3-7 gives the geometry 

and reinforcement detailing for beams and columns. 
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Figure 3-6: General view of BANDIT bare frame (Garcia et al., 2014) 

The average mechanical properties of Φ14 mm longitudinal reinforcement obtained 

from direct tensile tests were fy=526 MPa and fu=616 MPa. Separate batches of 

concrete were used for each storey with properties of fc=30.8 MPa, Ec=23.9 GPa and 

fc=25.5 MPa, Ec=21.7 GPa for the 1st and 2nd floor, respectively. 
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Figure 3-7: a) plan b) elevation and c) detailing of the beam and column sections for 

the 1st and 2nd storeys of Bandit frame (Garcia et al., 2014). 

 

3.3.2 Test setup and instrumentation 

The experimental programme consisted of unidirectional horizontal input shaking 

using incremental peak ground accelerations (PGA) levels ranging from 0.05g to 0.4g 
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for the ECOLEADER frame and from 0.025g to 0.15g for the BANDIT frame. For each 

frame, a single artificial ground motion record was used, based on Eurocode 8 (EC8) 

soil profile type C spectrum (Chaudat et al., 2005, Garcia et al., 2012).  

Both structures were instrumented with acceleration and displacement transducers 

at each floor plus strain gauges attached to longitudinal and transverse reinforcement 

in various locations. The natural frequencies of the structure were obtained by 

executing white noise as an input signal, before the start and after the end of each test.  

3.4 Existing Substandard RC Building: Case Study 

The building selected for this PhD study, is a typical substandard residential 4-storey 

RC building located in Istanbul (Turkey) with an average 2.9m storey height and 11.6m 

total height. Figure 3-8 shows the general view of the building. 

 

Figure 3-8: General view of the building. 

The plan dimensions of the building are 10.1m X 10.4m. Figure 3-9 shows the storey 

plan, column arrangement and column section sizes. 
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Figure 3-9: Storey plan. 

The building was built in 1994, with plain S220 steel rebars for both longitudinal (14 mm 

diameter) and transverse reinforcement (10 mm diameter). The condition of 

reinforcement and construction quality as well as the detailing of the columns were 

checked, by removing the concrete cover from several columns in various locations of 

the building. Pachometer surveys were carried out on columns in several locations. 

The transverse reinforcement spacing of the columns was observed to be 200 mm 

(see Figure 3-10).   
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Figure 3-10: Cover removal and checking the columns’ detailing. 

The compressive concrete strength was 9.44 MPa, as the average of five uniaxial 

compressive tests performed on core samples extracted from various locations of the 

building (see Figure 3-11). The beams have a section of 250mm X 500mm with four 14 

mm rebars and the two types of columns, 250 mm X 400 mm and 250 mm X 450 mm 

with four and six longitudinal 14 mm rebars, respectively. The columns longitudinal 

reinforcement ratio is 0.62% (section 250mm X 400mm) and 0.82% (section 250mm 

X 450m).  

   

Figure 3-11: Concrete core samples taken from the building. 

 

 

 

  



Methodology 

48 

 

CHAPTER 4 METHODOLOGY 

4.1 Introduction 

This chapter describes the methodology followed to develop a novel advanced 

analytical seismic vulnerability framework. The main aim of the framework is to derive 

advanced adaptive vulnerability/fragility functions for substandard RC 

columns/buildings in developing countries.  

The main methodology steps can be summarised as follows: 

1. Data collection from various research projects conducted in the past from 

researchers of The University of Sheffield (UOS) and Istanbul Technical University 

(ITU) (See Chapter 3). 

2. Developing an analytical FE modelling approach using OpenSees (Mazzoni et al., 

2007) capable of capturing the behaviour of substandard RC columns/frames 

considering degrading behaviours (slippage of longitudinal rebars, buckling of 

longitudinal rebars and pinching effect (introduced by buckling)) at both local 

(strain, curvature and rotation) and global levels (inter-storey drift, lateral force 

and global displacement). 

3. Validating the analytical FE modelling approach with the collected experimental 

data (Step 1). 

4. Developing a seismic vulnerability assessment framework by linking proprietary 

Matlab code with OpenSees to automate the analysis procedure and conduct 

advanced seismic vulnerability assessments. This framework is capable of deriving 

adaptive fragility/vulnerability functions considering various parameters (e.g. 
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transverse bar spacing, storey height, steel grade, concrete compressive strength, 

external jacketing with FRP/PTMS). 

5. Conducting advanced probabilistic seismic fragility analysis for the ITU column and 

substandard existing 4-storey building. Upgraded fragility curves are also obtained 

using hypothetical FRP retrofitting (1-layer of CFRP for column scenario, 3 layers of 

CFRP for 4the -storey substandard building – case study). 

6. Comparing the derived adaptive fragility curves with several well-known existing 

fragility curves available in the literature (4-storey substandard building – case 

study). 

4.2 Analytical FE modelling and validation 

4.2.1 Introduction 

To determine the vulnerability of structures using a numerical approach, accurate 

numerical models are required to capture the behaviour of substandard elements. The 

Opensees package (Mazzoni et al., 2007) offers several material models that can 

simulate material nonlinearities, longitudinal rebar buckling and bond-slip behaviour 

which are the most critical parameters in a structural response analysis of 

substandard RC buildings/columns.  

To verify the analytical tool, a comparison was made between the analytical and 

experimental results using global and local parameters, such as: change of structural 

period, inter-storey drift (global damage indices) and rotation-based damage index 

(local). 

The following sections discuss in detail the analytical modelling approach proposed for 

capturing the behaviour of substandard RC columns and buildings.  
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4.2.2 Finite element modelling of substandard RC columns 

This section presents the proposed FE modelling approach, considering the common 

deficiencies in substandard RC columns. Buckling of longitudinal reinforcement and 

bond-slip behaviour, are the two main identified degrading behaviours for 

substandard RC columns and they were taken into account in the analytical modelling 

procedure.  

4.2.2.1 The finite element modelling approach 

The columns were modelled using two main elements. A“zerolengthSection” element 

and a “forcebeamcolumn” element. After critical evaluation of DBE and FBE (section 

2.4), for the analyses conducted in this PhD study, it was decided “forcebeamcolumn” 

element is the most suitable one. A“zerolengthSection” element at the base of the 

columns uses duplicate nodes to model rebar slip at the foundation interface (Mazzoni 

et al., 2006). The column itself was modelled by using a “forcebeamcolumn” element. 

To account for buckling, the stress-strain characteristics of steel were introduced in 

compression only, within the anticipated plastic hinge zone.  

4.2.2.1.1 Finite element model of substandard RC columns 

A fibre-based structural modelling technique was used for modelling the structural 

elements. This method divides a structural element into a two-end frame element and 

links each boundary to a discrete cross-section with grids of fibres. The material’s 

nonlinear stress-strain behaviour in each fibre is integrated to obtain force and 

stiffness parameters over the length using finite element interpolation functions which 

must meet the compatibility and equilibrium conditions. 

In fibre-based analytical models, materials have only unidirectional strength and 

stiffness and their behaviour is defined in terms of stress-strain. OpenSees provides 

several predefined constitutive models for each material type. During the analysis, 

fibre sections are assumed to remain plane. In RC structures, the fibre section is 

modelled with predefined concrete and steel materials. The section is divided into a 
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number of concrete segments where the steel fibres will be located. Strain 

compatibility between reinforcement and surrounding concrete is assumed. The 

sectional reactions under force and moment are in terms of axial strain at mid-section 

and curvature. A unique solution of this deformation combination will be obtained 

based on the moment-curvature analysis of the section. 

The forceBeamColumn element (Scott and Ryan, 2013) with HingeRadauTwo 

integration configuration is used to model the columns. Figure 4-1(a) shows the detail 

of the fibre section approach to model the RC section and  Figure 4-1(b) presents a 

typical column configuration. In this element type two-point, Gauss integrations are 

assigned over plastic hinge zones at each end, plus two integration points on the 

element interior (points 3-4). Material nonlinearity is considered with a fibre 

discretisation cross-section at each integration point. Since during the experiment, 

the direction of axial load during the reversed cyclic experiment was maintained 

parallel to the member (to eliminate any secondary moment effect), a linear geometric 

transformation formula was used to get the global response of the system. 

 

 

 

 

Figure 4-1: (a) Fibre section approach (b) column’s assembly and integration points 

configuration. 
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4.2.2.2 Uniaxial material behaviour including the bond-slip and 

inelastic buckling behaviour 

The following sections present the material models used to model the substandard RC 

columns. 

4.2.2.2.1 Concrete model 

Concrete02 material model is used to represent the uniaxial monotonic and cyclic 

behaviour of confined and unconfined concrete. The results of concrete core tests 

were used to provide the key parameters for the unconfined concrete. The 

confinement effect due to stirrups was taken into account using the Mander 

confinement model (Mander et al., 1988). Whilst the unconfined concrete model 

remained the same for all columns, the confinement model was different for each 

column since the spacing of stirrups varied. Table 4-1 gives the parameters used in the 

analysis for both confined and unconfined concrete. 

Table 4-1: Parameters used for defining concrete. 

Type S (mm) fc (MPa) Ꜫ0 fu (MPa) Ꜫu 

UC All 10.00 0.0015 5.00 0.005 

C 60 17.30 0.007 13.80 0.02 

C 90 14.62 0.005 11.70 0.02 

C 120 13.10 0.0036 11.09 0.02 

C 180 11.60 0.0035 8.00 0.02 

Where: 

UC/C Unconfined/Confined concrete 

S Stirrup spacing 

fc concrete compressive strength at 28 days 
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Ꜫ0 concrete strain at maximum strength 

fu concrete crushing strength  

Ꜫu concrete strain at crushing  

4.2.2.2.2 Reinforcing steel model including the effect of inelastic buckling 

The direct uniaxial tensile tests on plain longitudinal steel rebars showed a typical 

behaviour for this type of mild steel after yielding, exhibiting a large plateau before 

strain hardening (Figure 3-2 (b)). To simulate this behaviour, the uniaxial “Reinforcing 

Steel material” model was used which is based on work conducted by Chang and 

Mander (1994). This model was used for parts of the column outside the plastic hinge 

region. Table 4-2 gives details of the parameters used for the reinforcing longitudinal 

steel rebars. All yield strength values for both longitudinal and transverse rebars are 

taken directly from the experimental results as mentioned in section 3.2.  

Table 4-2: Parameters for modelling steel rebars outside the plastic hinge zones. 

fy (MPa) fu (MPa) Es (MPa) Esh (MPa) esh eu 

320 430 2.0e5 5000 0.03 0.2 

Where: 

fy Yield stress in tension 

fu Ultimate stress in tension 

Es Initial elastic tangent 

Esh Tangent at initial strain hardening 

esh Strain corresponding to initial strain hardening 

eu Strain at peak stress 
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Buckling behaviour of longitudinal rebars: To consider the buckling behaviour of 

longitudinal rebars in the plastic hinge region, the post-yield compressive behaviour of 

steel was modified using the buckling model developed by Dhakal and Maekawa (2002) 

(Figure 4-2, Equation 4-1 and Equation 4-2). This model was developed using tests on 

plain rebars only (ignoring the effect of concrete cover on the buckling behaviour). 

Previous studies on the nonlinear cyclic response using such rebars revealed that 

buckling led to a more severe pinching effect than expected (Kashani et al., 2013).  

 

Figure 4-2: Buckling model for plain steel (Dhakal and Maekawa, 2002) 
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Equation 4-1 
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∗ = 𝛼 (1.1 − 0.016√

𝑓𝑦

100
 
𝐿

𝐷
) ; 𝜎∗ ≥ 0.2𝑓𝑦 

 

Equation 4-2 

Where: 

fy Yield stress in tension 

L Stirrup spacing 

D Longitudinal bar diameter 

Es Initial elastic tangent 

𝜀∗ Intermediate point strain 

𝜎∗ Intermediate point stress 
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𝜎𝑙
∗ Corresponding stress for 𝜀∗ from the tension side of behaviour 

α Constant considered 1 for linear hardening bars 

Effect of concrete cover and stirrup spacing on buckling: To examine the effect 

of concrete cover and stirrup spacing on buckling, a short FEA study was conducted 

using Abaqus (Figure 4-3).  

The effect of concrete cover was modelled using lateral pressure in one direction on 

the rebar from 1ft (concrete cover times the tensile strength of concrete (ft)) up to 

5ft. To trigger buckling, an initial imperfection of 0.1 mm was introduced. The results 

of the analysis show that concrete cover can substantially prevent buckling but only at 

higher L/D ratios (Figure 4-3) (Note: in these models, L varied but D was kept constant 

D=14 mm).  

 

  

  

Figure 4-3: FEA to take into account the effect of cover on the inelastic buckling of 

longitudinal rebars. 

Uniaxial material behaviour of steel rebars: The Hysteretic material model in 

OpenSees was used to represent the uniaxial material behaviour of steel rebars over 
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the plastic hinge region. This model allows the definition of different behaviours in 

compression and tension and has two predefined parameters to control the pinching 

effect of the cyclic rule. Table 4-3 shows the calculated parameters used for buckling 

of longitudinal steel rebars for the compression zone, while the direct tensile 

experimental result (Figure 3-2 (b)) was used to define the tension side. 

Table 4-3: Hysteretic material parameters for compression to consider buckling. 

s1n (MPa) e1n s2n (MPa) e2n s3n e3n Pinch X Pinch Y 

320 0.0016 331.6 0.06 64 0.127 0.8 0.8 

320 0.0016 302.4 0.046 64 0.105 0.8 0.8 

320 0.0016 274.4 0.032 64 0.084 0.8 0.8 

320 0.0016 256.2 0.012 64 0.059 0.8 0.8 

Where: 

S1n , e1n stress and strain at 1st point of the envelope in compression direction 

S2n , e2n stress and strain at 2nd point of the envelope in compression direction 

S3n , e3n stress and strain at 3rd point of the envelope in compression direction 

pinchX pinching factor for strain during reloading 

pinchY pinching factor for stress during reloading 

4.2.2.2.3 Slip model for zero-length section element 

Since the zero-length section element in OpenSees has a unit length, the uniaxial 

stress-strain material behaviour of both steel and concrete needs to be modified to 

simulate stress-slip. The longitudinal steel rebars are considered to be fully anchored 

into the foundation. To model slip on longitudinal bars, the stress-slip constitutive 

model by Zhao and Sritharan (2007), was used, derived from pull-out tests performed 

on fully anchored steel reinforcing rebars. The two important parameters in this 



Methodology 

57 

 

model are the rebar slip at member interface at yield, Sy, and ultimate stress, Su 

(Equation 4-3).  

𝑠𝑦(𝑚𝑚) = 2.54 (
𝑑𝑏(𝑚𝑚)

8437

𝑓𝑦(𝑀𝑃𝑎)

√𝑓′
𝑐
(𝑀𝑃𝑎)

(2𝛼 + 1))

1
𝛼

+ 0.34 Equation 4-3 

Where: 

db longitudinal rebar diameter 

fy yield strength of longitudinal rebar 

𝝰 Constant taken as 0.4 (CEB-FIP, 1993) 

Su pinching factor for strain during reloading 

Su is suggested to be 30~40 times Sy. In this study, Su is taken as 35 

times Sy. 

The hysteretic uniaxial material model from the OpenSees library was used to assign 

the slip model to the steel fibres in the zero-length section element. Since most of the 

pinching is expected to develop during buckling of the longitudinal rebars, zero 

pinching was assigned to the slip model. Because the slip model is symmetric, the 

parameters considered for hysteretic material for the tension side are given in Table 

4-4. 

Table 4-4: Hysteretic material parameters for modelling rebar’s slip. 

$s1n (MPa) $e1n (mm) $s2n (MPa) $e2n (mm) 

320 0.5 430 16.4 

Where: 

S1n , e1n stress and strain at 1st point of the envelope in compression direction 

S2n , e2n stress and strain at 2nd point of the envelope in compression direction 

The slip of the longitudinal rebars on the tension side of the section, in combination 

with the high axial force and flexural compressive force, results in highly localised 

compressive stress at the extreme compressive fibre. This can cause localised 

damage, over a depth dcomp (Berry and Eberhard, 2006). In this study, ⅓ of the length 

of the section was used as dcomp to convert the strain values of the concrete to slip. 
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The uniaxial material Concrete01 with zero tension was used to model the concrete in 

the zero-length section element (see Figure 4-4). 

 

Figure 4-4: The concrete model considered in zero-length section element (Kashani 

et al., 2016). 

4.2.2.2.4 Plastic hinge length calculation 

To calculate and assign the plastic hinge length, the widely-used plastic hinge length 

formula developed by Bae and Bayrak (2008), was used (Equation 4-4). 

𝑙𝑝

ℎ
= [0.3 (

𝑃

𝑃𝑜
) + 3 (

𝐴𝑠

𝐴𝑔
) − 0.1] (

𝐿

ℎ
) + 0.25 ≥ 0.25 

Equation 4-4 

Where; 

ℎ     overall depth of the element 

𝑃     applied axial load 

𝑃𝑜 = 0.85𝑓𝑐
′(𝐴𝑔 − 𝐴𝑠) + 𝑓𝑦𝑓𝑠 

𝐴𝑠     tension reinforcement’s area 

𝐴𝑔     gross-sectional area of concrete column 

𝐿      distance of critical section from point of contra flexure 

Note: This approach was used to calculate the plastic hinge length for all RC models in 

this research.  
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4.2.2.3 Conducted analysis on column models 

Since the distributed plasticity element model was used to model columns, a mesh 

sensitivity analysis was performed to ensure that the sectional response, in terms of 

moment-curvature, is correctly captured by OpenSees.  

Reversed cyclic pushover analysis was conducted and the local structural response 

parameters (chord rotation, contribution of slip of reinforcement to the total rotation 

and maximum curvature from the most critical section of the column), as well as global 

parameters (global forces, drift), were compared with the experimental data.  

4.2.3 Finite element modelling of substandard RC frames 

The experimental results of two substandard shaking table RC frames (Ecoleader and 

Bandit projects) were used to validate the accuracy of the numerical model using local 

and global structural response parameters. 

4.2.3.1 The finite element modelling approach  

3D finite element models of both frames were developed in OpenSees following the 

same approach (fibre-based structural modelling) as described in Section 4.2.2. The 

only difference in the parameters is the sectional geometry and material mechanical 

characteristics. The p-delta effect is considered in the analytical model. The zero-

length section element which was used to represent the bond-slip behaviour, is 

introduced to the model only for the columns’ reinforcement. The zero-length element 

is assigned to the model for the column-to-joint connections (Figure 4-5). Concrete02 

from the OpenSees library was used to represent the hysteretic concrete material 

behaviour. The use of Concrete02 material model was chosen over other available 

concrete models (e.g. Concrete04, Concrete07 and ConcreteCM) for the ease of 

convergence. Mander et al. (1988) concrete (confined and unconfined) material 

models were used.  
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Figure 4-5:  Placement of zero length section element to consider the bond-slip 

behaviour of longitudinal bars. 

Columns and beams: The forceBeamColumn element type was used for both 

columns and beams. This element has three main zones two plastic hinge zones and a 

middle section. All zones are assigned with fibre sections, however, the main 

difference is that the plastic hinge zones for both columns and beams, have a 

hysteretic uniaxial material model assigned for reinforcement, to consider the effect 

of buckling. For the middle zone of the element steel02, Giuffre-Menegotto-Pinto steel 

material model (Filippou et al., 1983) was used to represent the hysteretic behaviour 

of reinforcement which is symmetric in the compression and tension zones without 

considering buckling effects. Table 4-5 shows the steel stress-strain material models. 

Table 4-5: Steel02 parameters. 

fy  (MPa) E0 (MPa) b R0 CR1 CR2 

551 2.1e5 0.035 12 0.925 0.15 

Where: 

fy yield strength 

E0 initial elastic tangent 

b train-hardening ratio (ratio between post-yield tangent and initial 

elastic tangent) 

R0, CR1, CR2 parameters to control the transition from elastic to plastic branches. 

Recommended values: R0=between 10 and 20, cR1=0.925, cR2=0.15 
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Bond-slip behaviour of longitudinal reinforcement of columns to joints or 

foundation: To consider the bond-slip behaviour of longitudinal reinforcement of 

columns to joints or foundation, both ends of all columns have a duplicated node which 

is used to assign the “zerolengthsection” element. While these sections have the same 

geometry as the column sections, concrete and steel material characteristics are 

modified to be able to capture the bond-slip behaviour. Since the “zerolengthsection” 

element is considered by OpenSees to have the unit length, this means that the stress-

strain relationship for steel can be considered as stress-slip. Hysteretic uniaxial 

material was used to assign the stress-slip behaviour to the longitudinal bars of the 

“zerolenghtseciton” element, whilst concrete01 uniaxial material behaviour was 

selected to model the concrete behaviour. Table 4-6 presents the longitudinal rebar’s 

material parameters considering the bond-slip behaviour. The same material model 

(Figure 4-4) is used for concrete fibres in the zero-length section element. 

Table 4-6: Hysteretic material parameters for modelling rebar’s slip. 

 s1n (MPa)  e1n (mm) s2n (MPa) e2n (mm) 

550 0.55 656 19.3 

Where: 

S1n , e1n stress and strain at 1st point of the envelope in compression direction 

S2n , e2n stress and strain at 2nd point of the envelope in compression direction 

4.2.3.2 Performed analysis on the 3d RC frame models 

During the gravity analysis, the weight of the fixed steel plates on the slabs (which 

simulate the live/dead loading on each floor) are distributed evenly on the surrounding 

beams. Eigenvalue analysis was performed after applying the gravity loads to the 

model, to compare the frequency response of the structures with the experimental 

data. Then, a pushover analysis was performed considering the inverse triangular 

lateral loading, to further investigate the structural response before conducting any 
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dynamic analysis. Finally, dynamic analysis was performed, using the displacement 

histories recorded from the shaking table tests. To represent the actual experimental 

conditions where damage is accumulated after each level of seismic excitation, the 

same procedure was employed during the dynamic analysis: The capacity state of the 

structure was not restored to undamaged state after each dynamic analysis. Instead, 

the analytical output at different PGA levels was introduced from one dynamic analysis 

to the next one, taking into account the damage accumulation. 

The global response of the structures was compared with the experimental data in 

terms of displacement histories of the first and second floors. The local response of 

the structures in terms of longitudinal rebar strains was also compared at the location 

of 13 cm below the first floor’s joint.  

4.2.4 Finite element modelling of the substandard 4-storey RC 

building (case study) 

The finite element modelling approach (discussed above) showed promising results in 

terms of capturing the behaviour at both elemental level (substandard columns) and 

global level (3D shaking table frames). Hence, the same method was used to model the 

existing substandard 4-storey RC building which is used for the vulnerability/fragility 

analysis (chapter 3.4 for details of the building). The P-delta effect is considered in the 

analytical model.  

It should be mentioned that this analytical modelling methodology can be applied to 

any substandard RC building with similar deficiencies and failure mechanism.  

Table 4-7 shows the weight assumptions used to calculate the gravity loads. 
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Table 4-7: Weight calculation assumptions. 

Item Weight (t/m2)  Item Weight (t/m2)  

terrace slab 0.195 Openings  0.05 

19 cm brick wall 0.32 top roof + slab 0.15 

13 cm brick wall 0.25 Storey roof + slab 0.532 

9 cm brick wall 0.2 stairs 0.352 

4.3 Development of advanced probabilistic seismic 

vulnerability framework 

4.3.1 Introduction 

The capacity spectrum method (CSM) uses two main inputs (demand and capacity 

curves) which are plotted in the same graph (spectral acceleration versus spectral 

displacement), called Acceleration Displacement Response Spectrum (ADRS). The 

demand curve either can be a design spectrum or a record specific spectrum, and the 

capacity curve is the outcome of the Nonlinear Static Pushover Analysis (NSPA). 

However, firstly, the capacity curve needs to be plotted in a form of a bilinear or multi-

linear curve. To take into account the effect of cyclic degradation of structural 

elements (which comes from cyclic behaviour of the material plus the pinching effect 

due to the buckling of the longitudinal rebar), the NSPA is replaced with the Reversed 

Cyclic Pushover Analysis (RCPA), providing two main advantages: The first advantage 

is that it captures the cyclic degradation which found not to be negligible when dealing 

with substandard structural elements. The second advantage has to do with the use of 

the envelope curve of the RCPA which eliminates the need for generating the capacity 

curve vs NSPA. The use of RCPA instead of monotonic pushover analysis can affect the 

performance point by up to 10%. After plotting these inputs into ADRS, CSM uses an 

iterative procedure to determine the maximum inelastic displacement of the analysed 

structure by defining the Performance Point (PP).  
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The following section presents the adapted CSM implemented into the novel advanced 

probabilistic seismic fragility framework developed in this PhD research. 

4.3.2 Analytical Vulnerability Assessment  

This section gives the methodology and theoretical assumptions behind the developed 

framework. 

4.3.2.1 Capacity curve 

The capacity curve, used for this PhD research, is the envelope curve of RCPA. The 

loading protocol followed for the RCPA, is according to (ATC-24, 1992) up to ductility 

level 8 (Figure 4-6). The capacity curve is transformed into a capacity spectrum 

(spectral coordinates) using Equation 4-5 and Equation 4-6 (Figure 4-7). 

 

Figure 4-6: Loading protocol (ATC-24, 1992) 
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Figure 4-7: (a) capacity curve (b) capacity spectrum. 
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𝑆𝐷 =
𝑈𝑛

𝛤1∅𝑁1
 

Equation 4-6 

Where; 

𝛤1 =
∑ 𝑚𝑖∅𝑖1

𝑁
𝑖=1

∑ 𝑚𝑖∅𝑖1
2𝑁

𝑖=1

 
Equation 4-7 

𝑚1
∗ =

(∑ 𝑚𝑖∅𝑖1
𝑁
𝑖=1 )2

∑ 𝑚𝑖∅𝑖1
2𝑁

𝑖=1

 
Equation 4-8 

Where; 

𝑓𝑏𝑠     base shear 

𝑈𝑛     displacement at Nth floor 

𝑚𝑖     lumped mass at the ith floor 

∅𝑖1     ith floor’s Eigenvector from fundamental mode ø1 

𝑁       number of floor 

𝑚1
∗     effective modal mass for the fundamental vibration   

𝛤1      fundamental mode’s participation factor   

(a) (b) 
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4.3.2.2 Demand curve 

As a demand curve, either a site-specific design spectrum (taken from a recent hazard 

map of the assessed developing country) or, a record specific spectrum can be used. 

For this PhD research, the demand curve is the elastic response spectrum, specifically 

derived for the site of the building. Then, the response spectrum is converted to 

demand spectrum (spectral coordinates) using Equation 4-9 (Figure 4-8). 

𝑆𝐷 = (
𝑇

2𝜋
)

2

𝑆𝐴 
Equation 4-9 

Where; 

SD     displacement ordinate of the response spectrum 

SA     acceleration ordinate of the response spectrum 

T      corresponding period of vibration 

  

Figure 4-8: (a) response spectrum (b) demand spectrum. 

4.3.2.3 Iterative CSM procedure to determine the PP 

The main aim of this procedure is to estimate the maximum displacement (PP) of a 

nonlinear system with an equivalent linear system by using effective damping and 

effective period. In this procedure, the effective period and effective damping are 

functions of the ductility ratio. The steps, followed to derive the PP according to FEMA 

440 (2005), are as follows (Figure 4-9): 

(a) (b) 
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Figure 4-9: CSM (FEMA 440, 2005), procedure B. 

1. A suitable elastic response spectrum (with 5% damping) is selected and 

converted into a demand spectrum which is denoted as ADRS (β0). 

2. The demand spectrum is derived from the numerical analysis and plotted in the 

same graph. 

3. An initial performance point is assumed based on equal displacement 

approximation (a line from the origin with the slope of T0 is intersected with the 

demand spectrum. The intersection point’s spectral displacement (dpi) and the 

corresponding spectral acceleration (api) from the demand spectrum with the 

same displacement (dpi) are assumed to be the initial assumption for PPpi). 

4. To calculate ductility (μ) and post elastic stiffness (α), the yielding point is 

assumed for the initial PP. Bi-linearisation Procedure from (ATC-40, 1996) was 

used to derive the yielding point (dy and ay). The initial T0 line is followed by a 

post yielding line connecting the yielding point with PPi
 in the way that the areas 

under and above the capacity and bilinear curves are equal (Fig. 3-16). 

5. Ductility and post-elastic stiffness are calculated using Equation 4-10 and 

Equation 4-11. 
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𝛼 =

(
𝑎𝑝𝑖 − 𝑎𝑦

𝑑𝑝𝑖 − 𝑑𝑦
)

(
𝑎𝑦

𝑑𝑦
)

 

 Equation 4-10 

 

𝜇 =
𝑑𝑝𝑖

𝑑𝑦
 

 Equation 4-11 

 

6. Using the calculated ductility and post-elastic stiffness from the previous step, 

and considering stiffness degrading hysteretic behaviour, the effective period 

(Teff) and effective damping (βeff) are calculated using Equation 4-12, Equation 

4-13, Equation 4-14, Equation 4-15, Equation 4-16 and Equation 4-17. (Note: the 

constant values in the formulas below are selected from Tables 6-1 and 6-2, 

chapter 6 of (FEMA 440, 2005). 

For 1.0 < 𝜇 < 4.0 :  

𝛽𝑒𝑓𝑓 = 𝐴(𝜇 − 1)2 − 𝐵(𝜇 − 1)3 + 𝛽0 Equation 4-12 

For 4.0 ≤ 𝜇 ≤ 6.5 ∶  

𝛽𝑒𝑓𝑓 = 𝐶 + 𝐷(𝜇 − 1) + 𝛽0 Equation 4-13 

For 𝜇 > 6.5 ∶  

𝛽𝑒𝑓𝑓 = 𝐸 [
𝐹(𝜇 − 1) − 1

[𝐹(𝜇 − 1)]2
] (

𝑇𝑒𝑓𝑓

𝑇0
)

2

+ 𝛽0 
Equation 4-14 

For 1.0 < 𝜇 < 4.0 :  

𝑇𝑒𝑓𝑓 = [𝐺(𝜇 − 1)2 + 𝐻(𝜇 − 1)3 + 1]𝑇0 Equation 4-15 

For 4.0 ≤ 𝜇 ≤ 6.5 ∶  

𝑇𝑒𝑓𝑓 = [𝐼 + 𝐽(𝜇 − 1) + 1]𝑇0 Equation 4-16 

For 𝜇 > 6.5 ∶  

𝑇𝑒𝑓𝑓 = {𝐾 [√
(𝜇 − 1)

1 + 𝐿(𝜇 − 2)
− 1] + 1} 𝑇0 

Equation 4-17 
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7. After calculating the βeff, the ADRS(β0) is rescaled to ADRS(βeff) using the scale 

factor B using Equation 4-18 and Equation 4-19 (Note: since Sa and Sd are linked 

with Equation 4-9, after applying the scale factor B to Sa, Sd also needs to be 

adjusted (see Figure 4-9). 

𝐵 =
4

5.6 − ln 𝛽𝑒𝑓𝑓
 

Equation 4-18 

(𝑆𝑎)𝛽 =
(𝑆𝑎)0

𝐵(𝛽𝑒𝑓𝑓)
 

Equation 4-19 

8. ADRS(βeff) is modified to MADRS by multiplying the acceleration ordinates only 

by the M factor which is calculated using Equation 4-20 (see Figure 4-9). 

𝑀 =
𝑎𝑚𝑎𝑥

𝑎𝑒𝑓𝑓
= (

𝑇𝑒𝑓𝑓

𝑇𝑠𝑒𝑐
)2 

Equation 4-20 

9. The intersection of the capacity curve with the MADRS is the PPi (estimated 

maximum elastic displacement of the structure). 

10. A comparison between PPi and the initial assumed PPpi is needed. If the 

difference is acceptable (below 5%), Pi is valid and considered as the final PP 

(the range of acceptance is considered to be 2% for this research). Otherwise, 

the PPi is replaced with PPpi (step 3) and steps 4 to 10 are repeated until 

convergence is achieved. 

4.3.3 Deriving vulnerability curve using OpenSees and Matlab 

For deriving the performance point (maximum inelastic displacement of the 

structure/structural element) and the vulnerability curve, a Matlab code was compiled 

and linked with the OpenSees software to directly obtain necessary input and perform 

the vulnerability analysis as described below. 

1. Performing a gravity analysis with OpenSees and keep the gravity loads constant 

for the structure. 
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2. Performing an Eigen-value analysis with OpenSees to derive the Eigenvectors 

and the Eigenvalue of the fundamental mode of vibration. This is needed to 

convert the capacity curve to capacity spectrum. 

3. Performing NRCPA with OpenSees and record the base shear versus the roof 

displacement as one of the main inputs for the CSM. To derive the damage 

parameter used in vulnerability/fragility analysis, the following parameters are 

also recorded:  
 

a. Local and global structural response in terms of sectional parameters 

(curvature and strain),  

b. Elemental parameters (global forces and plastic rotation),  

c. Storey level (storey shear and storey displacement/drift) and,  

d. Global level (structural period, base shear and roof displacement).   

4. Importing necessary data from OpenSees to Matlab code: 

f. Eigenvectors of the fundamental mode of vibration,  

g. Capacity curve and,  

h. Damage parameters. 

Importing the demand curve into Matlab. 

5. Converting the capacity curve to capacity spectrum and demand curve 

(response spectrum) to demand spectrum. 

6. Following the procedure as described in section 4.3.2.3 to derive the PP. 

7. Conducting analytical vulnerability assessment using CSM (section 4.3.2). 

4.3.4  Conducting analytical vulnerability assessment using CSM 

method 

Both local and global damage indices are calculated and compared with the shaking 

table tests (Ecoleader and Bandit projects) and the substandard column tests (from 

ITU) to evaluate their accuracy. PGA was used as the ground motion intensity measure 

since it is the most commonly used IM in the literature. Additionally, the use of intensity 

measure needs to be suitable with the type of analysis and method used to derive the 

vulnerability curves. In CSM the most suitable IM is PGA because of using design/site 
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specific spectrum with certain PGA. Spectral displacement and spectral acceleration 

IM are more suitable for IDA method to derive vulnerability curves. 

To perform the seismic vulnerability analysis, the previously generated Matlab code 

for deriving PP was adopted. An additional loop function was added to the code (after 

step 10 of section 4.3.2.3); inside this loop, two steps are repeated to derive the 

vulnerability curve. The main aim of this loop is to calculate different PPs and their 

corresponding damage ratios to the various intensity levels of the selected demand 

spectrum to cover the damage ratio from 0 to 100%. For each iteration inside the loop, 

the selected demand capacity ADRS(β0) is scaled from lower to higher and the 

corresponding PP is derived. The damage parameters are calculated for each PP using 

the structural performance outputs recorded in NRCPA. The PGA varies from 0.01g to 

1.0g with incremental steps of 0.1g. For all 100 PPs, PGA values and damage ratios are 

calculated and plotted in a graph to form the final vulnerability curve for a specific 

analysed structure.  

4.3.4.1 Local and global damage index considered for 

vulnerability study. 

For columns, the plastic hinge rotation, θ, is used as the local damage parameter. The 

ultimate and yield rotation of columns with plain bars, considering the bond-slip 

behaviour and cyclic behaviour with flexural–controlled failure, is calculated based on 

Grammatikou et al. (2018) using Equation 4-21 and Equation 4-22. 

𝜃𝑦,𝑡𝑜𝑝,𝑖 =
𝐻𝑖(𝑓𝑦,𝑖 + 𝑓0𝑏,𝑖) + ℎ𝑏,𝑖(𝑓0𝑡,𝑖 − 𝑓0𝑏,𝑖) + 𝑙0,𝑖+1(𝑓𝑦,𝑖 + 𝑓0𝑡,𝑖)

2𝐸𝑠𝑍𝑖
 

Equation 4-21 

𝜃𝑦,𝑏𝑜𝑡,𝑖 =
𝐻𝑖−1(𝑓𝑦,𝑖−1 + 𝑓0𝑏,𝑖−1) + 𝑙0,𝑖(𝑓𝑦,𝑖−1 + 𝑓0𝑡,𝑖−1)

2𝐸𝑠𝑍𝑖
 

Equation 4-22 

Where: 

𝐻𝑖 Storey Height 
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ℎ𝑏,𝑖 Beam depth at top of storey i 

𝑍𝑖 Internal lever arm for a column of storey i 

𝑙0,𝑖 Lapping of vertical rebars at the base of column i 

𝐸𝑠 Elastic modulus of steel 

𝑓0𝑡,𝑖 𝑎𝑛𝑑 𝑓0𝑏,𝑖 The maximum stress that the rebar can develop on top and 

bottom of column i, 𝑓0 = 22√𝑓𝑐 

𝜃𝑢,𝑡𝑜𝑝,𝑖 = 𝜃𝑦,𝑡𝑜𝑝,𝑖

+ (ø𝑢,𝑖 − ø𝑦,𝑖) (𝑎𝑚𝑎𝑥

𝐻𝑖 − ℎ𝑏,𝑖

2

+ 𝑎𝑚𝑖𝑛(𝑙0,𝑖+1 + ℎ𝑏,𝑖))

+
ø𝑢,𝑖𝜉𝑢,𝑖𝑑𝑖

2
(

𝐻𝑖 − ℎ𝑏,𝑖

𝑍𝑖
+

𝑍𝑖

𝐻𝑖 − ℎ𝑏,𝑖
) 

 

 

Equation 4-23 

𝜃𝑢,𝑏𝑜𝑡,𝑖 = 𝜃𝑦,𝑏𝑜𝑡,𝑖 + 𝑎𝑙𝑎𝑝,𝑖 ((ø𝑢,𝑖−1 − ø𝑦,𝑖−1) (𝑎𝑚𝑎𝑥

𝐻𝑖−1 − ℎ𝑏,𝑖−1

2
+ 𝑎𝑚𝑖𝑛𝑙0,𝑖)

+
ø𝑢,𝑖−1𝜉𝑢,𝑖−1𝑑𝑖

2
(

𝐻𝑖 − ℎ𝑏,𝑖

𝑍𝑖

+
𝑍𝑖

𝐻𝑖 − ℎ𝑏,𝑖

)) 

 

 Equation 4-24 

 

End with hooks  𝑎𝑙𝑎𝑝,𝑖 = min (1;
𝑙0,𝑖

50𝑑𝑏,𝑖−1
) 

 

Equation 4-25 

Straight ends     𝑎𝑙𝑎𝑝,𝑖 = max(0; min (1;
𝑙0,𝑖

25𝑑𝑏,𝑖−1
− 1)) Equation 4-26 

Two global damage indices, based on inter-storey drift and change of structural 

period, were considered in fragility analysis. The homogenised reinforced concrete 

(HRC) damage index was used for non-ductile moment-resisting frames as well as the 
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global damage parameter (Equation 4-27) and thresholds for damage states (Table 

4-8). This index was developed by Rossetto and Elnashai (2003), based on the 

maximum inter-storey drift ratio. 

𝐷𝐼𝐻𝑅𝐶 = 34.89 ln(𝐼𝑆𝐷𝑚𝑎𝑥%) + 39.39 Equation 4-27 

Table 4-8: Threshold values for HRC damage limit states (Rossetto and Elnashai, 

2003). 

ISD max(%) limits for HRC-scale 

HRC damage state ND MRF 

Slight 0.32 

Moderate  1.02 

Extensive  2.41 

collapse >5.68 

For the damage index considering the change in the structural period, Kyriakides et al. 

(2014) was used (Equation 4-28). 

𝐷𝐼𝑇 = 100 × (
𝑇𝑠𝑒𝑐 − 𝑇0

𝑇100 − 𝑇0
) 

Equation 4-28 

𝑇𝑠𝑒𝑐 = 2𝜋√
𝑆𝐷𝑖

𝑆𝐴𝑖
 

Equation 4-29 

Where: 

𝑇𝑠𝑒𝑐 secant period at each SAi-SDi coordinate given by Equation 4-29 

𝑇0 Initial period 

𝑇100 Ultimate period 

The threshold values considered for DIT according to Kyriakides N (2007) are; 2% for 

slight, 20% for moderate, 70% for extensive and 100% for collapse damage limit states. 

The damage states considered for this PhD research, are as follows: 
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 Slight damage: corresponds to the limit of elastic behaviour of the 

components. 

 Moderate damage: corresponds to the peak lateral bearing capacity. 

 Extensive (near collapse): corresponds to the initiation of buckling of 

longitudinal rebars. 

 Complete (collapse): represents the collapse level triggered by the software 

when violating the following two fundamental rules:  

a. if the lateral load capacity drops by 20%  

b. the inter-story drift limit reaches 5.68, as suggested by the HRC 

damage index (Rossetto and Elnashai, 2003). 

To convert the fragility curves based on the aforementioned global damage indices, 

the correlation of damage states to the actual cost of the repair/replacement is 

needed, for the case study region. For the conversion matrix, it was decided to use 

the one suggested by Bal et al. (2008). Bal et al. based their work on data obtained 

from 231 damaged buildings after the 1998 Ceyhan and 1999 Kocaeli earthquakes 

in Turkey (Table 4-9).  

Note: Non-structural damage is assumed to be included in this conversion matrix 

as mentioned by Bal et al. (2008). The reason the assigned values for extensive and 

collapse damage are more than 100%, is that in Turkey, repair/retrofitting of 

structures after an earthquake event, is only allowed up to moderate damage. 

Buildings exceeding moderate damage need to be demolished and reconstructed. 

Since, these conversion rates contain demolishing cost, re-accommodation of 

residents and building reconstruction cost. 
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Table 4-9: Comparison of damage ratios. 

Damage 

state 

HRC (Rossetto and 

Elnashai, 2003) 

(HAZUS, 

2003) 

(Bal et al., 2008) 

Slight  0 2 16 

moderate 40 10 33 

Extensive  70 50 105 

Collapse  100 100 104 

4.3.5 Probabilistic vulnerability analysis 

To perform the probabilistic seismic vulnerability analysis, a Matlab code was 

implemented and the methodology steps were based on the Latin Hypercube (LH) 

sampling method, using available published data from a Turkish building database (Bal 

et al., 2008). 

1. The first step is to randomise the chosen variables based on the LH sampling 

method. The material and geometrical properties were taken from the Turkish 

building stock (Bal et al., 2008) (Table 4-10). 

Table 4-10: Statistical description of random variables.  

Parameter Mean  COV (%) Upper/lower limit Distribution 

ϭc (MPa) 16.73 51 35/8 Gamma 

ϭy (MPa) 371.13 24 200/500 Normal 

Storey Height (m) 2.84 8 3.3/2.5 Log-normal 

Where: 

ϭc Concrete compressive strength 

ϭy  Steel yielding strength 



Methodology 

76 

 

2. Selected variables are imported to OpenSees and concrete, steel, buckling and 

bond-slip behaviours are recalculated for each step, using the pre-defined 

corresponding characteristics for each behaviour. 

3. Repeating steps 1-8 of section 4.3.3 for LH sampling size of 100 for building (256 

for column). (Note: the LH sampling size of 100 was selected as sufficient, based 

on recent research work in the seismic vulnerability analysis (Dizaj et al., 2018) 

and (Ahmad, 2011)). 

4. Performing statistical analysis using the output of step 3 to determine the 

probability of exceeding a damage state threshold related to the corresponding 

PGA levels. 

5. Curve-fitting of results of step 4, based on a Log-normal cumulative distribution 

function, to derive the general vulnerability curve related to ground shaking 

intensity level (PGA) to the probability of exceeding a certain damage state (The 

maximum likelihood method was used with a lognormal cumulative distribution 

function to define the fragility functions (Baker, 2015)). 

6. Converting fragility functions to vulnerability curves using the conversion matrix 

proposed by Bal et al. (2008) and shown in Table 4-9. 

4.3.5.1  Probabilistic fragility assessment of RC column 

A total of 256 probabilistic fragility analyses of a 200 X 300 mm column were 

performed as part of a large parametric study where several variable parameters were 

considered (Table 4-11). 

Table 4-11: Variable parameters considered in probabilistic fragility analyses of a 200 

X 300 mm column. 

Concrete Strength 

(MPa) 

Steel grade Stirrup spacing 

(mm) 

Axial load 

(%) 

Upgraded with 

8 to 35 S220 

S420 

60 

90 

120 

180 

20 

50 

1 Layer of CFRP 
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4.3.5.2 Probabilistic vulnerability assessment of the 4-storey RC 

building (case study) 

To perform the probabilistic seismic vulnerability analysis, a Matlab code was 

implemented and the methodology steps were based on the Latin Hypercube (LH) 

sampling method, using available published data from a Turkish building database (Bal 

et al., 2008). 

7. The first step is to randomise the chosen variables based on the LH sampling 

method. The material and geometrical properties were taken from the Turkish 

building stock (Bal et al., 2008) (Table 4-10). 

100 LH samples were produced and analysed using RCPA to collect the damage data 

related to each level of ground shaking intensity measure (IM) for each building 

sample. After performing statistical analysis (section 4.3.4), the adaptive fragility 

curves were derived and the effects of the considered parameters are also discussed. 

Finally, the upgraded fragility curves are derived considering a hypothetical external 3-

layer CFRP column retrofitting of the substandard 4-storey RC building. 

In the probabilistic fragility analysis, a site-specific design spectrum (Figure 4-10) 

according to TBEC (2018) and the most recent Turkish seismic hazard map (AFAD, 

2018) were used.  

 

Figure 4-10: Site-specific design spectrum for the 4-storey substandard RC building. 

A lognormal cumulative distribution function (Equation 4-30) is used to define the 

fragility curves.  
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𝑃(𝐶 | 𝐼𝑀 = 𝑥) = Ф(
ln(𝑥/𝜃)

𝛽
) 

Equation 4-30 

 

Where; 

𝑃(𝐶 | 𝐼𝑀 = 𝑥) The probability that ground shaking with 𝐼𝑀 = 𝑥 will lead the 

structure to collapse 

Ф() Cumulative distribution function 

ϴ Median of the fragility function (The IM level which corresponds to 

50% probability of collapse) 

β The standard deviation of ln(IM) 

This assumption that intensity measure (IM) values of ground shaking causing 

structure collapse are log-normally distributed, is commonly accepted by various 

researchers (Ibarra and Krawinkler, 2005, Porter et al., 2007, Bradley and Dhakal, 

2008, Ghafory‐Ashtiany et al., 2011, Eads et al., 2013). Figure 4-11 shows the statistical 

procedure for deriving fragility curves using Equation 4-30.  

 

Figure 4-11: Curve fitting procedure to derive fragility functions. 

4.3.6 Derivation of advanced adaptive fragility/vulnerability curves 

This step is a novel additional step after deriving the general fragility curves (general 

fragility curves in this PhD study refers to the fragility curves derived through 
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probabilistic fragility analysis as described in chapter 4.3.5). The main aim of this step 

is to provide more flexibility to the user to:  

a. choose the most accurate set of fragility curves for a building, based on the 

available input (e.g. material quality, detailing of the structural components, 

etc.)  

b. improve the accuracy of the seismic risk assessment studies.  

The statistical analysis procedure (steps 4 to 6 sections 4.3.5) was coded in Matlab. 

The procedure followed for deriving adaptive fragility curves is as follows: 

1- Collecting all damage data from the probabilistic fragility analysis (section 

4.3.5). 

2- Disaggregating damage data based on the selected parameter (concrete 

quality, steel grade, stirrup spacing, axial load level, etc.). 

3- Deriving parameter specific (adaptive) fragility curves for the considered 

substandard RC building. 

4.3.7 Derivation of upgraded vulnerability curves 

Upgraded vulnerability/fragility curves in this PhD study, refer to the 

fragility/vulnerability curves derived for the case study building but hypothetically 

strengthened. Two well-known external jacketing techniques are considered to derive 

the upgraded vulnerability curves and implemented in the developed framework: The 

first is the Fibre-reinforced polymer (FRP) jacketing and the second is external 

jacketing using post-tensioned metal straps (PTMS) (Section 2.3).  

Only columns were considered to be hypothetically externally jacketed using 3 layers 

of CFRP in the plastic hinge regions of the bottom and top of the columns assuming 

the jacket length to be 50 cm.  

 The upgraded vulnerability curves come with two main advantages: 
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a. They provide an overall idea to decision-makers to see if a high vulnerability 

building class can be upgraded to a safe level of response (acceptable level of 

vulnerability).  

b. They enhance the accuracy of risk analysis for developing countries like Turkey 

which has lots of retrofitted buildings in its building inventory.  

The upgraded vulnerability curves are produced for the substandard RC column 

(retrofitted with 1 layer of CFRP) and the 4-storey case study building (retrofitted with 

3 layers of CFRP) following the same method used for the bare frames (section 4.3.5). 

To model the confinement effects of external jacketing with FRP or PTMS the models 

from Biskinis and Fardis (2013) and Moghaddam et al. (2010b) were used (Sections 

2.3.5.1 and 2.3.5.2). 

Table 4-12 shows the mechanical properties of FRP used based on Garcia et al. (2010) 

for the analytical modelling of the retrofitted RC buildings. 

 

Table 4-12: Mechanical properties of FRP sheets. 

Property (unit) Nominal Value 

Tensile strength (MPa) 2550 

Tensile elastic modulus (GPa) 135 

Failure tensile strain (%) 1.7 

Compressive strength (MPa) 1470 

Table 4-13 gives the geometric and mechanical characteristics of metal straps (Garcia 

et al., 2014) used to calculate the confined concrete based on Equation 2-4 to Equation 

2-9. 

Table 4-13: Geometric and mechanical characteristics of metal strips for PTMS. 

Width 

(mm) 

Thickness 

(mm) 

Tensile 

strength (MPa) 

Yield strength 

(MPa) 

Elongation 

(%) 

Elastic modulus 

(GPa) 

25.0 0.80 1100 982 7 230 
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4.4 Advanced probabilistic seismic vulnerability analysis 

for the case study RC building 

For the case study 4-storey existing substandard RC building (see chapter 3.4 for the 

building details), the same methodology is applied following the developed framework 

(section 4.3). As a result, general, adaptive and upgraded vulnerability curves are 

derived. The results are then compared with several well-known studies for the case 

study region from the literature, to ensure the accuracy and applicability of the 

framework.  

 



results and discussion 

82 

 

CHAPTER 5 RESULTS AND DISCUSSION 

Chapter 5 presents the overall results of the analytical work divided as follows: 

 Validation of substandard RC columns analytical modelling procedure. 

 Probabilistic adaptive/upgraded seismic fragility assessment of substandard 

RC columns (reversed-cyclic tests - ITU). 

 Validation of substandard RC frames (full-scale shaking table tests) analytical 

modelling procedure. 

 Probabilistic adaptive/upgraded seismic fragility assessment of the 

substandard RC 4-storey building (case study). 

 Comparison of the derived fragility functions for the 4-storey substandard RC 

building with well-known existing fragility curves for the case study region. 

5.1 Substandard RC columns 

This section presents the results of the substandard RC columns. 

5.1.1 Mesh-sensitivity analysis 

Mesh-sensitivity analysis was performed to ensure the accuracy of the fibre section’s 

moment-curvature capacity. Firstly, a section analysis with various mesh sizes was 

conducted using OpenSees and a moment-curvature relationship was derived for the 

column’s section. Secondly, a monotonic pushover analysis was performed to 

compare the moment-curvature of the most critical section (base of the column) 

(from the output of the column element) with the section analysis results (Figure 5-1a). 
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The moment-curvature behaviour of the section of the nonlinear column element is 

also compared with the section analysis results (Figure 5-1b).  

A series of analyses in OpenSees revealed that mesh size practically does not affect 

section capacity, however, it significantly impacts the convergence of the analysis. The 

parametric analysis showed that a mesh size of 10 mm2 is ideal for simulating 

accurately the moment-curvature behaviour without compromising convergence. To 

confirm the accuracy of the fibre section moment-curvature behaviour, the results of 

section and pushover analysis are compared and match perfectly (Figure 5-1b). 

  

Figure 5-1: (a) moment-curvature behaviour of the section from section analysis. (b) 

moment-curvature behaviour of the section recorded after pushover analysis. 

5.1.2 Reversed cyclic pushover analysis (RCPA) 

The reversed cyclic pushover analysis was conducted on the 4 full-scale cantilever 

columns with various spacing of stirrups and the analytical results are compared with 

the experimental recordings. This section presents the results of specimen S60 with 

60 mm stirrup spacing, considering local and global parameters; Appendix B.1 gives the 

results of the other three specimens. 

Firstly, the cyclic behaviour of the column (lateral load versus drift) was compared 

with the experimental results (Figure 5-2), showing satisfactory agreement in terms of 

global response. Secondly, the analytical chord rotation at all drift targets (derived 

a) b) 
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using the area under the curvature profile of the plastic hinge zone, Figure 5-3), was 

compared with the experimental recordings and are in good agreement (Table 5-1).  

  

Figure 5-2: Comparison of cyclic 

behaviour for specimen S60 

Figure 5-3: Maximum curvature profile 

for S60 specimen (at drift 6%) 

The comparison between analytical and experimental results of RCPA for both local 

and global response also exhibited promising agreement.  

Table 5-1: Analytical versus experimental chord rotation for S60. 

 Chord rotation (rad)  Chord rotation (rad) 

drift (%) Analytical Experimental drift (%) Analytical Experimental 

0.1 0.000 0.001 2.0 0.016 0.017 

0.2 0.001 0.001 2.5 0.021 0.022 

0.4 0.002 0.002 3.0 0.026 0.028 

0.6 0.003 0.004 3.5 0.032 0.035 

0.8 0.004 0.006 4.0 0.037 0.041 

1.0 0.006 0.008 5.0 0.047 0.047 

1.5 0.011 0.012 6.0 0.057 0.053 

5.1.3 TH analysis versus RCPA  

To assess the performance of structural elements in a simpler, time-efficient and 

accurate way, CSM is employed and compared with the dynamic TH analysis for a 

column element. Firstly, a design spectrum was generated based on EC8 soil type C 

with a PGA level of 0.23g and a set of 7 artificial earthquake excitation records was 

selected. The SeismoArtif software (Seismo-Artif) was used to generate synthetic 
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records. Figure 5-4 shows the comparison of the record specific response spectra 

with the design spectrum. Seven THA were performed selecting compatible EQ 

records with the design spectrum and the maximum top displacement was recorded 

for each analysis. The same design spectrum was used to assess the performance of 

the column element using CSM. Table 5-2 gives the average maximum top 

displacement of the column from 7 THA. The pp point from CSM was found to be 0.050 

(m) and the average ultimate top displacement from THA is 0.053 (m). The 

comparison shows promising agreement between the results of THA and RCPA. 

 

Figure 5-4: Selected artificial EQ records versus design spectrum. 

Table 5-2: THA results for top displacement. 

Record Top displacement (m) 

Syn1 0.047 

Syn2 0.063 

Syn3 0.047 

Syn4 0.045 

Syn5 0.054 

Syn6 0.064 

Syn7 0.053 

AVG 0.053 
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The developed 3D analytical model showed good agreement with the experimental 

results using various analytical methods such as TH and RCPA. This indicates that the 

model is capable of representing the actual behaviour of substandard RC columns.  

5.1.4 Element-based fragility analysis 

The comparison between the PP derived using both THA and CSM showed promising 

agreement at elemental level. In this section, the compatibility of three damage 

parameters for seismic fragility analysis is investigated and their advantages and 

disadvantages are discussed (Section 5.1.4.1.1). Then, advance probabilistic seismic 

fragility analysis is performed for a 200 X 300 mm substandard RC column using the 

developed framework. Section 5.1.4.2 presents the results of the element-based 

probabilistic fragility analysis. 

5.1.4.1 Investigation of local and global damage parameters 

Inter-storey drift-based Mean Damage Ratio (MDR) was calculated based on the HRC 

damage index developed by Rossetto and Elnashai (2003). For the damage index, 

considering the change in the structural period, the formula from Kyriakides et al. 

(2014) was used (Equation 4-28) to derive the MDR and for the rotation-based damage 

index, a similar formula was adopted (Equation 5-1). The difference between the first 

two aforementioned damage indexes and the rotation based damage index is that the 

inter-storey drift/structural period-based damage formula represents the MDR 

(repair-to-replacement cost), while the rotation-based damage index shows the 

structural damage level at a certain PGA value. Figure 5-5a shows a comparison of 

these two vulnerability curves using the drift-based and the period-based damage 

indices. Figure 5-5b presents the derived vulnerability curve based on the rotation-

based damage index. 

𝐷𝐼(%) =
𝜃𝑐 − 𝜃𝑦

𝜃𝑢 − 𝜃𝑦
× 100 ≥ 0 

Equation 5-1 
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Figure 5-5: Element-based derived vulnerability curves for S60 a) based on HRC and 

T b) rotation-based damage indices. 

Table 5-3 compares the calculated damage indices and recorded damage level for 

specimen S60. 

Table 5-3: Analytically derived damage versus experimentally observed damage 

(S60). 

MDR 

HRC(%) 

MDR 

T(%) 

DI 𝜃 

(%)  

Drift 

(%) 

PGA 

(g) 

Exp. Pic comments 

39.39 8.5 0 1 0.07  Formation of 

flexural cracks 

63.1 30.7 17.5 2 0.13   

77.73 50.5 38 3 0.18  Initiation of cover 

spalling 

a) b) 
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88 66.4 58.5 4 0.24  Start of buckling 

and concrete 

crushing 

92.6 76.5 69.8 5 0.26   Failure of column by 

losing more than 

20% of the lateral 

load capacity 

100 100 100 6 0.28  Failure of column by 

losing more than 

30% of the lateral 

capacity 

The same procedure was followed for another specimen, with stirrup spacing of 

120mm (S120) to compare the damage levels captured with the above-mentioned 

damage parameters. This comparison is of major importance since it shows that 

stirrup spacing increases as the column ductility decreases; since DI HRC only depends 

on the maximum inter-storey drift limits, it is obvious that this damage index will not 

be able to capture the 100% damage level if the specimen fails before the predefined 

threshold limit. This is why there is a need for a better damage index, especially for 

element level vulnerability analysis of substandard columns. Figure 5-6 shows that for 

this substandard RC column, the HRC damage index is not suitable since failure can 

happen before reaching the target drift limit at 100 % damage as for S120. To overcome 

this issue, the collapse of the element (or structure) is assumed to take place when 

lateral force capacity drops by 20% of its maximum value, since this is the most 

accurate assumption for collapse limit for substandard structures or elements 

(Goksu, 2021, Cardone, 2016).   

 shows the comparison between experimental and calculated analytical damage whilst 

Figure 5-6 presents the element based vulnerability curve. 
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Figure 5-6: Element based derived vulnerability curves for S120. 

Figure 5-6 shows that for this substandard RC column, the HRC damage index is not 

suitable since failure can happen before reaching the target drift limit at 100 % damage 

as for S120. To overcome this issue, the collapse of the element (or structure) is 

assumed to take place when lateral force capacity drops by 20% of its maximum value, 

since this is the most accurate assumption for collapse limit for substandard 

structures or elements (Goksu, 2021, Cardone, 2016).   

Table 5-4: analytically derived damage versus experimentally observed damage 

(S120). 

MDR 

HRC(%) 

MDR 

T(%) 

DI 𝜃 

(%)  

Drift 

(%) 

PGA 

(g) 

Exp. Pic comments 

39.39 20 2.2 1 0.07 

 

Formation of 

flexural cracks 

52.6 39.4 23.8 1.5 0.13 
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63.9 61.15 51.1 2 0.18 

 

Start of cover 

spalling 

71.5 79.1 75.4 2.5 0.24 

 

Initiation of buckling 

and concrete 

crushing 

77.9 100 97.5 3 0.26 

 

Failure of column by 

losing over 20% 

lateral force 

capacity 

5.1.4.1.1 Advantages/disadvantages of damage parameters for vulnerability 

analysis 

A rotation-based damage parameter may capture the damage accurately, however, 

since yielding and ultimate curvatures are used to calculate the ultimate and yield 

rotation for each column, a prior section analysis needs to be performed before 

conducting the RCPA. This additional step might be acceptable, since it 

deterministically assesses the performance of a specific existing building. However, in 

the probabilistic seismic fragility assessment, this is not practical, since the material 

and geometric properties of the building will be considered as variables. 

Unfortunately, until now the formulas for calculating the ultimate rotation has not 

shown promising accuracy (coefficient of variance is nearly 40%) as reported by 

Grammatikou et al. (2018), one of the most leading research groups in this area. This 
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inaccuracy in available prediction formulas for the ultimate rotation capacity of the 

columns will introduce additional error to damage calculation. In addition, in case of 

an RC building, the failure in a column on a certain storey level may not necessarily 

represent the total collapse of the building. Therefore, relating rotation-based damage 

parameter to the damage limit states will need to be first investigated based on a large 

experimental data pool. This information is not available in the literature to the best 

knowledge of the author at the time of this research.  

The damage parameter, based on change of structural period, was reported to have a 

sufficient accuracy in capturing the damage level of the substandard RC buildings 

(Kyriakides N, 2007, Ahmad, 2011). The results of section 5.1.4 also showed promising 

agreement between the calculated damage based on change of period and 

experimental observations. Therefore, the change of structural period is one of the 

most suitable damage parameters for probabilistic fragility analysis of both RC 

buildings and elements. Especially while using CSM which is very convenient to find 

and work with since, the diagonal lines in the Sa-Sd coordinate system represent the 

structural period in Equation 4-9. 

5.1.4.2 Probabilistic seismic vulnerability analysis  

This section presents all the results of the probabilistic seismic vulnerability 

assessment (Section 4.3.5.1) for the substandard RC column (Section 3.2). 

5.1.4.2.1 General fragility curves  

Figure 5-7 illustrates the general fragility curves for the RC column under 50% axial 

load. 
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Figure 5-7: General fragility curves for an RC column under 50% axial load. 

5.1.4.2.2 Adaptive fragility curves 

Figure 5-8 shows the adaptive fragility curves for axial load level with S220 rebar type. 

Figure 5-9 present the adaptive fragility curves disaggregated from general fragility 

curves for bar-type. Figure 5-10 illustrates the adapted fragility curves for various 

stirrup spacing with S220 rebar type and 20% axial load. 

 

Figure 5-8: Adaptive fragility curves for axial load level with S220 rebar type. 
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Figure 5-9: Adaptive fragility curves for steel grade with 20% axial load level. 

 

 

Figure 5-10: Adapted fragility curves for various stirrup spacing with S220 rebar type 

and 20% axial load. 

Figure 5-12 a, b and c presents the adaptive fragility curves for concrete strength of 

the RC column (divided into three categories; Fc=8 to 15 MPa, Fc=15 to 25 MPa and 

Fc=25 to 45 MPa ) on moderate, extensive and collapse damage limit states of the 

fragility curves, respectively. 
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Figure 5-11: Adaptive fragility curves for concrete strength on a) moderate, b) 

extensive and c) collapse limit states on the fragility curves for an RC column. 

5.1.4.2.3 Upgraded fragility curves 

Figure 5-12 illustrates the upgraded fragility curve for collapse damage limit state for 

the column with 50% axial load and 180 mm stirrup spacing with rebar type S220. 

 

Figure 5-12: Upgraded fragility curves for collapse damage state.  

 

a) b) 

c) 
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5.1.4.2.4 Discussion and conclusions 

From Figure 5-8 and Figure 5-9 it can be concluded that the main two parameters 

affecting the fragility curves are the transverse stirrup spacing and the level of axial 

load on the column. For the rebar type S220, the increase of axial load from 20% to 

50% can adversely affect the fragility curves by approximately 55% for slight, moderate 

and extensive damage limit states and 46% for collapse damage limit state. The 

percentile difference for the PGA values corresponds to 50% probability of 

exceedance between S220 and S420 rebar types for the column under 20% axial load 

are; 17%, 30% for slight and moderate while 25% for extensive and collapse damage 

limit states. However, for the range of probability of exceedance above 70% these 

reported values are even more severe. 

This parametric study can explain why the current analytical fragility curves are 

underestimating the damage for substandard buildings/elements. The reason is, 

considering all the capacity variabilities during the probabilistic vulnerability analysis 

will bring both ductile and brittle building/element samples to the data pool which the 

fragility curves will be derived based on. That is why there is a considerable deviation 

between the general fragility curves and derived dynamic fragility curves. This can lead 

to underestimation of the damage up to 50% for the case of substandard RC column. 

By availability of adaptive fragility curves this underestimation can be eliminated and 

the seismic risk studies based on adaptive fragility curves will increase the accuracy of 

the damage related parameters (possible number of collapsed buildings, number of 

deaths, financial impact, etc.,) significantly. 

Figure 5-10 shows that the effectiveness of the concrete strength on the fragility curves 

increases towards higher damage state limits. The largest difference between the 

fragility curves disaggregated from the general fragility curves for the concrete 

strength, was observed to be at the lowest compressive concrete strength group 

between 8 to 15 MPa.  

Upgraded fragility curve (Figure 5-12) shows promising improvement even with a slight 

retrofitting of 1 layer of CFRP. The collapse damage limit state fragility curve for the 
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column with S220 rebar type and 180 mm of stirrup spacing, improved approximately 

55% comparing the PGA values corresponding to 50% probability of exceedance. 

5.2 Shaking table tests 

This section presents the comparison between the dynamic experimental results of 

the two shaking table tests and the analytical 3D model outputs from THA. 

5.2.1 ECOLEADER frame 

To ensure the correct moment-curvature relationship, section analysis was 

performed using OpenSees and Xtract (Chadwell, 2002) (Figure 5-13).  

After creating the model in OpenSees, gravity and modal analyses were performed: 

After conducting a gravity analysis, the reaction forces from the base nodes were 

compared with gravity loads to ensure that the local and global coordinate system in 

OpenSees is registered correctly. The initial period of the frame was derived 

analytically after modal analysis compared with the experimental data. The analytical 

initial period, Tan, for the first mode was estimated to be as 0.52 sec while, the 

experimental, Texp, was 0.53 sec. 

 
 

Figure 5-13: Comparison of section analyses using Xtract and OpenSees. 
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To better understand the potential failure mode of the system, a pushover analysis was 

performed using the inverse triangular lateral force distribution (Figure 5-14). The 

dominating failure mode observed was the second-floor column sway mechanism.  

 

Figure 5-14: Pushover analysis in OpenSees (Ecoleader bare frame) 

5.2.1.1 Time History Analysis without considering bond-slip 

effect of the longitudinal rebars 

Then, a time history analysis (THA) was conducted without considering bond-slip 

effect of the longitudinal rebars. The input motion for THA was the series of shaking 

table displacement histories (Figure 5-15) recorded during the experiment. These 

displacements were imposed simultaneously to all four nodes fixed at the ground level 

using the Multiple Support Pattern in OpenSees.  

 

Figure 5-15: Input shaking table displacement (mm) histories. 

The THA was performed using five different input records, following the experimental 

PGA levels which were at 0.05g, 0.1g, 0.2g, 0.3g and 0.4g and accumulating the damage 

after each analysis. 
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To monitor the structural behaviour, the displacement at each level plus strains at 

certain locations along the longitudinal reinforcement were obtained and compared 

with the experimental results. Figure 5-17 shows the comparison of the 1st floor 

analytical and experimental displacement histories for 0.05g and 0.3g. Figure 5-16 

presents a typical example of strain comparison for a column of the first floor 

(longitudinal reinforcement, 13cm below the 1st floor joint). Both analytical and 

experimental displacement and strain-gage readings show an acceptable match at 

0.05g. However, at 0.3g while the experimental displacement is larger than the 

analytical one, the experimental strains are much less than the analytical ones. This can 

be attributed to softening behaviour due to rebar slippage, something that this 

numerical model is not able to capture (the initial assumption of the model was that 

the bond-slip effect of the longitudinal rebars is ignored). 

  

Figure 5-16: The strain-gage location used for comparison with analytical results. 

  

  

Figure 5-17: (a) 1st-floor displacement (mm) histories and (b) strain readings. 
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5.2.1.2 Time History Analysis considering bond-slip effect of the 

longitudinal rebars 

A second THA was performed taking into account the rebar slippage and the 

displacement history and strain-gauge readings showed good agreement for both 

storeys (Figure 5-18). Both floor displacements for all PGA levels and a comparison of 

the structural period after each seismic excitation, are presented in Appendix B.2.  

  

  

Figure 5-18: (a) 1st-floor displacement (mm) histories and (b) strain readings after 

introducing the bond-slip effect into the model. 

5.2.2 BANDIT shaking table test 

To model the BANDIT bare frame, the same methodology was used as for the 

ECOLEADER frame (see section 4.2.3). The analytical and experimental results for the 

BANDIT frame are in good agreement and presented in Appendix B.3. 

5.3 Case study: 4-storey substandard RC building  

To perform advanced probabilistic seismic fragility analysis on the existing 4-storey 

substandard RC building (Istanbul, Turkey), the following main variable parameters 

were considered: storey height, as well as concrete and steel material characteristics. 

This section presents and compares the derived adaptive fragility/vulnerability curves 
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and upgraded fragility curves with well-known existing fragility curves available in the 

literature for the case study region. 

5.3.1 Probabilistic seismic vulnerability analysis  

Table 5-5 gives all the fragility functions derived for the case study building. 

Table 5-5: Fragility functions parameters for the 4-storey substandard buildings. 

 Fragility 

type 
parameter Slight Moderate Extensive collapse 

 
General 

ϴ 0.13 0.40 0.63 0.78 

 β 0.14 0.17 0.18 0.15 

S
te

e
l g

ra
d

e
 

S220 
ϴ 0.13 0.36 0.56 0.71 

β 0.12 0.18 0.18 0.15 

S420 
ϴ 0.13 0.44 0.70 0.86 

β 0.16 0.10 0.10 0.10 

C
o

n
c

re
te

 s
tr

e
n

gt
h

 8-15 
ϴ 0.11 0.36 0.60 0.73 

β 0.10 0.17 0.15 0.16 

15-25 
ϴ 0.13 0.40 0.65 0.78 

β 0.08 0.16 0.15 0.16 

25-35 
ϴ 0.15 0.47 0.70 0.85 

β 0.10 0.16 0.16 0.16 

5.3.1.1 General fragility curves 

Figure 5-19 presents the general fragility curves for the 4-storey substandard RC 

building. The test of goodness of fit is performed for the general fragility curves based 

on Shinozuka et al. (2000). The significant level is set equal to 0.1 the results of this test 

confirms that the hypotheses for all general fragility curves cannot be rejected at the 

significance level of 10%. 
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Figure 5-19: General fragility curve for the 4-storey substandard RC building. 

5.3.1.2 Adaptive fragility curves 

For this study, the geometrical and reinforcement detailing of the existing 4 storey-

building were used and the parametric study investigates the effect of concrete 

strength and type of steel rebars on the fragility curves. 

The effect of longitudinal reinforcement type on the fragility curves is investigated and 

the general fragility curves disaggregated for the two most common steel grades S220 

(plain rebar) and S420 (ribbed rebar). Figure 5-20 shows the longitudinal rebar type-

specific (adaptive) fragility curves.  

 

Figure 5-20: Adaptive fragility curves for the 4-storey substandard building based on 

longitudinal rebar type. 
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The effect of concrete compressive strength on the adaptive fragility curves is 

assessed, considering three concrete strength ranges (8 to 15 MPa, 15 to 25 MPa and 

25 to 35 MPa) (Figure 5-21). On the slight damage limit state, the effect of concrete 

strength was found to be negligible. However, it has a considerable effect on higher 

damage limit states (moderate and extensive). 

 

 

Figure 5-21: Adaptive fragility curves for the 4-storey substandard RC building based 

on concrete strength. 

The percentage difference (that leads to a 50% probability of collapse) in PGA (g) for 

both steel grades S220 and S420 is around 10% less than the general fragility curve, 

for moderate, extensive and collapse damage limit states (Table 5-5).  

For the concrete parameter, the fragility curves in the range of 15-25 MPa are almost 

the same as the general fragility curves. For 8-15 MPa, the PGA values are slightly less 

than the general fragility curves by -10%, -5% and -7% for moderate, extensive and 

collapse, respectively. For the range of 25-35 MPa, the fragility curves are significantly 
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higher especially for moderate state (+17.5%) whilst for extensive and collapse the 

percentage difference is around +10%.  

From the results of this parametric study, it was found that both concrete and steel 

strength parameters can affect the fragility functions of a substandard RC structure. 

If adaptive fragility curves are used instead of general fragility curves, the accuracy of 

damage calculations can improve up to approximately 20%.  

5.3.1.3 Upgraded fragility curves  

This section discusses the probabilistic seismic fragility analysis on the externally 

retrofitted 4-storey building to derive the advanced dynamic fragility curves with 3 

layers of CFRP. In total, 50 RCPA were conducted and the results are discussed in 

section 4.3.1. During the upgraded seismic probabilistic fragility analysis, the steel 

grade is assumed to be S220 (as the actual rebar type of the existing building, Section 

3.4). Compressive strength of concrete and storey height are considered as the 

variable parameters. Table 5-6 provides the derived upgraded fragility functions whilst 

Figure 5-22 presents the general fragility curves compared to the derived upgraded 

fragility curves. 

Table 5-6: Upgraded fragility functions parameters for the 4-storey substandard 

building. 

Fragility type parameter Slight Moderate Extensive collapse 

S220 

 

ϴ 0.24 0.56 0.83 1.02 

β 0.10 0.11 0.08 0.10 

8-15 ϴ 0.21 0.48 0.72 0.92 

β 0.08 0.05 0.08 0.10 

15-25 ϴ 0.24 0.58 0.90 1.09 

β 0.10 0.07 0.10 0.10 

25-35 ϴ 0.26 0.62 0.89 1.10 

β 0.09 0.09 0.08 0.09 
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As it can be seen from Figure 5-22, there is a dramatic improvement in terms of seismic 

vulnerability compared with the bare frame. Figure 5-24 shows that the effectiveness 

of retrofitting decreases towards higher damage states. Comparison between the PGA 

values of fragility curves for the steel grade of S220 of the bare and retrofitted cases 

(corresponding to 50% probability of exceedance) for slight, moderate, extensive and 

collapse limits show 85%, 55%, 48% and 44% improvement, respectively. 

The general upgraded fragility curves derived for the 4-storey substandard RC building 

with S220 steel type and retrofitted with 3 layers of FRP disaggregated to reflect the 

effectiveness of concrete strength on the probabilistic upgraded seismic fragility 

analysis (Figure 5-23). 

 

Figure 5-22: Comparison of the general fragility curves for the 4-storey substandard 

RC building with and without retrofitting with S220 steel grade.  
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Figure 5-23: Dynamic upgraded fragility curves for the 4-storey substandard RC 

building with S220 steel type based on concrete strength. 

5.3.1.4  Adaptive vulnerability curves 

After deriving the fragility functions for the 4-storey existing substandard building, the 

fragility functions are converted into vulnerability curves (section 4.3.6). 

To convert the fragility functions to the vulnerability curves, the damage conversion 

matrix of Bal et al. (2008) (Table 4-9) was used; this matrix was specifically defined for 

the case study region. Figure 5-24 presents the comparison between the derived 

adaptive vulnerability curves, taking into account the longitudinal steel type (S220, 

S420) with the general vulnerability curve for the existing 4-storey building. 

 

Figure 5-24: Comparison of the adaptive vulnerability curves based on steel type. 

The effect of steel grade on the vulnerability assessment results was found to be 

extremely high. For instance, the percentage difference between the mean damage 

ratio of S420 and S220 at the IM level of 0.6g is 52%. The mean damage ratio at 0.6g 

level is 80% for S220, 38% for S420 whilst the MDR for the general vulnerability curve 
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is 62%. At the same IM level, the percentage differences of S220 and S420 from the 

general curve are 23% and 38%, respectively.  

 

Figure 5-25: Adaptive vulnerability curves based on concrete strength. 

By comparing the dynamic vulnerability curves based on concrete strength, it can be 

concluded that the effect of steel grade on the vulnerability assessment of the 

substandard building is the most significant (Figure 5-25). However, the effect of 

concrete strength on the vulnerability curves is still considerably high. For instance, 

the percentage differences of MDR between concrete adaptive vulnerability curves 

and the general vulnerability curve are -12%, +14% and +40%, for 8-15 MPa, 15-25 MPa 

and 25-35 MPa, respectively at 0.6g IM level. However, the difference between the two 

the MDR of 8-15 MPa and 25-35 MPa at PGA of 0.6g is 57%.  

Since the vulnerability curves are the main inputs for damage calculation for a region 

during a seismic hazard assessment, the accuracy of the seismic hazard assessment 

output is directly affected (e.g. monetary or human loss, the number of the collapsed 

buildings, etc.). If the region of interest is located in a developing country like Turkey, 

there is the need to derive adaptive vulnerability curves to ensure an acceptable level 

of accuracy of damage. 

Additionally to the results presented in section 5.3.1, a small study is performed to 

investigate the effect of yield strength of longitudinal rebar fy=220 MPa instead of the 

experimental value of 320 MPa. For the analytical modelling procedure, the values 

considered for steel with S220 are taken from the 2018 Turkish Seismic Code (AFAD 

2018) as follows: fy=220MPa, 𝜀𝑠𝑦=0.0011 , 𝜀𝑠ℎ=0.011 and 𝜀𝑠𝑢=0.12. Fourteen extra samples 
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are collected and the fragility curves are derived and compared with fy=320 MPa. 

Figure 5-26 presents the results for this comparison. 

 

Figure 5-26: Comparison of fragility curves for fy=220 MPa and fy=320 MPa. 

5.3.2 Comparison of fragility results with literature 

Six well-known fragility functions with either PGA or PGV as IM found in the literature 

(suitable for the case study region: Turkey) are compared with the derived fragility 

functions (PhD2). While, the fragility curves considering PGA as IM are directly 

comparable with the derived general fragility curves of this study. To be able to 

compare the fragility curves with PGV as IM, PGA must be converted to PGV. For this, 

the EMS-98 intensity measure and peak ground motion parameters proposed by 

Zanini et al., (2019) are employed (Equation 5-2 and Equation 5-3). 

𝐼𝐸𝑀𝑆−98 = 2.03 + 2.28 log 𝑃𝐺𝐴 Equation 5-2 

𝐼𝐸𝑀𝑆−98 = 4.16 + 1.62 log 𝑃𝐺𝑉 Equation 5-3 

                                                 

2 For this section only, in order to distinguish the fragility curves developed in this PhD with 
the ones derived by the examined authors, the abbreviation PhD will be used as clarification 
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5.3.2.1  Ahmad et al., 2010 

The first study is by Ahmad et al. (2010) which developed fragility functions for regular 

and irregular low-rise, mid-rise and high-rise RC frames using accelerograms from the 

USA and IBC (2006) rock spectra. However, the authors mentioned that their fragility 

curves are suitable to be used for Euro-Mediterranean regions as well (Greece, Italy 

and Turkey). Their derived fragility curves are based on lognormal distribution with 

mean and standard deviation (SD) parameters to define the fragility functions using 

PGA as the intensity measure. Table 5-7 presents the fragility functions for ductile and 

non-ductile regular mid-rise buildings. 

Table 5-7: Fragility functions by Ahmad et al. (2010). 

 Slight Moderate Extensive Complete 

 Mean SD Mean SD Mean SD Mean SD 

ductile 0.085 0.028 0.121 0.052 0.185 0.075 0.328 0.123 

Non-ductile 0.085 0.028 0.122 0.055 0.187 0.077 0.235 0.093 

Figure 5-27 shows the comparison between the fragility curves (PhD) with the fragility 

functions produced by Ahmad et al. (2010). From the comparison, the fragility curves 

of Ahmad et al. (2010) for ductile and non-ductile RC buildings are almost identical for 

all damage states except collapse. However, the results of the dynamic fragility analysis 

for the 4-storey substandard RC building (see Figure 5-20) indicates that the ductility 

of the structure seriously affects the fragility of the building. This can be shown as a 

comparison between ductile and non-ductile cases where a noticeable difference can 

be observed (Figure 5-27). On the other hand, the fragility curves presented by Ahmad 

et al. (2010) overestimate the damage probability for all damage states. For example, 

the percentage difference for the PGA, which corresponds to the 50% probability of 

collapse for non-ductile and ductile cases with the general fragility curves (PhD), is 

~250% and ~150%, respectively. 
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Figure 5-27: Comparison between the derived general fragility curves (PhD) and the 

fragility curves by Ahmad et al. (2010) for midrise a) ductile b)non-ductile RC 

buildings. 

5.3.2.2 Akkar et al., 2005 

The 2nd study is conducted by Akkar et al. (2005), which derived fragility functions for 

low-rise and mid-rise buildings in Turkey was based on an outdated low-level seismic 

design code (1975 Turkish Seismic Code). Table 5-8 presents the parameters for 

fragility functions (lognormal distribution) for the 4-storey RC building whilst PGV is 

considered as IM in this study. The damage states are considered to be light, moderate 

and severe. 

 

Table 5-8: Fragility functions by (Akkar et al., 2005). 

 Light Moderate Severe 

 Mean SD Mean SD Mean SD 

4-storey 14.212 8.027 59.589 23.642 75.670 19.151 

 

The general fragility curves (PhD) are compared with the fragility curves presented by 

Akkar et al. (2005), (Figure 5-28: . 

a) 
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Figure 5-28: The comparison between general fragility curves (PhD) and fragility 

curves given by Akkar et al., (2005) for a 4-storey RC building. 

Figure 5-28 shows that the fragility curve for slight damage states from Akkar et al. 

(2005) overestimates the probability of exceedance on each PGV value and 

approximately +150% for PGA corresponding to 50% probability of exceedance. On the 

other hand, the fragility curves for moderate and severe damage states underpredict 

the probability of exceedance at higher PGV values and overestimate at lower PGV 

values. Also, the probability of exceedance for severe damage reaches 100% at 

PGV=200 cm/s (PGA= 2.78 g) for Akkar et al. (2005) fragility curves while PVG=88 cm/s 

(PGA=0.94 g) is the correspondence PGA when the probability reaches 100% for 

extensive damage from the PhD fragility curves. For extensive and moderate damage, 

it is obvious that especially for high probability of exceedance values over 70%, Akkar 

et al. (2005) fragility curves underestimate the damage. 

 The main focus of Akkar et al. (2005) was to consider the uncertainties which come 

from hazard by considering a large number of accelerograms from Turkey and the 

USA. This work considered the effect of deficiencies (longitudinal bar buckling, bond-

slip behaviour, material and geometric uncertainties, etc.) in a structure on the fragility 

analysis by modelling the degrading behaviour of the building. The experimental study 

was used for validation, while dealing with the demand (hazard) deterministically to 

be able to focus on the real behaviour.  The other main difference is in the damage 

limit state definition and the damage index used in these studies.  
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Akkar et al. (2005) used simple inter-storey drift limits for the damage index, whilst 

for this PhD study, a more realistic damage index is used based on the change of the 

structural period. 

5.3.2.3 Erberik, 2008 

The 3rd study is performed by Erberik (2008), which is a fragility analysis for low-rise 

and mid-rise RC buildings representing the structures constructed between 1973 and 

1999 in the Duzce region, Turkey. The fragility functions are based on lognormal 

distribution with PGV as IM, considering serviceability (LS1), damage control (LS2) and 

collapse prevention (LS3) as damage states. Table 5-9 presents the fragility function 

for mid-rise bare frames (MR-BR). 

Table 5-9: Fragility functions by  Erberik (2008). 

 LS1 LS2 LS3 

 Mean SD Mean SD Mean SD 

MR-BR 17.122 9.376 54.095 20.987 79.831 22.877 

Figure 5-29 shows the comparison between general fragility curves (PhD) and Erberik 

(2008) fragility curves for the mid-rise bare frame building category. 

 

Figure 5-29: Comparison between general fragility curves (PhD) and Erberik’s 

fragility curves for an RC mid-rise bare frame. 

Figure 5-29 shows that for slight or serviceability damage states, Erberik overestimates 

the probability of exceedance, however, the exceedance probability is overestimated 
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at lower PGV and underestimated at higher PGV for limit states of damage control and 

collapse prevention.  

The probability of exceedance for LS3 reaches 100% at PGV=200 cm/s (PGA= 2.78 g) 

for Erberik (2008) fragility curves, while PVG=88 cm/s (PGA=0.94 g) is the 

correspondent PGA when probability reaches 100% for extensive damage from the 

PhD fragility curves. Although Erberik fragility curves are produced for mid-rise 

buildings built in 1973-1999, when compared with LS3 fragility curves, it is obvious that 

Erberik’s fragility curves underestimate damage for IM values above 80% probability 

of exceedance and overestimate for ranges below 80%.   

5.3.2.4 Kirçil and Polat, 2006 

The 4th study is performed by Kirçil and Polat (2006), focusing on the development of 

fragility curves for mid-rise RC structures (3, 5 and 7 storeys) designed according to 

the 1975 Turkish seismic design code. The fragility functions use a lognormal 

distribution considering two damage states of yielding and collapse with IM PGA, Sa 

and Sd. Table 5-10 gives the fragility function for 3 and 5 storeys structures with IM as 

PGA. 

Table 5-10: Fragility functions by Kirçil and Polat (2006). 

 Yielding Collapse 

 Mean SD Mean SD 

3-storeys 0.093 0.029 0.799 0.165 

5-storeys 0.073 0.016 0.701 0.166 

Figure 5-30 presents the general fragility curves (PhD) compared with the fragility 

curves given by Kirçil and Polat (2006) for 3 and 5-storey RC buildings. 
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Figure 5-30: Comparison between general fragility curves (PhD) and fragility curves 

given by Kirçil and Polat (2006) for a) 3-storey b) 5-storey substandard RC building. 

There is a good agreement between the slight and collapse damage limit states of the 

general fragility curves (PhD) with the fragility curves given by Kirçil and Polat (2006) 

for 3 storey substandard RC buildings. 

5.3.2.5 Ozmen et al., 2010 

The 5th study is conducted by Ozmen et al. (2010). The fragility functions for low-rise 

and mid-rise RC buildings are based on the pre-modern code (TEC-1975) and modern 

code (TEC-1998). The fragility functions for 4-storey RC buildings follow the pre-

modern code, using a concrete strength of 16 MPa. The IM is PGA and the considered 

damage states are the immediate occupancy (IO), life safety (LS) and collapse 

prevention (CP), (Table 5-11). The fragility functions are based on lognormal 

distribution. 

Table 5-11: Fragility functions by Ozmen et al. (2010). 

 LS1 LS2 LS3 

 Mean SD Mean SD Mean SD 

4-storey 0.392 0.241 0.572 0.257 0.619 0.239 

Figure 5-31 presents the general fragility curves (PhD) compared with fragility curves 

given for a 4-storey RC building by Ozmen et al. (2010). 

b) a) 
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Figure 5-31: Comparison between the general fragility curves (PhD) and the fragility 

curves given by Ozmen et al. (2010) for a 4-storey RC building. 

From the comparison, it is observed that the fragility curves given by Ozmen et al. 

(2010) underestimate the exceedance probability for damage states LS1 and LS2. On 

the other hand, for damage state LS3, the probability of exceedance is overestimated 

at lower PGA values and underestimated at higher PGAs. 

5.3.2.6 Tsionis et al., 2011 

The 6th study is conducted by (Tsionis et al., 2011) in which, fragility functions for low, 

mid and high rise RC buildings in the Euro-Mediterranean region are presented, 

considering as the main parameters the load-bearing system type, ductility level, 

design code and infill walls. Table 5-12 gives the fragility functions for mid-rise moment-

resisting frame buildings designed according to pre-modern code (TEC-1975) for 

ductile and non-ductile cases. The fragility functions use a lognormal distribution with 

two damage states of yielding and collapse with PGA as IM. 

Table 5-12: Fragility functions by Tsionis et al. (2011). 

 Yielding Collapse 

 Mean SD Mean SD 

Ductile 0.245 0.101 0.667 0.174 

Non-Ductile 0.170 0.072 1.129 5.025 
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The general fragility curves (PhD) derived for the substandard 4-storey RC building 

was compared to the fragility curves given by Tsionis et al. (2011) (). 

  

 Figure 5-32: Comparison between the general fragility curves and fragility curves by 

(Tsionis et al., 2011) for a) ductile mid-rise low code b) non-ductile mid-rise low code. 

The fragility curves given by Tsionis et al. (2011) for ductile mid-rise low-code RC 

buildings, underestimate the exceedance probability for yielding damage states and 

overestimate the exceedance probability for collapse damage state. In comparison to 

the fragility curves developed in this research, the fragility curve for the non-ductile 

case for the collapse limit state does not make meaningful sense since it reaches 96% 

damage at PGA of 5g.  

5.3.2.7 Conclusions 

It can be concluded that the examined analytical fragility functions show differences 

between each other in IM level, damage state and damage index consideration, variable 

parameters considered in analytical modelling, material quality, uncertainties 

considered in probabilistic analysis, statistical function fitting to the data, etc. This 

brings a high level of unreliability to risk calculations which use the results of fragility 

analysis as their input to calculate damage, collapsed buildings and estimated number 

of casualties during an earthquake event.  

The framework introduced in this PhD is a simple, yet very effective solution to tackle 

this problem: the advanced adaptive fragility curves increase the accuracy of the 

damage calculations in the risk analysis by capturing the behaviour of these types of 

b) 
a) 
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substandard RC buildings. They can also provide the flexibility of choice between 

adaptive fragility curves according to the material quality and detailing of the buildings. 

5.4 Proposed Vulnerability assessment framework 

This framework is capable of deriving advanced adaptive vulnerability curves for any 

RC building class. It takes into account the flexural dominant failure mode considering:  

a. Longitudinal rebar buckling and the imposed pinching effect 

b. Longitudinal rebar slippage in column-to-joint and column-to-foundation 

c. Low quality of materials (Cyclic behaviour) 

The user can choose the most accurate fragility function for different damage limit 

states according to material quality and detailing.  

The analytical modelling procedure proposed for substandard RC columns/buildings 

using OpenSees, is validated against elemental and frame-level experimental data as 

the main input for the framework. Figure 5-33 presents the flowchart explaining the 

details of the developed framework. The main steps are: 

1- Preparation of analytical 3D/2D mode of substandard (1)/upgraded RC (2) 

element/building using the proposed analytical procedure (Section 4.2). 

2- Selection of scenario earthquake (site-specific design spectrum/record 

specific spectrum). 

3- Generating LH samples based on variable parameters of the capacity. 

4- Performing NRCPA for each sample. 

5- Performing analytical vulnerability analysis using modified CSM. 

6- Collection of all damage statistical data from all samples. 

7- Performing statistical analysis (curve fitting) on the collected data. 

8- Derivation of adaptive/general fragility curves. 

9- Converting the fragility curves to vulnerability curves using a conversion 

matrix. 
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Figure 5-33: Flowchart of the developed framework. 
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CHAPTER 6  CONCLUSIONS AND FUTURE 

WORK 

6.1 Introduction 

This chapter presents the main conclusions/observations of this PhD research and 

recommendations for future work. The conclusions are grouped in main headings 

according to their thematic content. At the end of this chapter, further 

recommendations are given for future work. 

The overall aim of this study is to develop an analytical probabilistic seismic fragility 

assessment framework applicable for substandard RC elements/buildings in 

developing countries. The proposed framework is a simple yet very effective solution 

to derive advanced adaptive fragility curves which can increase the accuracy of the 

damage calculations in risk analysis by capturing the actual behaviour of substandard 

RC buildings. They can also provide the flexibility of choice between adaptive 

(parameter specific) fragility curves according to the material quality and detailing of 

the buildings. 

6.2 Conclusions and observations 

6.2.1 Analytical FE modelling practices using OpenSees 

 Lumped-plasticity element models are not suitable for element-based fragility 

analysis. The reason is the behaviour of the rotational springs is empirically 
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derived, and as a result, the element behaviour has to be known as a-priory. But 

it can be useful to determine overall structural level behaviour. 

 DBE is not suitable for nonlinear seismic assessment of structures because the 

DB approach unrealistically overestimates the stiffness and the strength of the 

element compared to the FB formulation. 

 To model the common deficiencies for substandard RC columns/buildings in 

OpenSees, a combination of “ZerolLengthSection” and “forceBeamColumn” 

elements was employed. For the “forceBeamColumn” element, separate fibre 

sections for the mid-part and the hinge-part were used. 

6.2.2 Comparing local and global damage indices 

 The comparison between three damage index methods (inter-storey drift-

based, change of structural period and rotation-based) with experimental 

observations, indicates that the most suitable damage index is based on the 

change of structural period for both elemental and structural fragility analysis. 

6.2.3 Performing adaptive probabilistic seismic fragility analysis 

on substandard RC column/building: 

 Improved CSM with RCPA can be employed in seismic vulnerability assessment 

to account for cyclic degradation of material behaviour and the pinching effect 

originated by buckling. 

 The comparison between NTHA results and the performance point from RCPA 

using improved CSM, indicates that CSM is suitable to be used for seismic 

assessment of substandard RC buildings.  

 The percentage difference for PGA values corresponding to 50% probability of 

exceedance between S220 and S420 rebar types for the column under 20% 

axial load are: 17%, 30% for slight and moderate while 25% for extensive and 

collapse damage limit states. However, for probability of exceedance above 

70%, the values are even more severe. 



Conclusions and future work 

120 

 

 For rebar type S220, increasing axial load from 20% to 50% can adversely affect 

the fragility curves by approximately 55% for slight, moderate and extensive 

damage limit states and 46% for collapse damage limit state.  

 The differences between the concrete class 8-15 adaptive fragility curves and 

general fragility curves are -18%, -11%, -5% and -7% for slight, moderate, 

extensive and collapse LSs. While, the differences between the concrete class 

25-35 adaptive fragility curves and general fragility curves are +15%, +18%, +11% 

and 9% for slight, moderate, extensive and collapse LSs. 

6.2.4 Upgraded fragility curves for substandard RC 

column/building: 

 Comparison between the PGA values of fragility curves of the case study RC 

building (bare and retrofitted) with rebar type of S220 (corresponding to 50% 

probability of exceedance) for slight, moderate, extensive and collapse limits, 

shows 85%, 56%, 48% and 44% improvement, respectively. 

 The upgraded fragility curve for the ITU column (hypothetically strengthened 

with 1 layer of CFRP), shows promising improvement. The collapse damage limit 

state fragility curve for the column with S220 rebar type and 180 mm of stirrup 

spacing, improved approximately 55% comparing the PGA values 

corresponding to 50% probability of exceedance. 

6.2.5 Vulnerability analysis of substandard RC building: 

 Vulnerability curves are highly sensitive to the grade of the reinforcing steel. 

The MDR at 0.6g PGA level is 80% for S220, 38% for S420 whilst the MDR for 

the general vulnerability curve is 62%. The percentage differences of S220 and 

S420 from the general vulnerability curve are 23% and 38%, respectively. 

 The effect of concrete strength on the vulnerability curves is also considerably 

high. At PGA level 0.6g, the percentage differences of MDR between concrete 

adaptive vulnerability curves and the general vulnerability curve are -12%, +14% 
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and +40% for 8-15 MPa, 15-25 MPa and 25-35 MPa, respectively. However, the 

percentage difference between the two MDR of 8-15 MPa and 25-35 MPa at PGA 

of 0.6g, is 57%. 

6.2.6 Comparison of derived general fragility curves (4-storey 

substandard RC building) with fragility curves available in the 

literature: 

6.2.6.1 Ahmad et al. (2010) 

 For all damage states except collapse, the fragility curves of Ahmad et al. (2010) 

for ductile and non-ductile RC buildings are almost identical to each other. This 

contradicts the adaptive fragility analysis results (4-storey substandard RC 

building) which show that brittle structures affect fragility more critically. 

 Ahmad et al. (2010) fragility curves overestimate damage probability for all 

damage states when compared with PhD fragility curves. For example, for non-

ductile and ductile cases, the percentage difference of PGA corresponding to 

50% probability of collapse, with the general fragility curves (PhD) is ~250% and 

~150%, respectively. 

6.2.6.2 Akkar et al. (2005) 

 For the slight damage states, the fragility curve proposed by Akkar et al. (2005) 

overestimates the probability of exceedance values across all PGV values in 

comparison to the fragility curves (PhD) and approximately +150% at PGA 

corresponding to 50% probability of exceedance. 

 In comparison to PhD fragility curves, Akkar et al. (2005) fragility curves 

underestimate the probability of exceedance for moderate and severe damage 

limit states, at higher PGV values. While, they overestimate at the lower PGV 

values. 
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 The probability of exceedance for severe damage LS reaches 100% at PGV=200 

cm/s (PGA= 2.78 g) for Akkar et al. (2005). For the PhD fragility curves, PVG=88 

cm/s (PGA=0.94 g) is for probability of 100% for the same damage LS.  

6.2.6.3 Erberik, 2008 

 Erberik (2008) fragility curves overestimates the probability of exceedance for 

slight/serviceability damage LSs, however, the exceedance probability is 

overestimated at lower PGV and underestimated at higher PGV, for damage 

control and collapse prevention LSs. 

 The PGV, which the probability of exceedance reaches 100%, is 88 cm/s 

(PGA=0.94 g) and 200 cm/s (PGA= 2.78 g) for extensive damage LS (PhD) and 

the equivalent LS3 (Erberik, 2008), respectively. 

 From comparing LS3 fragility curves with extensive damage LS (PhD), Erberik 

(2008) fragility curves, underestimate damage at PGV values above 80% 

probability of exceedance and overestimate below 80%.   

6.2.6.4 Kirçil and Polat (2006) 

 For slight and collapse damage LSs, Kirçil and Polat (2006) fragility curves show 

good agreement with the general fragility curves (PhD) for 3 and 5-storey 

substandard RC buildings. 

6.2.6.5 Ozmen et al. (2010) 

 Ozmen et al. (2010) fragility curves underestimate the exceedance probability 

for damage states LS1 and LS2. For damage state LS3, the probability of 

exceedance is overestimated at lower PGA values and underestimated at higher 

PGAs. 
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6.2.6.6 Tsionis et al., 2011 

 Tsionis et al. (2011) ductile-fragility curves underestimate the exceedance 

probability for yielding damage LS while, overestimate for collapse damage LS 

in comparison to, the PhD fragility curves.  

 The non-ductile-fragility curves for the collapse LS proposed by Tsionis et al. 

(2011)does not give a meaningful result, since it reaches 96% damage at PGA of 

5g.  

6.3 Recommendations for Future Work 

Whilst the aim and objectives of this study where successfully achieved, additional 

areas for future work are identified as: 

 The applicability of the PhD framework can be extended to cover other 

types of failure mechanisms of substandard RC buildings (shear failure, 

impact or pounding failure, foundation settlement, etc.). 

 The effect of infill-walls, soil-structure interaction, etc. could be taken into 

account in the analytical model after validation against experimental results.  

 More variables related to the capacity (e.g. ageing effect on the corrosion of 

the rebars, etc.). can be considered and added to the framework.  

 The demand can be considered probabilistically either by taking several 

record specific spectra or by randomising the corner periods of the design 

spectrum for various soil types. 

 Adaptive fragility curves can be derived using the developed framework to 

cover a wide range of building categories (e.g. low rise, midrise, etc.) in 

developing countries. 

 The analytical modelling procedure can be enhanced by considering other 

failure mechanisms such as shear failure, short columns, irregularities in 

plan and height of the building, etc.  
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 The developed framework could be implemented into the existing 

earthquake risk assessment (ERA) framework developed at the University 

of Sheffield. Also, any available ERA framework for developing countries 

which has the feature of accepting fragility curves as an input (e.g. ELER 

(Hancilar et al., 2010)).  

 The damage state definition based on the change of structural period 

requires further validation with the existing substandard RC building of the 

Marmara region and Turkish seismic codes. 

 Increasing the sampling size and considering all the variabilities of 

longitudinal rebars could increase the accuracy of general fragility curves 

for substandard RC buildings.  

 The conversion matrix used to convert fragility curves to vulnerability curves 

needs to be updated for the case study region. 

 The analytical modelling procedure for upgraded substandard RC 

buildings/columns needs further validation with additional full-scale 

experimental data. 
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APPENDIX A LITERATURE REVIEW ON 

SEISMIC VULNERABILITY ASSESSMENT OF 

RC BUILDINGS. 

SEISMIC VULNERABILITY ASSESSMENT METHODOLOGIES 

Vulnerability curves graphically represent seismic risk and relate the probability of 

exceedance at various performance levels (damage limit states) to ground motion 

parameters of specific excitations. Strength or displacement-based damage limit 

states need to be defined for producing vulnerability curves. 

A.1 Rapid Seismic Vulnerability Assessments: 

 A simple method for assessing the vulnerability from a most probable hazard, involves 

Rapid Visual Screening (RVS) following the provisions of FEMA154 (2002), an updated 

version of ATC-21 (1988). This procedure involves exterior inspection by trained 

inspectors following a sidewalk procedure. The surveyed buildings are classified into 

two groups according to the procedure specified in the handbook. One group contains 

buildings that are declared as no risk-to-life safety and the other group includes 

buildings that are seismically vulnerable, involve risk-to-life safety and thus, require 

more detailed assessments from professionals with experience in seismic design. To 

tag post-earthquake damaged buildings and declare their occupancy status (safe or 

unsafe), ATC-20 (1989) suggests that decisions must be made on the spot. Three 
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different cards are displayed on each building; “green “for safe, “yellow “for limited 

entry and “red” for unsafe. 

A study performed by Hassan and Sozen, (1997), used the Turkish building inventory 

to develop a vulnerability function. The building information inventory was based on 

the floor area, structural elements (dimensions and reinforcement details) as well as 

infill walls. Using this information, the wall (ratio of the effective area of the infill and 

shear walls to the total floor area) and column (ratio of effective area of columns 

normalised to the total floor area) indices, are calculated. It was concluded that 

buildings with wall or column area of 0.5%, are safe, whilst with less than 0.25% are 

vulnerable.  

A similar approach was adopted by Gulkan and Sozen, (1999), who related drift 

demand at the ground floor to wall area. One of the main drawbacks of these methods 

is that they assume the construction quality and material properties of the structures 

to be uniform, which is not the case for countries where building codes are not 

enforced. 

Yakut, (2004) proposed a procedure for preliminary assessments on seismic 

vulnerability of moderate ductility, low to mid-rise RC buildings in Turkey. The 

procedure relies on the orientation, size and concrete strength of vertical load 

resisting components. It accounts for the contribution of effective filler wall areas and 

architectural features. A key strength of the procedure is its capability to incorporate 

the effects of regional seismicity and soil conditions through Vcode, which is directly 

computed from the seismic code. 

A.2 Empirical Methods 

Empirical methods are based on the statistical evaluation of past earthquake damage, 

therefore; these methods are suitable where extensive earthquake damage survey 

regional data are available. Unfortunately, post-seismic damage surveys and recording 

damage were not performed for many developing countries, hence, using empirical 



Appendix A 

127 

 

seismic vulnerability assessment methods are limited and non-applicable. Although 

realistic vulnerability functions can be derived using this information, the generated 

vulnerability curves are highly specific/applicable to the built environment of a certain 

region. If used to predict damage in a different region, unsatisfactory damage 

predictions may be obtained (Palacious, 2004). This is due to different regional 

construction practices, traditions and characteristics of the earthquake. The quality 

and quantity of the observed data is of prime importance for the reliability of this 

method and requires a large number of observations over a wide range of ground 

motions to generate these curves with a high degree of certainty. Damage data from a 

single event may not be sufficient to efficiently define the vulnerability curve, since they 

are required at various ground motion levels. 

Various types of empirical vulnerability assessment methods have been used widely 

for a variety of structural systems in different regions. These curves are based on 

observational data and are considered to be accurate since they include necessary 

information of the building stock exposed to an earthquake. This information is related 

to the structural system, construction year, number of stories and other deficiencies 

related to building configuration along with the building damage data. In addition, 

seismo-tectonics, geological and geotechnical information related to the exposed 

building stock is also included.  

Two main types of empirical methods are: damage probability matrices (DPM) and 

vulnerability functions. DPMs can be developed using two approaches:  

a. using collected observation data from actual earthquakes. In this case, damage 

directly related to measured ground motion intensity.  

b. predicting the structural response and related damage using theoretical 

dynamic analysis. 
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 Existing empirical vulnerability assessment studies 

A.2.1.1  Damage Probability Matrices 

To estimate the damage to a structure, damage probability matrices (DPM) can be 

used to express the relationship between damage probability levels and ground 

intensity levels. Empirical DPM were firstly proposed Whitman et al. (1973), based on 

compiled damage survey data collected from approximately 1600 buildings (5 to 19 

stories), after the 1971 San Fernando earthquake (see Table 1). In this method and for 

a specific seismic event, buildings with the same structural system, are considered to 

perform similarly. In which, for building type T, the intensity of seismic event I and 

damage level D, are discreetly related. 

Table 1 Damage Probability Matrix by Whitman et al. (1973) 

Damage 
State 

Structural 
Damage 

Non-structural 
Damage 

Damage 
Ratio (%) 

Intensity of earthquake 

V VI VII VIII IX 

0 None None 0-0.05 10.4 - - - - 

1 None Minor 0.05-0.3 16.4 0.5 - - - 

2 None Localised 0.3-1.25 40.0 22.5 - - - 

3 Not noticeable Widespread 1.25-3.5 20.0 30.0 2.7 - - 

4 Minor Substantial 3.5-4.5 13.2 47.1 92.3 58.8 14.7 

5 Substantial Extensive 7.5-20 - 0.2 5.0 41.2 83.0 

6 Major Nearly total 20-65 - - - - 2.3 

7 Building condemned 100 - - - - - 

8 Collapse 100 - - - - - 

Whitman et al. (1973) introduced, for the first time, the damage level on a building to 

be quantified as the damage ratio (DR) (ratio of repair cost to replacement value), 

currently used by insurance companies as the most common economic indicator. This 

approach was frequently used by several researchers by adopting different intensity 

scales (i.e. Braga et al., 1982, Dolce et al., 2003, Di Pasquale et al., 2005) for various 

building classes in Europe. 

Rota et al., (2008), developed empirical vulnerability curves for seismically designed 

structures in Italy from a database of 90000 buildings by establishing DPM. The PGA 

was defined using the event magnitude, a suitable attenuation relationship and site to 
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source distance. The DPM was further processed to define cumulative lognormal 

fragility curves by considering the probability of reaching or exceeding a damage limit 

state at a certain PGA level. 

A.2.1.2 Vulnerability functions (Continuous vulnerability curves) 

Many seismic vulnerability assessment studies were undertaken by gathering damage 

data for a type of structure from different earthquake events and regions. These 

datasets have been used to derive continuous vulnerability curves through regression 

analysis (Spence et al., 1992, Rossetto and Elnashai, 2003, Orsini, 1999). 

Spence et al. (1992) derived empirical vulnerability curves using regression analysis by 

analysing data of 70000 buildings surveyed after 13 earthquakes. A high confident 

dataset with 20 to 100 damage survey data points was used for proposing vulnerability 

functions for common building types. To define the ground motion severity, the 

parameter-less Scale of Intensity (PSI) was used, since macroseismic intensity is not a 

continuous variable. To define damage state and vulnerability curves the MSK intensity 

scale and normal cumulative distribution were used, respectively. 

Orsini (1999) developed empirical vulnerability curves by using damage data for 

apartment buildings from a single earthquake event in Italy. A total of 50,000 

apartments from 41 different sites were used for deriving the vulnerability curves 

(Figure 1). 

 

Figure 1: Empirical vulnerability curve developed by Orsini, (1999). 

Similarly to Spence et al., (1992), PSI and MSK were used to define ground motion 

parameter and damage, respectively. PSI was converted to PGA using an empirical 
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correlation function so that the ground motion and damage were not defined in the 

form of intensity. However, the derived curves are of limited use since they were 

generated from a single earthquake. Also, a single building type (apartments) cannot 

be considered as representative sample of damaged buildings in a building stock 

where diverse structural systems exist. The scatter related to the derived curves was 

high and low R2 values of 0.41 and 0.49 were reported, due to poorly defined damage 

states taken during the survey. 

Yamazaki and Murao (2000) derived empirical vulnerability curves based on damage 

data gathered after the Kobe earthquake which was categorised according to the 

building age, material and height. For RC buildings, the data from 16 different locations 

were used including 3814 buildings. Peak ground velocity was used as a ground motion 

parameter and the vulnerability curves were generated based on different design 

codes, but no specific lateral load resisting system was considered. Only two damage 

states (moderate and heavy) were used, which is not enough for defining the overall 

structural performance. 

Rossetto and Elnashai, (2003), developed a new damage scale, called homogenised 

reinforced concrete (HRC) damage scale, by using heterogeneous empirical damage 

data from several post-earthquake damage databanks. The limit states were defined 

in an HRC damage index (DIHRC), experimentally calibrated to the maximum inter-

storey drift ratio (ISDmax%) using published dynamic test results conducted on RC 

bare, infilled and shear wall structural systems. Then, 99 existing post-earthquake 

damage databanks (340,000 RC buildings) were re-interpreted using the developed 

HRC scale. Correlation tables between the HRC and other existing damage scales for 

different structural systems were prepared using the authors interpretation of the 

relative limit state damage descriptions (Table 2). 
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Table 2.  The equivalence between existing damage scales and HRC-Scale for general 

RC structures (Rossetto and Elnashai, 2003). 

 

Then, damage state vs proportion of the population of buildings were plotted for each 

dataset. The DIHRC values were assigned to each damage state of every dataset using 

correlation tables for each defined structural system. To describe the relationship 

between DIHRC and ISDmax%, the developed equations were used and DIHRC values 

were converted to ISDmax% values. Then, the proportion of the population of the 

buildings was converted to cumulative form for each discrete ISDmax% values and 
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continuous probability distribution functions were attributed. Using the ISDmax% 

values, the HRC damage state exceedance probabilities were determined from the 

fitted cumulative distributions.  For each HRC damage state, there are 99 exceedance 

probabilities. Vulnerability is obtained by plotting these exceedance probabilities along 

with the corresponding seismic ground motion parameters, which are defined in 

terms of peak ground acceleration, spectral acceleration/displacement for 5% 

damping, or inelastic spectral displacement for a displacement-based damping value. 

For each ground motion severity, damage state exceedance probabilities derived from 

each dataset were combined either using an equal weighting or using weighting factors 

based on the sample of the surveyed buildings. Nonlinear regression analyses were 

carried out to derive the vulnerability curves. Ground motion parameters were 

obtained from available ground motion records or attenuation relationships. In 

addition to class-specific curves, ‘homogenous’ or ‘general ’vulnerability relationships, 

which apply to all lateral-load resisting systems, were also developed (Figure 2).     

 

Figure 2: a) General empirical vulnerability curve compared with the weighted 

damages data b) fragility curve for pre-seismic building class (class-specific 

(Rossetto and Elnashai, 2003))  

Rossetto and Elnashai (2003) also reported that the derived general curves 

underestimated the damages of the RC building stock after the 2001 Bhuj earthquake 

(India), because of its poor construction practices which led to brittle failures. Their 
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analysis was based on a database taken after the 1999 Kocaeli earthquake (Turkey), 

which had similar characteristics with the examined building stock. 

The disadvantages of empirical methods can be summarised as (Ahmad, 2011):  

1-Heterogeneity of the building damage data in a combined dataset arise due to the 

use of different damage scales in different countries and can result in inconsistent 

damage classification for a building class. This is the main error found in empirical 

vulnerability curves derived from a composite dataset. 

2-Skewness of the damage data at lower ground motion intensity also arises due to 

the occurrence of very few strong earthquakes in areas with large populations causing 

uncertainty in the damage predictions at higher ground motion intensities.  

3-Errors can be introduced due to inconsistent surveys performed by engineers with 

different experience and knowledge, and not well defined damage scales. 

A.3 Existing judgmental vulnerability assessment studies 

ATC-13 (Council, 1985) used this approach to develop Damage Probability Matrices 

(DPM) to evaluate the seismic risk in California, USA. A Damage Factor (DF) was 

included for intensities from VI to XII on the MMI scale, for 36 types of buildings. The 

DF values were suggested by 70 experts who were asked to provide three values of 

damage (mean, low and high). This technique has no scientific basis and has a lot of 

limitations, since the experience level of each expert can affect the outcome. For 

example, the DPM developed for typical building classes in California in ATC-13 

(Council, 1985), cannot be applied to other regions such as Europe or Asia, due to 

differences in construction and design practices. Since the behaviour of NERC 

structures is not very well known, it can be difficult for an expert to assess the NERC 

building performance of a specific class in a specific region at various ground motion 

levels. 
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Schnabel (W.E., 1987) developed vulnerability curves for Cyprus using the building 

damage data of similar seismo-tectonic environments and also by considering expert 

opinions. Vulnerability curves were defined for two different classes of structures 

which included superior and substandard construction. Figure 3 shows the upper and 

lower bound curves for the buildings with a superior and substandard construction 

quality.  

Figure 3:  Judgemental curves developed by Schnabel for RC structures of Cyprus 

Kyriakides (2007) compared these curves (Figure 3) with new analytical curves 

developed for buildings having pre-seismic design category. It was found that the 

curves showed a good correlation up to the MDR=50% but after that, they could not 

predict well the abrupt increase in damage. 

A.4 Analytical/Mechanical Methods 

In the recent years, analytical procedures were extensively used to derive vulnerability 

curves. In this method, Finite Element Analysis (FEA) of structural models is performed 

to determine the damage distributions. This involves the use of simulated response 

parameters corresponding to different building performance levels with increasing 

demand. The accuracy of these curves is governed by the ground motion parameter, 

material models, response parameter, analysis type, damage index and structural 

idealisation. This approach was used by several researchers to develop vulnerability 

curves (e.g. Mosalam et al., 1997, Calvi, 1999, Lang, 2002, Kyriakides, 2007).  
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Various versatile inelastic elements in FEA programmes such as Drain 3dx, ZEUS-NL or 

OpenSees, have empowered analytical techniques and enabled users to include 

response features such as shear-flexural-axial interaction, re-bar buckling, bond and 

shear failures. The improvements in different material models and the increase in 

computational speed has further enhanced their popularity. The non-linear static 

analytical techniques have simplified the procedure to generate damage data for a 

large number of structures in a swift manner and with good accuracy. Despite all the 

above-mentioned advantages, limitations in the current modelling techniques still exist 

and simulating brittle failure modes are still a challenge. Experimental data of low-

strength structural elements (or entire frames) are also required to validate the 

existing analytical tools and can be used for calibration purposes. Material and 

hysteretic models in the existing analytical tools need to be improved to simulate more 

realistically the behaviour of engineered and NERC structures. To apply an analytical 

vulnerability assessment technique to a particular building stock in a region, 

uncertainties related to different demand and capacity parameters must also be 

accounted. 

 Displacement based vulnerability assessment studies 

A.4.1.1 Mosalam et al., (1997) 

Mosalam et al., (1997) developed analytical vulnerability curves for both bare and 

infilled 2-storey 2-bay GLD RC structures in Memphis, USA. Typical detailing 

deficiencies were considered in the analysis. For characterising the dynamic 

characteristics of the equivalent single degree of freedom system (SDOF), pushover 

analysis was conducted. 200 SDOF models with varying dynamic characteristics were 

defined to account for material characteristics variability. As a ground motion 

parameter, PGA was adopted and two sets of artificial time history records were used 

to perform NLTHA (to account for demand uncertainty). Inter-storey drift (ISDmax) 

was used as a response parameter and the threshold values for each limit state were 

judgementally estimated. For the infilled frame, these values were considered to be 
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one-tenth of the values of the bare frame. For the derived curves, a considerable 

scatter was observed for each limit state POE around the regression curves and this 

was attributed to the uncertainty in the capacity and demand parameters. 

A.4.1.2 Singhal and Kiremidjian, 1997 

Singhal and Kiremidjian (1997), developed analytical vulnerability curves for low, 

medium and high-rise bare RC building structures seismically designed in California. 

RC buildings with 2, 5 and 12 stories and 5 bays were considered and the damage 

statistics were generated by carrying out a series of NLTHA. The damage index by Park 

and Ang (1985) was used. To represent the ground motion for each type of RC 

structure, average spectral accelerations between the range of periods 0.1-0.5 sec, 

0.5-0.9 sec and 0.9-2.5 sec were used. 100 artificial time histories were generated to 

carry out NLTHA for the selected category of structures. The ground motion records 

were scaled following the average spectral acceleration values for each building 

defined period range. Uncertainties related to both demand and capacity were 

introduced stochastically through Monte Carlo simulations. These vulnerability curves 

were described with lognormal cumulative distribution and considered to be very 

reliable compared to existing vulnerability curves. Singhal and Kiremidjian (Singhal and 

Kiremidjian, 1997) updated the previously developed curves for low-rise RC buildings 

by adopting a Bayesian approach and by using the observed building damage data from 

the Northridge earthquake. This updating process helped in defining the confidence 

bounds on the fragility curves using the observed data. 

A.4.1.3 Calvi, 1999 

A deformation based simple analytical vulnerability method was proposed by Calvi∗ 

(1999) for RC frames failing in column-sway and beam-sway mechanisms. The 

structures were modelled as equivalent SDOF. The structural capacity of each 

structure was defined by yield and ultimate strength points estimated using simplified 

equations. In this method, the ratio of the building capacity over demand (from the 

displacement response spectrum) was calculated at various damage states. The 
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minimum and maximum drift values were predicted at four different damage states as 

well as their corresponding secant periods (periods were estimated using the 

established relationship based on the secant stiffness of a particular damage state). 

The minimum and maximum values of displacements and their corresponding periods 

were plotted (as horizontal and vertical lines) in the displacement demand spectrum 

which resulted in the formation of a rectangle which represents the capacity area (see 

Figure 4). This capacity area can be compared with the demand spectrum, and the 

area under the spectrum shows the building proportion failing or exceeding damage 

state. 

 

Figure 4:  Example of the Calvi (Calvi∗, 1999) method for the limit state (L.S.3 at 0.5g) 

with demand spectrum intersecting capacity 

A.4.1.4 Cornell et al., 2002 

Cornell et al. (2002) developed a probabilistic framework for structural assessment 

using a capacity and demand format. Various sets of ground motion records with 

different intensity levels were used to evaluate the seismic demand of the structures. 

Unlike Singhal and Kiremidjian (1997) who used stripe analysis, a cloud analysis was 

performed using seismic demand data. By carrying out cloud analysis, the demand 

model was defined as the median seismic demand presented by a log-linear function 

of a ground motion parameter. It was assumed that about the median, the structural 

demand is log-normally distributed having a constant logarithmic standard deviation. 
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Cornell et al. (Cornell et al., 2002) using a capacity and demand format developed a 

probabilistic framework for structural assessment. Various sets of ground motions 

record having different intensity levels were used to evaluate the seismic demand on 

the structures. Unlike Singhal and Kiremidjian (Singhal and Kiremidjian, 1997) who 

used stripe analysis, a cloud analysis was carried out using all the seismic demand data. 

By carrying out cloud analysis, the demand model was defined as having median 

seismic demand which was presented as a log-linear function of a ground motion 

parameter. It was assumed that about the median, the structural demand is log-

normally distributed having a constant logarithmic standard deviation. 

A.4.1.5 Erberik, 2008 

Erberik (2008) developed the analytical vulnerability curves for mid-rise flat slab RC 

structures with infill panels. Each of the structural models generated using random 

data of various capacity parameters matched separately with every ground motion 

record, unlike in the other methods where the structural models were matched 

randomly with accelerograms. Apart from this, the same procedure was adopted by 

Singhal and Kiremidjian (1997). Pushover analysis of the structural model was used to 

define the performance limits for the generation of the vulnerability curves. 

A.4.1.6 Rossetto and Elnashai, 2005 

Rossetto and Elnashai (2005) developed analytical vulnerability curves for low-rise 

infilled RC frame structures representative of the Italian building stock which was 

designed according to a 1982 Italian building code. Target spectra for three different 

return periods corresponding to three different damage states were generated. These 

target spectra were used to select the performance specific earthquake records (10 

natural records), for defining the mean spectra. To evaluate the seismic demand by 

considering the ground motion characteristics with less computational effort as 

compared to NLTHA, an adaptive pushover technique was adopted which updates the 

applied lateral load at each increment by incorporating the instantaneous stiffness, 
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modal characteristics and demand. A modified capacity spectrum method (CSM) was 

used for evaluating seismic demand in terms of ISDmax for each structure. The 

uncertainty in the capacity was considered by randomly generating different material 

parameters using the Latinhyper cube method, which results in several structural 

models with a random combination of the generated parameters. The seismic demand 

and the ground motion intensity data was used to fit the response surface equation. 

Using a re-sampling technique, the damage statistics corresponding to different 

ground motion intensities were generated from the response surface. This re-sampled 

data was used to develop the fragility curves for each damage state. The response 

surface equation used to develop each curve was defined according to the hazard level 

linked with the certainty that a certain performance objective will be acquired. These 

curves were also called performance consistent curves. For the generated fragility 

curves using the response surface equations, confidence bounds were also 

introduced. The analytical vulnerability curves after comparison with the observed 

data (Rossetto and Elnashai, 2003)) were found to be more conservative. Figure 5 

shows the vulnerability curves for the low-rise infilled RC structures. 

 

Figure 5: Analytical vulnerability curve of low-rise buildings by (Rossetto and Elnashai, 

2005). 

A.4.1.7  Kwon and Elnashai, 2006 

More recently, analytical vulnerability curves were derived by Kwon and Elnashai 

(2006) for low-rise RC structures. The use of full combination of stochastic material 

parameters in the structural models was found to give a biased sample. Detailing 
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deficiencies related to the lack of ties in the joint causing reduced shear capacity and 

short anchorages in the bottom rebar of beams were not addressed. The uncertainty 

associated with the ground motion was considered to be significantly higher than the 

uncertainty related to the various capacity (material) parameters. The developed 

fragility curves were found to be dependent on the choice of earthquake dataset in a 

fragility assessment study of low rise RC building by Ramamoorthy et al. (2006). A 

cloud analysis was carried out using seismic demand data and a bilinear relationship 

(instead of linear as used by Cornell et al. (2002)) was established for median seismic 

demand. A Bayesian relationship was used to evaluate the regression parameters of 

the demand model. 

  Vulnerability assessment studies with detailed modelling 

consideration 

A.4.2.1 Erberik, 2008 

Erberik (Erberik, 2008) evaluated the fragility of low and mid-rise RC structures (bare 

and infilled) in Turkey by selecting characteristics of RC structures available in the 

Duzce field damage database. Each building in the database was considered as an 

equivalent SDOF and characterised with parameters such as period (T), strength ratio 

(R) and post-elastic stiffness ratio (α). Peak ground velocity (PGV) was used as the 

ground motion parameter. The reference fragility curves (Figure 2.8, dark lines) were 

generated by evaluating seismic demand from time history analysis of inelastic SDOF 

systems having variable T and R characteristics and a deterministic α value. Different 

factors affecting the fragility curves were investigated such as α, sampling technique 

and size of sample, limit state definition and influence of degrading behaviour. Based 

on the results Mid-rise buildings are more vulnerable compared to low-rise and bare 

frames are more vulnerable compared to infilled frames. It was found that α, sample 

size and sampling technique do not significantly affect the fragility estimations. 

Uncertainty in the limit state definition and the degrading behaviour were found to 

greatly affect the fragility curves. To incorporate the degrading behaviour in this study, 
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an energy-based hysteretic model that accounts for a low cycle fatigue model was 

used with two parameters controlling the behaviour. One parameter controls the level 

of degradation and the other one controls the degradation rate. Three types of 

building degradation levels were considered ranging from theoretically no degradation 

to very high degradation of brittle structures. The comparison of the reference fragility 

curves with curves for moderate and severe levels of degradation behaviour can be 

seen in Figure 6. This clearly shows the importance of realistically incorporating 

degradations from different sources in the analytical models. 

 

Figure 6:  Analytical vulnerability curves for low-rise infilled RC structures of Turkey, 

Erberik (Erberik, 2008). 

A.4.2.2 Celik and Ellingwood, 2008 

Celik and Ellingwood (2008) studied the importance of modelling shear and bond-slip 

behaviour of beam-column joints for fragility analysis of GLD RC frame structures 

typical found in mid-American region. In this study, the full-scale beam-column joints 

data from existing research were used to select an appropriate joint model to attain a 

joint shear stress-strain relationship. Various existing joint models were examined and 

one more realistically replicating the experimental behaviour was selected and used in 

the fragility assessment. The rigid joint model was found to be unsuitable in simulating 

the highly pinched cyclic behaviour. The defined joint shear stress-strain relationship 

was used for simulating cyclic behaviour for the joint panel zone in the GLD building. A 

three-storey GLD building was used to evaluate the effect of the new joint model. The 

building had weak columns and strong beams and failed as a soft storey. Since 
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significant earthquake records were not available for the studied region, artificial 

earthquake records were used having earthquakes ranging from small to large return 

periods. Large inter-storey drift (ISD) occurred at the first storey when the rigid joint 

was used. When the new joint model was used, large deformation also occurred at the 

first storey, but the roof drifts at the upper stories were higher as compared to the 

roof drifts when the rigid joint was used. This indicated that the new model captured 

the flexibility due to joint shear deformation and bond degradation. On the other hand, 

ISDmax for the case building was less when the new joint model was used. This shows 

that the use of rigid joint models ruled out joint damage and overestimated the soft 

storey behaviour. For the case structure with strong columns and weak beams, ISDmax 

was higher. The rigid joint model was proposed for structures that are designed for 

earthquake loading according to modern codes. The derived fragility curves for 3 

storey GLD bare RC building are shown in Figure 7. 

 

Figure 7: Analytical vulnerability curves for bare GLD low-rise building in Mid-America 

(Celik and Ellingwood, 2008). 

A.4.2.3 Kyriakides, 2007 

Kyriakides N (2007) developed a framework for analytical vulnerability assessment of 

low and mid-rise RC structures in Cyprus. The technique was based on improved 

modelling assumptions, improved performance evaluation method and 

probabilistically addressing capacity related uncertainties. For simplicity and 
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efficiency of the framework, the improved non-linear static method (NSM) was used 

proposed by FEMA440 (2005). Several equivalent elastic perfectly plastic (EEPP) 

systems at every point of the capacity curve were assumed and each point was 

considered to be the performance point. This assumption led to a set of secant 

periods, which were associated with the different level of ductility. For modelling the 

complex behaviour of degrading systems using selected NSM the unrecoverable 

energy was not included in the energy balance. The brittle failure modes were 

successfully captured for the pre seismic code structures using a damage index having 

a secant period as a response parameter. Vulnerability curves were derived as a 

function of PGA. Since existing capacity models for different failure mechanisms were 

used to simulate the degrading behaviour, the results may be conservative for LSC 

structures and new models in particular for concrete, bond and shear are required. 

A.4.2.4 Al Mamun and Saatcioglu, 2017 

Al Mamun and Saatcioglu (Al Mamun and Saatcioglu, 2017) generated the seismic 

fragility curves for 2, 5 and 10-stories RC buildings designed based on NBCC 2010 for 

average and high ductility levels, representing RC buildings at Eastern and Western 

Canada, respectively. A 3D model of the bare frames was developed and incremental 

dynamic analysis was conducted using Perform 3D to generate fragility curves. Beam 

and column elements modelled containing two symmetrical segments each has an 

elastic beam and a plastic hinge (energy degradation factor introduced to capture the 

stiffness degradation) with stiff end zone. In the model flexural behaviour was assumed 

to be dominant failure mode consequently, linear behaviour was used for elements. 

Synthetic earthquake records developed with a 2% probability of exceedance in 50 

years with various epicentral distances and magnitudes for each region considering 

soil type C and compatible with NBCC (2010). Magnification of records for performing 

IDA was done using two spectral values design period provided by code (Td) and 

effective period (Te) observed after Eigenvalue analysis of 3D models using PRISM 

(2011). In this study, inter-storey drift was used as a damage indicator and the limits 

for performance levels assumed to be 2% for life safety (LS). For the immediate 
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occupancy (IO), softening index is used assuming the effective period at immediate 

spectral accelerations will be equal to 1.25 times of Te. For collapse prevention (CP), 

the median of the maximum inter-story drift ratio attained on the IDA curve is used. In 

this work, uncertainty and randomness in member capacity and damage indicator 

(failure criteria) were not explicitly considered. Instead, dispersion for limit states and 

analytical modelling was taken into account in the calculation of fragility relations. 

Uncertainties in seismic input were considered by using several records from actual 

earthquakes representative of different hazard scenarios involving different 

magnitude-distance combinations.  The conditional probability of exceeding a limit 

state at a given intensity, Sa (Te) or Sa (Td) calculated using Eq. 1 where Dc is median 

drift capacity for a limit state, Dm is conditional median of drift demand which is 

calculated using Cornell et al. (2002) method and assumption that demand has a 

lognormal probability distribution, σTOT is total uncertainty. It was found that at design 

period spectral acceleration the Ottawa (Eastern Canada) buildings showed less 

probability of exceeding limit state performance levels than Vancouver (Western 

Canada). The derived fragility curves for 5 storey buildings are shown in Fig.8 as a 

sample. 

𝑃𝐿𝑆 = 1 − ∅(
𝑙𝑛𝐷𝐶 − 𝑙𝑛𝐷𝑀

𝜎𝑇𝑂𝑇
) 

Eq.1 
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Figure 8: (a) and (b) Fragility response of 5-storey structure developed with 

amplified seismic records based on Sa(Te) in Eastern and Western Canada 

respectively. (c) (d) Fragility response of 5-storey structure developed with 

amplified seismic records based on Sa(Td) in Eastern and Western Canada 

respectively (Al Mamun and Saatcioglu, 2017). 

 

 HAZUS 

HAZUS software (HAZUS99 (1999)) developed by FEMA/NIBS (1997) has been used 

widely for assessing seismic risk and for seismic mitigation purposes of different cities 

and regions. Thirty different building types were considered. The buildings were 

categorised in terms of their height, structural system, level of seismic design, usage, 

seismic hazard zone and design. Four damage states are defined for each building 

class: slight, moderate, extensive and complete collapse. HAZUS adopted the capacity 

spectrum method (CSM) by ATC-40 (Council, 1996), to evaluate the performance 

point of a structure at the intersection of the capacity and the demand spectrum in 

Acceleration-Displacement Response Spectrum format (ADRS) as shown in figure 9a. 

The capacity curves for prototype structures of US were defined in HAZUS through 

nonlinear static pushover analysis and the variability in this curve was defined through 

expert opinion, earthquake damage data, and structural performance data. The 

seismic demand corresponding to a particular hazard scenario was included through 

the demand spectrum. Spectral displacement (Sd) was used for defining threshold 
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values and the variation of damage grade based on expert opinion. The capacity of the 

structures was defined by yield and ultimate points evaluated using the equations 

shown in figure 9b. The PP was used to evaluate the percentage of the buildings 

exceeding a threshold of a particular damage state. A lognormal distribution was used 

to develop the fragility curves. The limitation of the HAZUS approach is that it does not 

allow modifications of its different components. HAZUS gives the mean values of 

damage prediction and to get input parameter variation, a tedious sensitivity analysis 

is required by changing the value of the input parameter each time and rerunning 

HAZUS each time. 

 

Figure 9: ATC-40 CSM for PP evaluation in HAZUS b) Capacity Spectrum with the 

yield and ultimate strength points 

 DBELA 

The Displacement Based Earthquake Loss Assessment (DBELA) framework was 

developed by Crowley et al. (Crowley et al., 2004) for the analytical vulnerability 

assessment of RC structures using the methodology of Calvi (Calvi∗, 1999). Two types 

of failure mechanisms were considered: the column-sway mechanism and the beam 

sway mechanism. These mechanisms were differentiated for buildings based on the 

year of construction and ground storey weakness. In this method, the capacity curves 

were not generated using the pushover analysis, but instead the displacement capacity 

and the period of the equivalent single degree of freedom system calculated at 

different damage states. Equations derived based on simple mechanics were used to 
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calculate displacement capacities corresponding to three limit states by considering 

the steel and concrete section strains at 1) yield, 2) significant damage and 3) collapse. 

A random set of structures were generated having different material and geometrical 

properties and for each building, the displacement capacity and period at each limit 

state were calculated. A comparison was made between displacement capacity and 

displacement demand predictions at limit state periods for each building from a 

random sample as shown in figure 10. 

 

Figure 10: Comparison of the displacement demand with the evaluated displacement 

capacity (Crowley et al., 2004). 

The probability of a damage state to be exceeded was evaluated by counting the 

buildings which had displacement capacity less than the demand and are divided by 

the total number of buildings. Capacity PDF in DBELA is modelled by a joint probability 

density function (JPDF) of displacement capacities and period. 

COSENZA et al. (2005) presented a general method for seismic assessment of building 

classes which are defined based on the number of story and construction time. For 

each building class three level of class specifications defined as; low, medium and high 

order based on, knowledge level of input parameters. Simplified frame models were 

generated and the capacity of these frames was calculated using pre-defined failure 

mechanisms according to (MAZZOLANI and PILUSO, 1997) Fig.11 only concerning 

flexural behaviour. By using simplified frame models, it was not possible to evaluate the 

effect of moment redistribution cause by element nonlinearity, brittle failure, etc. Base 

shear was calculated by equilibrium equations whereas, ultimate roof displacement 
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was determined as a function of ultimate rotation of structural elements. Buildings 

seismic capacity was represented by the lowest base shear coefficient (base shear 

over seismic weight) among all mechanisms and corresponding drift. The effect of 

input variables and level specification was investigated based on engineering 

judgement consequently; knowledge level of building stock has a significant influence 

on the evaluation process of seismic capacity for a building class. The probability of 

exceedance of a fixed threshold limit was derived using Monte Carlo simulations with 

a simple probabilistic formula accounting for the number of simulations in which their 

analytical response was less than the fixed threshold over the total number of 

simulations. Finally, capacity curves were derived for 3 and 6 story buildings with 

different information level as illustrated in Fig. 12. 

 

Figure 11: Analysed collapse mechanism types (COSENZA et al., 2005) 

 

3 Storey 3 Storey 
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Figure 12: Capacity corresponding to low, medium and high order knowledge level for 

3 and 6 storey buildings  (COSENZA et al., 2005) 

 SP-BELA 

Borzi et al. (2008) extended the displacement-based vulnerability assessment 

methodology (DBELA) developed by Crowley et al. (2004). In DBELA, an assumption, in 

priority, should be made on the failure mode (column-sway or beam-sway) of the 

structure to derive vulnerability curves. In SPBELA (Simplified Pushover Based 

Earthquake Loss Assessment), an algorithm was added to the DBELA methodology to 

predict the failure mode of the structure. The details of the SPBELA procedure is 

shown on a flowchart in Fig 13. In SPBELA, to define the base shear capacity of buildings, 

a capacity curve was defined using a mechanics-based simple methodology, as 

proposed by COSENZA et al. (2005). A collapse multiplier was introduced based on 

the shear capacity of each storey taking into account the maximum shear force that a 

column can withstand for shear and flexural failure mechanisms and only flexural 

mechanism in beams. The final collapse multiplier of the building was considered the 

smallest multiplier calculated for each storey. Three collapse mechanisms were 

introduced: 1- Shear failure, 2-column-sway mechanism and 3-beam-sway mechanism. 

In the storey with the smallest collapse multiplier, if there are some columns stronger 

than beams or some beam stronger than columns in the storey with the smallest 

collapse multiplier, the collapse mechanism cannot be identified. In SPBELA, damage 

indicators are based on chord rotations, which was calculated using empirical 

equations based on sectional strains in steel and concrete. Four limit states were 

6 Storey 6 Storey 
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considered:  non-structural light damage, light damage, significant damage and 

collapse damage states. For non-structural light, damage limit state, inter-storey 

rotation capacity between 0.1% and 0.3% for drift–sensitive partition walls. For light, 

significant and collapse limit states the rotation capacity is limited by yield, ¾ of 

ultimate and ultimate chord rotations respectively. The displacement capacity of the 

structure is calculated at the height of equivalent SDOF system was calculated based 

on Priestley (1997) and assuming linear deformed shape for light damage and 

multilinear displacement profile beyond the elastic limit. For non-structural light 

damage elastic period of vibration calculated using the formula from Eurocode 8 while, 

for structural limit states the vibration period of the equivalent SDOF system 

correspond to the secant period was used. Monte Carlo simulation with a normal 

distribution using the Latin Hypercube algorithm was used to randomise structural 

parameters such as geometrical parameters (only span length), material properties 

and design loads while the section dimensions and reinforcement of the structural 

elements and inter-storey height were assumed to be deterministic. For displacement 

demand, the acceleration spectrum defined according to Italian regulations based on 

PGA values and 5% damping. Furthermore, to overcome the linearization effect of the 

structural model on the energy dissipation capacity overdamped elastic response 

spectra was used in the way that, the equivalent viscous damping when each limit state 

is achieved was calculated using the expression proposed by (Calvi∗, 1999) then, the 

spectra reduction factor expressed as a function of the equivalent viscous damping. 

Uncertainties in displacement demand were considered by randomising the corner 

periods with a uniform distribution between the maximum and minimum values 

moreover, the spectral amplification factor was taken as a random variable with the 

logarithmic distribution. Finally, the demand and capacity of buildings were compared 

for limit conditions. The derived vulnerability curves are shown in Fig.14. 
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Figure 13: Flowchart of the SP-BELA methodology for the derivation of vulnerability 

curves for RC buildings (Borzi et al., 2008). 
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Figure 14. vulnerability curves derived with SP-BELA (Borzi et al., 2008). 

A.5 Hybrid methods 

This method is a combination of post-earthquake damage statistics and analytical 

damage statistics from a mathematical model. Various types of uncertainties exist in 

the vulnerability curves derived from the above-mentioned techniques due to limited 

post-earthquake damage data, judgemental data subjectivity and modelling issues in 

analytical vulnerability. To reduce these uncertainties in curves, hybrid vulnerability 

curves have been derived by researchers ((Jalalian, Kappos et al., 1998)) which use 

data from various sources. 
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(Jalalian) et al. derived hybrid vulnerability curves for different building categories of 

Iran by combining elements from both the empirical and judgemental techniques. 

Singhal and Kiremidjian (1997) used this approach to update the previously developed 

analytical vulnerability curves for low rise RC buildings adopting a Bayesian approach 

by using the observed building damage data from the Northridge earthquake. 

If data from a single source are used, there is a possibility that the model may end up 

with more uncertainty than it started, since data from one event do not necessarily 

include a large range of ground motion values. So, multiple data sources are required 

for more efficient hybrid vulnerability curves. 

In hybrid curves, the deficiency of the observational data at a particular intensity level 

can be covered by carrying out nonlinear static or time history analysis, and the 

judgemental or analytical curves can be modified by utilising observational data. 

Experimental test data can also be used to reduce the deficiencies in observational, 

judgemental or analytical vulnerability curves. So, another way of carrying out 

vulnerability assessment is by using laboratory testing ((Pinho and Elnashai, 2000)). 

The benefit of this method is the freedom provided by testing any building type for 

which data are needed. The limitations are due to the scale of model, loading type and 

laboratory equipment capacity. Experimental data are expensive and allow few 

parameters to be investigated at a time, so they are mostly used for verification 

purposes rather than as an additional source. In the loss or vulnerability assessment 

process the building stock needs to be categorized in different damage categories 

according to its performance in a seismic event. This categorization is done using 

various suitable damage scales having different damage states and mostly associated 

with certain threshold values of a physical parameter.  
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APPENDIX B TEST RESULTS 

B.1 RC columns 

  

 
 

Figure 6-1: Comparison of analytical versus experimental results for RCPA of columns 

with a) S=60 mm, b) S=90 mm, c) S=120 mm and d) S=180 mm. 
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B.2 ECOLEADER frame 

This section presents the comparison between experimental and analytical results for 

ECOLEADER substandard RC frame in terms of storey time history displacement 

(mm).  

 

 

Figure 6-2: Comparison between experimental and analytical results of THA with 

PGA=0.05 g for a)1st floor and b) 2nd floor. 
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Figure 6-3: Comparison between experimental and analytical results of THA with 

PGA=0.1 g for a)1st floor and b) 2nd floor. 

 

 

Figure 6-4: Comparison between experimental and analytical results of THA with 

PGA=0.2 g for a)1st floor and b) 2nd floor. 
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Figure 6-5: Comparison between experimental and analytical results of THA with 

PGA=0.3 g for a)1st floor and b) 2nd floor. 
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Figure 6-6: Comparison between experimental and analytical results of THA with 

PGA=0.4 g for a)1st floor and b) 2nd floor. 

Table B-1: Comparison between experimental and analytical 1st mode of vibration’s 

period form THA. 

 Experimental Analytical 

Tests 1st Period 1st Period 

Undamaged 0.53 0.52 

0.05g 0.60 0.58 

0.1g 0.74 0.70 

0.2g 0.93 0.92 

0.3g 1.14 1.10 

0.4g 1.47 1.40 
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B.3 BANDIT frame 

 

 

Figure 6-7: Comparison between experimental and analytical results of THA with 

PGA=0.05 g for a)1st floor and b) 2nd floor. 
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Figure 6-8: Comparison between experimental and analytical results of THA with 

PGA=0.1 g for a)1st floor and b) 2nd floor. 
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Figure 6-9: Comparison between experimental and analytical results of THA with 

PGA=0.15 g for a)1st floor and b) 2nd floor. 
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