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Abstract

The collapse of buildings over the lasturg as a result of abnormal loads has renewed

interest in the field of structural engineering. Key events such as the disproportionate
collapse of the Ronan Point building in London, the collapse of the Alfred Murray Building
and the World Trade Centne atructural failures that have triggered more research into
progressive collapse. Consequently, new design guidelines around the globe with :
prescriptive recommendation for improving structural integrity based on tying force
provision have been develdpdowever, in existing design guidelines and codes throughout
the world, there is a lack of a codified modelling technique for progressive collapse. As a
result of this limitation, researchers adopt different methods. Generally, during the
progressive dalpse, structural members expeingnsignificant displacements and
rotations, while the bearnlumn connectiaare subjected to large tensile forces not
envisaged at the conventional design phase.

Hence, this study presents an assessment of thefeftdainn removal time, the modelling
techniques and the susceptibility of simple connections designed to Eurocod® 3oPart: 1
progressive collapse.

A computationally efficient approach and column removal time for progressive collapse
assessment areposed. The findings show that a braced &agstem is likely to exhibit

a least35% progressive collapshencompared with a moment resisting frame system
using the joint displacement and rotation criteria. Furthermore, the research shows that the
UK tie provision in EN1991-7 underestimates the magnitude of the catenary force
developed under the progressive collapse scenario. Consequently, the connection is dispos
to progressive collapse with the shear force in the column and catenary acti@arnn the

as the critical internal forces. Based on this assessment, five times the tensile force specifie
in EC3 for tensile force connection design checks is recommended. Shear force in the
column and catenary force action in the beam are the internaingof@rces that
determine the maximum dynamic amplification factor of a simple connection. The work
provides evidence that the tie b&ammn web connection at the corner column is more
critical under progressive collapse scenario as compared wirthettlyelygam. Column web

failure in yielding is attributed to the large catenary force developed in the tie beam connecte
to the web of the column.

Vi
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Chapter 1 General Introduction

1.1 Preamble

The planning and conceptual design stage of building structures require the right choice o
structural frame configuration and construction materials in delivering an efficient building
that meet clients requinents. These expectations are often challenging in a competitive
design environment where an optimal performance of the structure at minimum cost is
required. In highise structures, the steel frame structure is crucial in ensuring the overall
safety oftie occupants and the performance of the structure under service and abnormal
conditions. The choice of the frame structure is often guided by time, cost, conservatism in
adapting to new technologies, stakeholders involvement and building regulations. This
important structural system of the building determines the overall performance of the
structure under service conditions and abnormal loading conditions. At the conventional
design phase of a highe building, estimation of characteristic dead, livarahtbads are

done using design guidelines and engineering judgment to present an efficient design. Th
concept is based on the limit state design philosophy correlating thetcdabadgynand
response of the members. Over the last century, theeehastastrophic building collapse

due to the failure of critical structural members causing death and injuries; a phenomenor

tagged as 66progressive coll apse6bd.

According to Edmund Burke (17297 9 7 ) 0Those who ignore
doomed)tore@et it 6 6. L e tsagidbuilding tokapsesrcreagedlic comamrns

on structural safety and paved way for progressive collapse investigations. Consequentl
major codes and design guidelines around the globe were reviewed, anghresivcges

This has led ta series of conference discussions, workshops and research interest in a
progressive collapse. The subsequent paragraphs define terms associated with th
progressive failure of building structures.

Progressive collapse: There is no ugue definition accepted by all codified body and
researchers on the term O6progressive and
(GSA 2003b) for progressive coll apse ass

failure of a primary strwral component leads to the collapse of adjoining members which,



in turn, |l eads to additional coll apsedd

referenced iGross and McGuire (1983)

Disproportionate collapse

Starossek and Haberland (3800 at es t hat o0606i f there is a
a comparatively minor event and the ensuing collapse of a significant part or even a whole
of a structure, then this is a disproportionate coflapsis. attempt is to define what
constitute 6di sproportionate <coll apsedd. Unf ort
subjective since the yardstick for relative comparison between the event, and the failure
regi on i s nhéexistidgeliferatares dn. attehmgis been made by reseasche
distinguishprogressive collapse frodmsproportionate collapse ak disproportionate
collapse are progressive; however not all progreskapseare disproportiona{@garwal

and Englan@008)

Structural robustness

The design guideline (EN19BZ2 0 06) def i nes Robustness as
withstand events like fire, explosions, impact or the consequences of human error without
being damaged to an extent dheoterlapdoGSAi o0 n &
(2003) defines it as OAbility of a struct
premature and/or brittle failure due to events like explosions, impacts, fire or consequences
of human error, due to its vigorous strengtitandu g hne s s . 0 From t he
a significant amount of energy is induced on the structure within a short period if it is
subjected to impact or blast. The ability of the structure to absorb and redistribute the energy
safely depends on the aegof robustness of the entire structural system. In an attempt to
dissipate such energy within a short period, the structure responds suddenly to the triggerin
event in seeking a new equilibrium state. Discussion on structural robustness can be foun
in Biondini et al. (200@nhdFormisano et al. (2015).



Structural resilience

Structural resilience is the ability of the structural system to mitigate the effects of an extreme
load and minimise the recovery needed to restore fafitfiomhe three important
considerations for building functionality focus ors thies t abilitydosresist, adapt to, and

to recover from exposure to different hazards. Consequently, resilience is a function of
resistance, adaptation and recovery otietigtal system after been subjected to hazards
(Baker et al. 2008)

Rationale behind the study

This thesis addresses issues that have been neglected in previous studies on progress
collapse of structures. In a progressive collapstingassessmemire moving towards
threatindependent load cases for design (e.g. single column removal with reduced gravity
loads). One of the key observation in the guidelines and codes around the globe is that i
recommends that all structures should not be susedptiimogressive collapse. On the
contrary, there is no provision on how to explicitly carry out a quantifiable performance
based approach to achieving that recommendation. As a result, researchers adopt differer
modelling techniques to assess a struptrfarmance under progressive collapse scenario.
Anotherimportantconsideration is to understand the behaviour and performance of simple

connection under sudden column loss as obserglingyvood and Dusenberry (2005)

Hence, this thesis presentsamsessment of beawmlumn connection designed to the
provision of Eurocode 3 for progressive collapse scenario. A typical building model was
evaluated for the effect of column removal period on structural response. The outcome of
the studies resulted ip@posal which correlates column removal time to the period of the
structure in the vertical vibration mode. Since different modelling techniques exist in
literature, a comparison of commonly used methods was carried out and a recommendatior
made for proggssive collapse evaluation. Following this, a moment resisting frame structure
was compared to a braced frame structure under progressive collapse scenario. The critic
response from the comparison of the structural configurations was used to eaatuate be
column connection designed to Eurocode 3. A discussion of the responses of simple beam
column behaviour designed to EC3 is presented and recommendatiofts design

considerations for progressive collapse



1.2 Aim and Obijectives

The aimofthise s e ar Als sies st d h& behaviour of steel

The objectives of the research are:

1 To review the current research state in progres$imesehapter 2)

1 To investigate the effect of column remdwvaé andmodellig techniquesn
progressiveollapse (Chapter.3)

1 To determine the internal force redistribution and the dynamic effestidafen
loss of structural element on moment resisting frame structure (Chapter 4)

1 Toinvestigate the internal force redistiwloudi braced frame structure and to assess
the dynamic effect of sudden column loss on brace system (Qhapter 5

1 To compare the response of moment resisting frame (MRF) to the braced frame
structure (BFS) (Chapter 6)

1 To establish the state of stressrapke connection designed to the requirements of
Eurocode 3 Parti-8 using ABAQUS finite element code (Chapter 7)

1 To investigate the behaviour of simple connection under progressive collapse
scenario (Chapter. 8)

1 To propose strategies for improving s$tnad integrity under abnormal loading
conditiors (Chapter 9)

1.3 Scope of research

The assessment presented in this thesis is limited to a ten storey steel building structur
having a regular span. The evaluation of the frame structure focuses on the joint
displacement responses and the redistribution of internal forces as auvesldtaafilumn

loss. Geometric and material nonlineacityirs on structas undergoing largefalenation

due to excessive loa@lo account for thisP-delta plus thdarge diglacementis
recommendiin SAP 2000 manuah damping factor of 5% aadolumn removal time of

2ms is assumed for this stu@y @012 Mark AdomAsamoah and Ankamah 2p16
Evaluation of the dynamic effects was limited to GSA 2003 provisions usingGSwhi20

the bearrcolumn connection design was carried out using Eurocode -8B Faetdil finite
element assessment of the validated-belrmn connection was carried out using the
ABAQUS software.



1.4 Thesis organization

This thesis is structured inbine chapters with each chapter focusing on tizuper
objective. Thescope of the researc@m and objective of the thesis are included in the
introductory chapter. Each chapter begins with a brief introduction into what is expected

and at the end ofkeh chaptebriefhighlights to the subsequent chapter are presented.

Chapter 1  This introductory chapter presents a basic information onhéises

structure content, scope and research focus.

Chapter 2  This section critically reviews research in ggsige collapse over the last
century, important findings and progress mat®, events that triggers progressive
collapseand some historiouilding collapsesre discussedAt the end of the literature

review, a summary of knowledgeigg@pesentedhich holistically defines the basis for this

research investigation.

Chapter 3  This section of the thesis addresses some of the key concerns in design codes
and guidelines around the globe. That is, the column removal time for progressive collapse
assessme and the modelling technique that captures the sudden column loss. The author
has published the relative evaluation of modelling techniques and the impact of column
removal timeStephen et al. 2Q13tephen et al. 201&onclusion from chapter three is

used in subsequent chapters to model sudden column loss.

Chapter 4  This chapter presents an assessment of moment resisting frame structure
under column removal scenario. Part of the results were presented at an international

conference and published ie ttonference proceedir{§sephen et al. 2012

Chapter 5  This chapter presents an investigation into the behaviour of braced frame
system under column removal scenario. A study on the internal force redistribution of the

structure under instantaneous wiloss scenario is presented.

Chapter 6  This chapter compares the response of the moment resisting frame structure
in chapter 4 to that of braced frame system in chapter 5. Percentage increments in the intern:
forces were compared and a basis for caonelesign and assessment using finite element

codewas established.

Chapter 7 This chapter focuses on tredidation of theimple canection designed to
Eurocode 3 usingBAQUS finite elemerdoftware Detailed assessment of the control

model is estaBhed in this sectias a baseline study.
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Chapter 8  This chapter presents an assessment of the beam column connection under

progressive collapse scenario

Chapter 9  This last chapter summarises and discusses the results of the investigations

carried outRecommendation for future work, conclusion and limitations were highlighted.



Chapter 2 Literature Review

2.1 Introduction

Structural safety has been the core consideration in the desigrrisé tsghctures as
compared to economy, aesthetics, durability ustdirebility. To produce an effective
design in a competitive environment considering limited resources, structural engineers
incorporate structural optimization techniques to ensure the most efficient design at minimal
cost. Safety factors in conventi@esign account for minimal variation in material strength

and load estimation, however, this does not account for extreme loads such as blast o
extreme fire.

Progressive collapse became an imperative field of structural engineering after the
disproportonate collapse of Ronan Point Building in 1968, Alfred Murrah building in 1995,
and the collapse of the World Trade Centre in Z6%efhs et aR01). Interest in this

field of study was motivated by the disproportionate collapse of Ronan Poirg Buildin
1968 due to a gas explosion. This event resulted in an immediate review of codes and th
development of new building regulations and standards around thBeRR2005,GSA

2003; CEN 1994)Research works on progressive collapse and strategi¢géte mi
progressive collapse have been reviewglirgwood (2006 critical aspect of primary
concern to the global engineering community is the disproportionate collapse of structures

since alstructuratollapseareprogressive.

In practice, struatal designers are reluctant to perform nonlinear dynamic analysis due to
its perceived complexity. To address this problem, the equivalent static option of predicting
the dynamic response using conservative recommendations is a preferred choice. Th
guiddines GSA 2003 and UFC 2005 recommends an independent threat approach, which
requires removal of a single column at a time with the expectation that the structure bridges
over the removed column safely. That can only be achieved if the structuresisfcapabl
redistributing the resultant load from the removed column via the connections to other
structural members. One of the most important considerations in mitigating progressive
collapse is the performance of the connections, structural integrity nso\tsso
redundancy provision and the continuity between members. The strength, ductility and
rotational stiffness of the connections significantly affect the deformation of the joint and

the development of the catenary force in the beams.
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Concept of progressive collapse In recent times, higise structures are subjected to
abnormal loads far beyond their design strength which often results in either partial or total
collapse disproportionate to the initiating event. This is of primary importance to the
ergineering community engaged in investigating the complex mechanism in the chain
transmission of failure from one structural member to another via connecting devices. The
term progressive collapse can be described as a chain transfer of localisedhfaihere fr
structural member to another resulting in partial or total collapse. The American Society of
Civil Engineers (ASCE Standaid 3 ) , def i nes progressive cc
local failure from element to element resulting, eventoathe collapse of an entire
structure or a disproportionately large part ofSEI/ASCE 705) The standard

recommends that buildings should be desi
system as a whole remaining stable and not being deovagegtent disproportionate to
the initial | ocal damage. 00

Progressive collapse, as definediandelwal et al. (2008)a complex dynamic process
wherein a collapsing system seeks alternative load paths to survive a loss of a critical structul
memnber 60 . Progressive and disproportionat
however, whenever it occurs, it has catastrophic consequences. One of the earliest definitior
to progressive collapse wagbygwood. B.R and Leyendecker E. V (18&B)es it as a

chain reaction type of failure which follows damage to a relatively small portion of a structure.
Nair (2006)defines progressive collapse as collapse of all or large part of a structure
precipitated by failure or damage of a relativelypartadff it. According t&im and Kim

(2009b) progressive collapse is a series of failures that leads to a partial or total collapse of
structure. According tllingwood (2006) 6 6 pr ogressi ve col |l apse
an event that causesadl damage that the structural system cannot absorb or contain, and
that subsequently propagates throughout the structural system, or a major portion of it,

|l eading to a final damage state that 1s
This definition is similar to the one presentedvbyet al. (2010\vhich states that
O00progressive coll apse occurs when an ini

eventually resulting in collapse of a disproportionately large oreemtite pof a st r
On the other hand/lassis et al. (20G8ated that progressive collapse occurs in a structure
that lacks continuity, ductility, and redundancy to resist an initial damage due to extreme
loading.Dusenberry and Hamburger (208§jains the mechanism of building collapse as

a dynamic phenomenon in which kinetic energy is introduced into the structure while the
inelastic strain energy accumulated within the structure strives to arrest the downward
motion due to instantaneous losstaictural members.



The authors argued that the potential for structural collapse will be prevented if the energy
absorbed by the structure exceeds the change in potential energy due to instantaneou
column loss. In view of this argument, mathematiocatiegs were derived from first
principle correlating the strain energy, potential energy and kinetic energy. Collapse occurs
the remaining structural element lacks sufficient strain energy in arresting the motion of the
structure to rest as it seekwwa equilibrium position. The enebgged approach is aimed

at tracking the amount of energy released due to the collapsing mass relative to the amour
of energy absorbed by the structirephasi®n the need to further investigate the stored
strain engyy for assessing the tendency of disproportionate collapse of structures was
highlighted. One of the main advantages of this approach is that it does not require the loac
amplification factor to account for the dynamic effect because it can capturanthe dyn
effect approximately.

The British codeGEN 1994)oes not consider progressive collapse explicitly, the provision
was based on accidental actions on structures and the robustness of structures in mitigatin
accidental loads. Therein, it definessasbness as 66 the ability
events like fire, explosions, impacts, or the consequence of human errors, without being
damaged to an extent di sphisdefindiontisina mset @ t o
failure transmisgicas in ASCE Standard, but the performance of the structure in mitigating

abnormal load due to unforeseen events relative to the triggering event.

This definition of progressive collapse incorporates the comparison between localized failure
and the afterath of the event. However, not all progressive collapse is disproportionate,

and it is possible to have progressive collapse with the total collapse not been
disproportionate to the localised failure. The National Institute of Standards and Technology
(NIST) defines it as 0606the spread of | ocal

element, resulting, eventually, in the collapse of an entire structure or disproportionately largs
part of it; this is al sNISTROGwn as di spr o]

It is important to note thatome of thalefinitions given by various codes and standards
stipulate what constitute disproportionate collapse by stating limits of the collapsing floor

area.

Abnormal loads could result from extreme ficenb detonation, explosions and gross
human error beyond far beyond the designed margin. It is no doubt that disproportionate

collapse has catastrophic consequences at times leading to death.

9



This is a primary concern to the engineering communityigatiagt the complex
mechanism involves in chain transmission of failure from one structural member to another
via connecting devices. Currently, engineers consider progressive collapse design criteria d
to lessons learnt from previous structural fadilecause of its devastating consequences.
Previous building collapses due to abnormal loading conditions has led to the code review

and the development of new design guidelines. Some accidental loads are discussed belov

2.1.1 Airplane or Vehicular Impact

Accidemal loads described in Eurocode 1, RPart3ection 4QEN 1994)covers various

aspects of unexpected impact due to vehicles, ship traffic, lift trucks, canal trucks, and
helicopters. Effect of impact due to aircraft and vehicles on buildings is of poimearn

in investigations of progressive collapse due to this form of actions. Studies on the impact
of aeroplanes on concrete structures can be found irAd@oumbalski (2007)

At impact, a moving body such as a plane induces a significant drfanget an the
structure over a short period. In order words, a moving body possesses momentum which
when impacted on a building result in transmission of local failure from one point to another.
Such a chain transmission of failure through structuralerseamol connections could lead

to a progressive collapse of the building. The mechanism of the impact on a structure is als
a complex phenomenon. The kinetic energy of a moving object can be transferred into a
different form of energy and elasto plastiordhation of the building structure and the
colliding objectVlassis et al. (200®)ppose a new desigriented methodology to assess

the impact of falling floors on a lower level based on the kinetic energy of the impacting

floors.

2.1.2 Natural gas explosons

As observed bEllingwood (2006he collapse of Ronan point building indicates that the

gas pressure depends on two factors: compartment venting and resonance of air mass withi
the compartment. The gas pressure exerted does not exceed 17kPasshibagh34kPa

for abnormal loads recommended by most standards and guideline around the world
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2.1.3 Blast loading

Increase irerrorism has resulted in the death of thousands of peopdghe globe. This

is a global challenge and researchers are sealanglop a performanbased approach

to which designs can perform optimally during such unforeseen events. The effect of a car
bomb explosions could result in the sudden damage of a critical vertieariogdnember

which could potentially triggarprogressive collapse. A typical case in history was the
collapse of Alfred Murrah building in which the column at the base supporting three other
columns was destroyed due to a car bomb. Consequently, the transfer girder was subjecte
to loads beyond itsarrying capacity triggering a complex load distribution mechanism
resulting in the collapse of the building.

PRESSURE (psi)
A

Peak
Reflected —§—
Pressure

Peak
Incident
Pressure

- TIME (msec)

POSITIVE NEGATIVE PHASE
PHASE DURATION
DURATION

Figure 2-1  Air blast pressure time historfFEMA 427 (2003)
Given this challenge, three basic approaches are used effectively to thwart terrorist activitie
on building. The three methods are gathering intelligence, accessxddmdardeaing. The
research community is interested in the access control and hardening process. A typice
pressure distribution plot from an explosive is shovalgure2-1. The positive phase
duration indicatethe arrival time at which a peak value of overpressure occurs over the
ambient pressure. The pressure then decays to ambient level at a period where the cun
intersects the time curve to the negative phase duration. Research work on the behaviout
respone and mitigation of blast loads on the structural system can be found in the:following
Choi et al. (200@ndLee et al. (20Q7)
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2.1.4 Earthquake Excitations

Some regions of the world experiences different earthquakes of varying magnitudes. The
consequence @in earthquake is enormous; it causes injuries, death, fear and uncertainty.
There is a fundamental difference between structural response due to earthquake an
progressive collaps8irides da Silva et al. 20Diisenberryand Hamburger 2006
Although to limit progressive collapse phenomenon, some stid#esef al. 2008
Khandelwal et al. 2008m et al. 200%ark and Kim 201&how that structures are less

prone to progressive collapse designed as a seismic structure. For a realistic simulation, sor
authors recommend the inclusion uncertain material properties in design concepts as note«
by Park and Kim (2010yome authordeong and Elnashai (20¢#)este and Bai (2007)

apply probabilistic concepts in earthquake engineering to assess struepiiailisusc
progressive collapse.

2.1.5 Extreme Fire

Over the last three decades, there has been an improved understanding of the effect o
extreme temperature and fire on the behaviour of structural members asAgandah

and Varma (2014piven that, snplified analytical models were developed by researchers
under fire conditionSimdes da Silva et al. (2@8ttyctural design against fire is aimed to
prevent structures from disproportionate collapse due to fire and to ensure that occupants
and firefightrs can safely escape from the building without been trapped inside. The
protection of a structural building from fire is considered using tisérmctaral means of
protection. Fire has an adverse effect on structural engineering systems becagse it reduc
the stiffness and strength of structural members over a given period. This result in a loss ir
the load carrying capacity of a given structural member or a system when subjected tc
compartmental fire. Some researchers showed that advanced strutysrsl cana
adequately replicate the behaviour of structures duriBgrimetts and Thomas (2002)

The building regulation specifies the level of fire protection required as a function of time.
This depends on the functionality of the building, its harghtonsiderations for sprinklers

or not. Series of fuficale fire test carried out at Cardington (UK) is currently used as a basis
for validating current research works. The findings from the experiment indicate that
composite frame structures possessrve strength through large deformation and catenary

action in a slab with the development of tensile membrane behaviour fiu S8bhg (
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Abruzzo et al. 2008Current research works focusing on the effect of fire on the progressive
collapse of highse structures can be found in the following publicahieas €t al. 2012)

2.1.6 Gross human error

The earliest written code is dated to 2200 B.C, titled the Code of Hammurabi which was
based on the principle of |alapses$ and Killsthet i c e
occupant of the house, Grdsshunao erford @uld oschra | |
at the planning, design and construction phase of the project. This could have a devastatin
effect on the performance of the building arilderworse scenario collapse. Human errors
occur when a wrong concept, principle, or assumption is applied at the design stage tc
address an engineering problem. At times, poor technical workmanship and lack of strict

supervision and quality control cogsiuit in the partial or total collapse of the building.

2.2 Historic landmark building collapse

A detailed technical review on some of the critical structural building collapse over the last
century has been publishetNair (2006)

2.2.1 Ronan Point Building

Thisbuilding is one of the most referenced structures in existing literature when describing
the concept of progressive and disproportionate collapse. Interest in the progressive collaps
was attributed to the partial collapse of Ronan Point Building im196&lon Humay

and Baldridge 200Sair 2006)

According to the paper publishedRBarson and Delatte (2Q08pnan Point apartment
building was constructed using Laésdrilson system developed in Denmark in 1948. The

key advantage of this technglagthat it limits wet works on site, saves construction time
and to ensure quality control of precast structural load bearing members. The choice of this
technology gained attention primarily because the demand for buildings in London was on
the high sid after the Second World War. Another key challenge faced in the construction

industry is the migration of workers to factories where safer and easier jobs were available.

The building was a 22 storey building; the construction begaf rly25966 andas
completed on 11 March 1968. Partial collapse of the building took place on the 16 May, 196¢

13



which resulted in the death of four people with seventeen others been injured. The loss of
lives would have exceeded this number if the residents were itina¢ this event took

place considering the magnitude of the dis&arspn and Delatte 20@&arson and

Delatte 2006

Griffiths (1968presented a report attributing the collapse to a gas explosion which initiates
progressive collapse. In that reptne nut has been fractured by digtening during the

cause of installation and the hose linking the stove to the gas would have failed by a force o
1.6kN (360 pounds).

Furthermore, the technical reportGyffiths (1968)the collapse of Ronanipbbuilding,

a wind of 100kPh (63mph) based on the code issued in 1952. These does not accuratel
represent the wind pressure of 170kPh (105mph) anticipated at two hundred feet above the
ground every sixty years within the lifespan of the tower. Theasodlet reviewed to meet

up with current requirements based on the publications made in 1963 by National Physical
LaboratoryGriffiths (1968) Further inquiry into the collapse of the building reveals the
limitation of the structure in meeting up witl fequirements.
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Figure 2-2  Patrtial collapse of Ronan Point Building/Nair 2006)
Figure2-2 shows the collapsing section of Ronan Point Building from different views. The
collapse of this building wasihatited to lack of structural redundancy, lack of alternative
load path and poor workmanship.
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The structural integrity of the building was questionable considering the reports and test
conducted after the partial collapse of the building. This resaltsdprby step demolition
approach to study the damage further in May C@86idering the limitations of the code

at that time to address progressive collapse, building codes were reviewed to account fo
unforeseen events and the Fifth Amendment tbuding regulations in Britain in 1970

was introduced.

2.2.2 Alfred Murrah Building Collapse

One of the deadliest mamade disasters that created awareness on acts of terrorism in the
United States is the collapse of Alfred Murray Federal Building on AS8519 he design

and construction of the building took place between 1974 and 1976; it is a nine storey
reinforced concrete structure. The destruction was carried out by terrorists when a truck of
bomb containing ammonium nitrate and fuel oil bomb wagpedi at the base of the
building which damaged three critical colu@sisraas (2006)he loss of the columns
resulted in the failure of the transfer girder supporting other columns which uphold the
floors above it. This chain transmission of faildrléhe general collapse of the building

(Nair 2004)

As reported bZorley et al. (1998hdOsteraas (20Q@he structural form of Alfred Murray
building was made up of a reinforced concrete ordinary moment resisting frame system with
a dimension ofpgroximately 220ft (67m) long in the @&t direction and 30.5m in the
north-south direction. The floor height was 3.96m (13ft) from the third to the eight floors
while the ninth floor has a floor height of 4.27m. The floor had a thickrigsamoh

spaming oneway while the transfer girder had a width of 1220mm wide by 508mm deep
beams. According tOsteraas (200@)e structural layout consists of columns on a 6.1

x10.7m grid supporting a beam and floor system.

Team experts from American Society ofl Gingineers (ASCE), Federal Emergency
Management Agency (FEMA), US Army Corps of Engineers, General Service
Administration (GSA), the National Institute of Standards and the Federal government
engineers were deployed to critically examine the collagisedoMurrah building due to

blast loading. A detailed investigative report has been presented by some r&searchers

et al. (1998)he findings indicate that the blast was equivalent to the detonation of 4000Ibs
of TNT, and the failure of the strustuvas attributed to a shear failure of critical columns

resulting to progressive collapse mechanism as compared to the direct effect of the blast
15



Progressive collapse would have been mitigated if spiral reinforcement were used in the

critical columns othe first floor and continuous reinforcement used in all transfer girders.

Figure 2-3  Collapse of Alfred Murray Building in United States

The collapse of Alfred Murray Building was a typical illustration of progressive collapse due
to an unforeseen event which induces abnormal loading condition arctheakgystem.

(Nair 2004 arguedhat the failure was progressive, although disproportionate to the triggering
event considering the magnitude of the destruction while others are of the opinion that it
was progressive. Alfred Murray Building was ngin@elsior energy absorption capabilities

such that the amount of energy from the bomb detonation could be compared to the amount

of energy to which it was originally designed for.

223 L0 Ambiance Pl aza

The coll apse of L6 Ambi atioutcie23Bprilil®8d ocougedi n |
during the construction stage. It is a 16 storey building. The vertical load bearing members
are steel columns which supporttpresioned concrete slab. The building of the floor slabs
requires a step by step positioningthed floor temporarily at intermediary levels.
Unfortunately, local failure occurs at the top west wing which triggered progressive collapse
due to the impact of falling slabs resulting in the collapse of the East wing. It is argued that
the breakdown ohe structure is disproportionate when the total collapse of the structure

is compared to the initial local damage.
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2.2.4 World Trade Centre

The collapse of the World Trade Centre (twin tower)"8ddtember 2001 is one of the
deadliest acts of terrorisnatishocked the entire world within the last decade. The building
collapse due to aircraft impact and extreme fire, although the north and south towers were
able to withstand the impact for 102 and 56mins respectivwedyvdoich some lives were

saved (Vadh et al. 2004) All tall buildings are subjected to some level of risk and
uncertainties, designing tall buildings to withstand a gross terrorist attack such as the Worlc
Trade Centre collapse are practically impossible considering limited resources. Som
researchers are of the view that the World Trade Centre performs qMiaiedi2005)

the impact of the aircraft on the building is within the safety margin ofBlesigma nt an
Zhou (2002) The collapse of the World Trade Centre does not fit into the definition of
progressive collapse as argudddiyamed (2006)Other notable research on the collapse

of world trade centre can be found in litergtusenani et aRQ(B).

World Trade Centre 7

The collapse of World Trade Centre 7 is a typical example of progressive and
disproportionate collapse as argued by Shankar Nair 2006. The building was a 47 stor
building close to the location of the twin tower. Progressivesediiegan after the heated
interior column lost its ability to withstand the gravity load it supports, with failure extending
beyond the flooareas supported by the column. This resulted to total collapse of the
structure.
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Figure 2-4  Collapse of world trade centre in United States

If the collapse had been localised to the floors supported by the heated column alone, it
should have been labeled progressive but proportionate. However, the fadluméeobth
column due to extreme fire resulted to total collapse of the structure with propagation of

horizontal failure mechanism resulting in disproportionate c@Naps2006)

2.3 Progressive collapse codes and standards

In recent times, series of desguidelines around the woaik developeddue to the
catastrophic consequences of progressive collapse, particularly in the Uni(€&$Atates
2003; CEN 1994; m»2005) Currently, progressive collapse is considered in the planning,
design and constriumb phase of new projects with high economic and political importance.
Most of the design guidelines and codes propose different loading combinations; however,
the universal concept found in all the provisions is the introduction of alternative paths in
case of load redistribution due to loss of critical members. This provision is necessary if the
prescriptive recommendations are insufficient in limiting progressive collapse. Also, a key
structural member can be designed for specific load resistancé.désigernguidelines
incorporating progressive collapse are General Service Administration (GSA), and the
Department of Defence Unified Facilities Criteria (UFC).These guidelines explicitly defined
the loading conditions for progressive collapse and rendedrtee alternative load path
method for structures susceptible to progressive collapse due to damage or loss of critica
structural member&SA and UFQequires that a single structural member is assumed
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incapable of bearing the gravity load anethaining structural system is checked to ensure

it can safely redistribute the load of the removed member through alternative paths. This
approach is threat independent and promotes ductility continuity and energy absorbing
properties crucial to limitingggressive collapse.

Ot her standards such as ASCE 7 (ASCE 200
and ot her st 3LBACL 20®% dodnot @xpletitly Aefine requirements for
design against progressive collapse. However, refesestagsgural integrity was made in

the provision. Prescriptive recommendations are not found in these codes, which is a familia
code used for design. Other building catdes aghe International Code Council 1997

(IBC 2003) do not mention the desigyureements for progressive collapse.

In the UK, limited provision is made with respect to the design for progressive collapse.
Detailed reviews in the provisions of codes and guidelines around the world can be found in
literature Ellingwood and Dusenbgrl2005; Ellingwood 2008)he preceding sections
review provision made by some specific codes to address progressive collapse.

2.3.1 General Service Administration

The General Service Administration (GSA), in its progressive collapse analysis and desig
guidelims for new federal office buildings and major modernization projects, is an
independent threat approach used in assessing the potential for progressive collapse. Tt
exemption of a building based on the guideline depends on the building occupancy, the
building category (Steel or reinforced concrete, etc.) the number of stories, seismic zones an
the local structural attributes. To evaluate the potential for progressive collapse, the GSA
recommendthe load combination shown igiation 21 andEquation2-2 for static and

dynamic analysis respectively.
0 ¢O0 ™M@ 0O 2-1
0 OO0 ™ 0 0 2-2
Where() h R ¢ QO stands for the applied static load combination, dynamic load

combination, live and dead loads respectively. The acceptance criteria for static analysis a
based on the demand aeiy ratio defined by Equati?®3

B
$#2 e 2-3

HH
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Where DCR is the demandpacityatio. The acceptance criterion is specified in Table 5.1

of GSA 2003 design guideline for steel structureis defined as the acting force demand
determined in the member or joint either using the moment, axial force, shear or combined
forces.0 is defined as the expected ultimate unfactored capacity of the component which
could either be a moment, axial, shear or a combined action of forces. The DCR value mus
be greater than 1.0, for an irregular structural layout (atypical stocfig@alation), the
guideline recommends¥2%eduction in the DCR. (i.e ¥DCR). The acceptance criteria

for the demandapacity ratio (DCR) range between 1.25 and 3.0. Table 2.1 and Table 2.2 of
the guideline shows the acceptance criteria based axitimeim allowable ductility and/or
rotation limits for different structural types. A DCR for brittle failure mode in reinforced
concrete indicates failure, whereas for ductile behaviour in bending, this implies that the
member could sustain load up to a MER provided no collapse mechanism is developed,
and the member/connection has adequate ductility to redistribute the loads. A DCR greater
than one indicates that the structural element or connection has reached its ultimate capacit
although for britd modes of failure such as shear in reinforced concrete, this will result in
failure. GSA 2003 limits theamber of storey building to tém linear static analysis is used

as a basis for progressive collapse.

2.3.2 Department of Defense (@D 2005)

This standard provides a step by step design guidelines on how to limit progressive collaps
of new and existing structures that may or have been subjected to abnormal loads or
unforeseen event. This guideline identifies two primary modes to ippgadispse: The
provision of ties which depends on the catenary action of the structure and the flexural mode
which requires the structure to bridge over any removed structural element. Furthermore,
one of the necessary criteria to be considered inindgsagbuilding against progressive
collapse is the level of protection required. The standard subdivides buildings into four level
of protection: Very Low Level of Protection (VLLOP), Low Level of Protection (LLOP),
Medium Level of Protection (MLOP), dtidgh Level of Protection (HLOP). The standard
recommends that all buildings exceeding three storey buildings must be designed again:
progressive collapse. The alternative path method requires that key vertical and horizonta
elements are removed at altilocations to check the potential of progressive collapse
during analysis. The analysis may be linear or nonlinear. The structural detailing of

connections must meet the requirements in the code of practice for load redistribution.
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2.3.3 ASCE Standard 05

This guideline requires that structural stability and strength analysis checks should be carrie
out to ensure the structure is capable of resisting abnormal loads in section 2.5 of the
guideline. According tllingwood (2006)he partial collapse of Ran@oint Building in

1968 in London paved the way for the introduction of progressive collapse into the United
States. ANSI standard A58.1972, under the General Design Requirements section of the
code were reviewed from time to time, and one of thstlatition is ASCE standar@s/

(ASCE 2005a). ASCEO2 design guidelines recommend nine indirect design approaches

aimed at improving structural integrity, which are:

A good building layout
Integrated system of ties
Changing floor spans of slabs

Loadd bearing interior partitions

1

)l

1

)l

1 Catenary action of floor slabs,
1 Beam actions of the walls

1 Redundant structural systems
1 Ductile detailing and

)l

Compartmentalized construction.

The load combination in the commentary of section 2.5 of ASCE sta88a(dSCE
200%) is given by:

T Ipg O mOE MY TRw 2-4

Where D, L, S, and W stands for nominal Dead, Live, Snow and Wind load respectively. The
values are specified in section 3, 4, 6 and 7 of ASCE Stab8larbde/second equation
accounts for designs where key elements are taken into considerations, and the loa

combination is:

TRoé Ip8 O 6 TWD TR® 2-5
Where A is the structural action due to ¥peeted abnormal loads. The lateral force 0.2W

in Equation2-5) is to ensure lateral stability under progressive collapse scena#®. The
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corresponds to the average value of maximum live load while dhé®.fags used in
situations where the dead weight contributes to the overall building stability otherwise a
factor of 1.2 is used. The likelihood of Equaidrbeen exceeded is approximately 5%
(Ellingwood andusenberry 2005)

ACI Structural Integrity provision

This provision makes recommendations about structural integrity through the provision of
ties; however, these ties are not aimed at preventing progressive collapse but provide minim
provision for struiral detailing as observed Migchell and Cook (1984)hat is, no
prescriptive set of design criteria for mitigating progressive collapse provision is provided
(Ruth et al. 2006)

2.3.4 British code provision

Prevention of progressive collapse became at eifbjeerest after the collapse of Ronan

Point Building in 1968 with the UK taking the lead in introducing draft rules (BSI 1972; BSI,
1985; DETR 1994) and provisions to prevent accidental loading as specified ia®5 6399

Liu et al. (2005%ection 2fo Eurocode 1 states that 060-:s
way that it will not be damaged by events like fire, explosions, impact or consequences 0
human errors, to an extent disproportions:
explcitly define a performanbased approach to which such designs can be achieved. This
is probably due to the inability to adequately define the unlikely event to which the structure
may be subjected to over its design life. Furthermore, it is pracipcesyble for structural
engineers to design a structure to withstand all known hazards because of limited resource
Because of the complexity of the problem, the provision of EurdCidie(1994gives

the engineer the choice of a design method aadangatisfies the requirement of section

2 of the code. The design for progressive collapse in the UK requires the tying of members
about the same horizontal level and members about the same vertical elevation. The structut
would then be checked to emsthat localised damage does not result in disproportionate
collapseAt the ultimate limit state for accidental design situadENNE990:200propose

the following load combination (Equati:6)

"O 0 0O [ Ré€T {0 OT j
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The variable®0 represents the permanent actibis the prestressing actiofi, is the

design accidental action, ;0 ¢ i z0 s the frequency or qu@sirmanent value

of the dominant variable action whilgd is the quagipermanent values of other actions.

2.3.5 Canadian code provision

The Canadianode requires a structural capability in withstanding abnormal loading
conditions through the provision of structural integrity throughout its serticeYifet al.

(2010) According to Cagley 2000 citeMwhamed (2006)he National Building Code of
Canada (NBCC) was reviewed to incorporate minimum specification for tensile forces in ties
and local resistance of structural members after the collapse of Ronan poinfTineilding.
clause that treats structural integrity does not explicitly refer esginagcollapse, and the
commentary does not give procedure for the design against progressive collapse in previol
versions as reviewedDysenberry (2002)

2.4 Progressive collapse modelling techniques

The analysis of progressive collapse is a threatnddap approach as recommended by
current design guidelin@gaSA 2003)lt is required that a critical load bearing member is
removed instantaneously, and the structure is further analysed to assess its ability to absorb
the energy due to dynamic formgsh as inertia and damping. Some researchers have taken
this analysis further by investigating the consequence of multiple column loss and its effec
on structural respongeu 2010) A progressive collapse is a dynamic event; the initial
condition methdology was proposed Byiscemi and Marjanishvili (2005)ng a single

degree freedom system. This approach requires that the displacement of the undamage
structure is determined under normal loading conditions and applied to the damaged
structure beforprogressive collapse assessment. This process is to ensure that the structure
is in its undamaged state before simulating the column loss. The initial displacement of the
structure is negligibléaewkulchai and Williamson (200ves that the structucan be
modelled and analysed without considering the initial condition methodology initially
proposed byuscemi and Marjanishvili (2005)

Researchers in existing literature adopt different modelling technique for progressive collaps
assessment. The mdiagl technique and the column removal time used significantly affects
the results, and the conclusion arrived for the study as observed by some rd2ejaichers (

and Paul SmitRardo 2009; Kim et al. 2009; Stephen et al. 2011; Liu et alt B005)
23



observed that the dynamic amplification factor recommended in GSA 2003 also depends on
the modelling technique used. Because of these challenges in existing literature, som
researchers proposed a stepwise loading method and the application of thicappr®ach
found in some published works of literatMtagsis et al. 2009; Vlassis et al. 2008).

2.5 Progressive collapse assessment of frame structures

The last century saw a significant evolution in studies incorporating the behaviour of the
beandcolumn conections in the analysis of frame structures. This trend arises because
connections play a significant role in the survival time afigegétructures under normal

and abnormal loading conditions. Finite element programs such as ABRQESH.

2009) SAP 2000Marjanishvili 20041.SDYNA (Khandelwal et al., 2009; Mdller et al.,
2008) ADAPTIC (zzuddin et al., 2008; Vlassis et al., 2D08FEAP Klartmann et al.,
2008)are mostly based on a 2D mssemblyKiwasniewski, 2010y hese finite element

codes are popular commercial finite element application software for assessing progressiv
collapse.

For instancdaspart (1988yoposed a manual approach in evaluating the collapse capacity
of semirigid frame structures, taking the strength and statitgonsiderationlaspart

and Maquoi (199@yesent a study on thehavior of braced frame structures under semi

rigid connection conditions using the elastic and plastic design philoBogitées.and

Jaspart (2004¥ssessed the safety of frame tstre@ssumed to have pinned connections.

Research works that integrate the nonlinear behaviour of connections with reference to semi
rigid frame structure can be found in the following liter&aye: et al. (2006), Galvao et

al. (2010), Cabrero and B&3@05), Ashraf et al. (2007), da S. Vellasco et al. (2006), da Silva
et al. (2008), Hadianfard and Razani (2088%e studies were aimed at proposing an
analytical approach to semi frames structure incorporating the nonlinear connection

behaviour.

A sgnificant amount of analytical and experimental studies on the performance of structural
frames due to a notional column removal scenario and blast effects have been accomplishe
in recent times.Xu and Ellingwood (2011), Elsanadedy et al. (20@4)trker and
Bayraktar (201tprried out experimental and numerical studies on the behaviour of steel
frame structure subjected to dynamic loading. Different configuration of bracing types:
crossed, Mype, A type and K types were used. Their study concludedortécing

significantly increases the stiffness of the structural system. Also, cross bracing relative to
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other bracing types exhibits higher stiffness as observed both experimentally and from the
numerical simulations. MeHgo TsaiTsai (2012propose a performaneckased design
approach for retrofitting regular building frames with steel braces against sudden column
loss. The study using nonlinear dynamic analysis indicates that the proposed performance
based approach could be used for the conservatiofit design of higlise structures.

Cross bracing of lateral resisting system has been shown to minimise the tendency o
progressive collapse as shown in the studies carriedFobgQ)Also, the study reveals

that the increase in slab rein@ment ratio increases the maximum dynamic deflection
response which is a disadvantage. Studies carrieddtasiiyef and ETawil, 20103hows

that floor systems significantly contribute to the structural response due to column removal.
Fu (2010) anBu (2012provides a comprehensive parametric study on a 3D finite element
structure under column removal scenario. The studies conclude thatbra@rassystem

is less vulnerable to progressive collapse. The bracing system has been shown to impro\
progressive collapse resistance significkiahated, 2009; Khandelwal et al.,2009; Kim

and Choi, 2004)

Some research works have been carried out using either a 2D or 3D frame structure in
assessing progressive collapse based on the GSA (2003) ndabomneDetailed
description of the advantages and disadvantages of the analytical method proposed by GS
2003 can be found Marjanishvili (2004Marjanishvili and Agnew (20@6)npared the
analytical procedures in GSA (2003) using SAP 2000 finget elede and concluded that

the DAF of 2.0 is nomonservativeMarjanishvili and Buscemi (206&ommended that

the initial state of the structure should be considered before modelling sudden column loss.
Although, some researchién et al. (2009), Raljand Paul SmitRardo (2009rgue that
adopting different assessment techniques in modelling unexpected column loss affects th
outcome of the investigatidree et al. (2009roposed collapse spectrum approach in
assessing progressive collapse usimgply supported system. Other researchers adopt the
equilibrium of column internal forces with gravity loading over a period to simulate
progressive collaps®uth et al. 2006)The approximate approach that involves the
immediate application of gravitbading has been adopted by some researchers for
progressive collapse of a mstbrey buildingVlassis et al. (20083tablished a quick
assessment methodology for progressive collapse assessment based on collapse spectrt

Sudden column removal was eltat using downward step loading equivalent to the
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reacting column forces. Other researchers also adopt this method of modelling sudden
column lossRuth et al. 2006; Jinkoo Kim 2008)

The remove command or modetachdregeised in modelling sudd@tumn loss as
demonstrated in some research studies @rehgai 2009 odes and standar@oD,

2005; GSA, 2@)around the world recommend sudden column loss for the assessment of
structures due to progressive collafise.and Kim (2009assesseti¢ collapse resisting
capacity of moment resisting frame structure. The studies show that the susceptibility to
progressive collapse was highest when a corner column was removed; besides, an increase
the number of floors reduces the tendency to progresdlapse. Furthermore, the studies
indicate that the linear static analysis is conservative relative to the nonlinear dynamic
response although the perceived complexity of the nonlinear dynamic analysis is currently
overcome due to the advancementBearch software applications. The application of
Pseudestatic response analysis is now implemented as an alternative approach to carryin
out progressive collapse evaluation. Meng Hao(ZDsd#t)proposed a retrofit design
approach of steel frame struetibased on column loss. This approach does not require the
performance of dynamic analysis and analytical approach in estimating the forces in the
additional braces were proposécKay et al. (201R)vestigated the dynamic and nonlinear

load increasea€tor used in GSA 2003 for assessing the nonlinear dynamic response of
structures subjected to progressive collapse. These researchers argue that the dynan
amplification factor of 2.0 recommended in GSA design guideline is overly conservative.
Given thestudy carried out by the author, the dynamic multiplier factor ranges from 1.05 to
1.75 for reinforced concrete and 1.2 to 1.8 for steel structures. Furthermore, the section
property and the total deformation affect the dynamic response &snwalhd Km
(2009a¥ktudied the behavior of a moment resisting frame structure and shear braced wall
structure to progressive collapse usiagrovision of GSA 2003 and D@005.Ruth et

al. (2006proposed a dynamic amplification factor of 1.5 for a momeningefiame
structure for the economic design. However, it is important to note that the dynamic
amplification factor significantly depends on the modelling technique and column removal
time used for the assessment which is one of the objectives of Ghepiefthis thesis.

Vlassis et al. (2008) and Izzuddin et al. (BBf&)sed a simplified approach to progressive
collapse assessment of structures due to sudden column loss triggered by unforeseen even
Three stages of the investigation is proposedthis assessment framework: 1)

determination of the nonlinear static response, 2) determination of the dynamic response
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and 3) Ductility assessment. The proposed methodology offers a simplified approach in
assessing the robustness of a structurahsysteg et al. (201Bjvestigate the behaviour

of composite bearolumn joints under middle column removal scenario using the
componenbased modelling. Parametric studies carried out show that progressive collapse

resistance is enhanced by increasirdgfib to span ratio of the beam.

2.6 Mitigating progressive collapse

All structures are susceptible to some level of risk associated with progressive collapse
therefore mitigating progressive collapse is crucial, considering the need to protect humar
lives ad buildings from terrorism. Mitigating progressive collapse is one of the research
areas currently undertaken by researchers all over the world. Forkhstgmesyd (2005)

critically reviewed strategies and challenges mitigating progressiveacdllexsmined

how structural integrity can be addressed effectively and economically. An extensive reviey
on the implication of hazards, mitigating risk and ways of limiting progressive collapse due
to multiple hazards can be found in the following publigbeature and discussiobsd

al., 2012; Duthinh et al., 2013; Fontaine and Steinemann, 2009; Godschalk, 2003; Li an
Padgett, 2013; Prater and Lindell, 2000)

There are three techniques proposed for mitigating progressive collapse: the tie force
appoach, provision of alternative load path and the protection of critical elements from
collapseAbruzzo et al. 200@}urrent practices used to mitigate progressive collapse focuses
on ductility provision, redundancy provision, provision of local resjspaavision of

ductility and continuity. Thesmpisions are discussed briefly.

2.6.1 Indirect design approachd Tying Force Method

This approach falls into the category of prescriptive design rules stated in some desigr
guidelines and codes (ASCE BS 8110:1997, BS 5950). This approach is based on the
provision of a least amount of strength, ductility and continuity as recommeudedtin ¢
design guidelines like D005, GSA 2003. The aim of this provision is to limit the
tendency of progrsise collapse through three key principles. These are effective detailing
of tension ties (Horizontal and vertical), developing catenary action in event of loss of critical
column, and ensuring ductility. Horizontal and vertical ties were introdudeel Britsh
code (BS595D, clause 2.4.5.3), BS8110lause 2.2.2.2)) to ensure that joints bear tension
forces in the progressive collapse sceAdaxander (2004pution on the application of
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ties based on the provision of BS595Qclause 2.4.%.81 addressing robustness. The
primary aim of the horizontal ties is to ensure that beams can span over a removed columr
through catenary action. Accordingtarossek and Haberland (2@®ng the catenary

action, the flexural loads is been transirmeension loads which is very important in
accounting for the loss of a structural element. However, it is believed that tying of structural
elements will limit the tendency of disproportionate collapse. One of the key challenges to
this assertion is dlt the extent of ties resisting disproportionate collapse is not known.
Report on the workshop held by the Joint Committee on Structural Safety (JCSS) and the
International Association of Bridge and Structural Engineering (IABSE), stated that tying of
structural members improves the robustness of structures. HowevenVFEa2€06)
reported thaisolation and segmentation will be a better option.

According toVlassis et al. (2008)e issue of interest focuses on the reliability of ties in
resisting danary action based on code provision. This limitation is because no allowance
for ductility requirements at each level of its provision neither is it based on structural
performance. Althougklexander (20043rgued that ties alone do not ensure thetrodss

of a building, its application should be done at ones discretion. A further observation made
was that ties could drag down part of a building which may not have been affected by the
collapse. Thus, it is a wise idea to introduce deliberatelynksephricularly in buildings

made up of L shape or those having a long length. Recent studies carried out further
emphasize the underestimation of tie provision in UK desigrB&8#10 1997; EN1991
1-7:2006)n mitigating progressive collapse as pgeesbgTohidi et al., 2014Equation2-

7 and Equation-8).

0 —"0 2T

0 & 2-8

WhereOand0 are the characteristic dead and live loads respectively expressed in KN/m
0 is the spaniQis the lesser of (20 &#4) or 60kN/m where is the number of floors.
and0 is the tying force in kN. On the other hand, BS EN-199firoposed two equations

for internal ad perimeter ties as shown in Equati®na2d Equation-20.

Y 1@ "0 <0 i (or75kNwhichever is greater 2-9

"Y 1@ 'O <0 i Dwhichever is greater 2-10
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Wherel the spacing of the tieg, is the span of the tie,is a factor wich depends on the
accidental design situation.

In recent times, researchers have tried to study the key principles related directly or indirectl
to the provision of ties in resisting or limiting the likelihood of disproportionate collapse due
to a failue of critical structural elements. For instdnag2010)nvestigated the ways in

which progressive failure can be prevented through a catenary action of coheetions.

al. (2010presents the effect of joints and composite floor slabs on theeftigng of steel
structures for preventing progressive collapse. Three types of joints were investigated: rigi
joints, semarigid joints and pin joints. They observed that rigid connections, a tensile capacity
of concrete, tensile reinforcements withijpint and moment resisting decking profile
increases the effectiveness of tying; thereby limiting the risk of progressive collapse. Thoug!
the study identifies factors that could limit progressive collapse, however, it provides no
specific implementationles. Studies carried outNwgthercot (201 1further questioned

the link between increasing tying capacity and the actual resistance to progressive collapse

Continuity provision in practice

Continuity is a strategy that is aimed at enhancing thi pedoamance of a structural
engineering system by interconnecting the members together to increase efficient loac
redistribution in case of accidental loads. Some structural failure can be averted if the
structures are linked togethidaif 2006)Howeer, it is important to note that this provision

has its merits and demerits depending on the case considered. For instance, poor continuit
could localise the damage to only the members and floors directly affected by the accidente
loads. That is, the dage is localised to the affected region of the building such that any
damaged member does not redistribute the stresses to other parts of the structure. On the
other hand, it has been observed that adequate provision for continuity could lead to
horizontalprogression of failure mechanism resulting to total collapse. The collapse of the
World Trade Centre 7 located close to the twin tower was a typical example of how the

horizontal progression of failure transmission could result in total collapse.
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Detail explanation of the collapse of the World Trade Centre 7 illustrating the concept of

horizontal failure mechanism has been explainddiby2006) The design approach for

mitigating progressive collapse in codes and design guidelines to enmalareyemhd

local resistance is showrfFigure2-5. The structural members of the building are linked

together based on the tie force method; this approach improves the continuity, ductility and

the development dlternative path for load redistribution. There are two types of ties:

Horizontal and vertical ties. The use of horizontal ties such as internal, peripheral and ties tc

edge column, as showrFigure2-5 depend®n the type of construction.
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Figure 2-6 lllustration of UFC 4-02303, 2004 tie provision
The vertical ties are used in columns and load bearing walls. The load path for the vertica
ties must be caimuous thought the height of the building. The internal ties should link one

edge tanother as shown gure2-6.
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2.6.2 Direct design approach

The direct design philosophy is based on two concepts: Proviiemafeaload path and
specific local resistance design. These two design approaches are often applicable when t
prescriptive approach seems insufficient in limiting the tendency of progresseee collap
Since the code (GSA 2003,2005) recommends $osf a single column at a time, the
structure is expected to bridge over the loss column through load redistribution via the joints
without collapsing. This concept is referred to asltémmate load path métmedecond

design concept is to identife key critical structural element within the structural system
such that its failure or inability to resist gravity load may result in partial or total collapse
when damaged. Such members are to be designed for a particular load; the current desic

guiddine in the UK (Eurocode 1) recommends a pressure magnitude of 35kN/m

2.6.3 Mitigating progressive collapse

Tan and AstaneAsl (2003demonstratéhe application of cables in retrofitting existing
structure using cables to prevent progressive collapsersaf Tlois hardening process
requires that cables are placed inside the slab and anchored at its end. The concept from
structural perspective is that the cables should be capable of transferring the resultant loa
due to a missing column to other stru¢tamembers through catenary action. The
researchers demonstrate this idea using a single story building, and discovered that larg
deformations ranging from-80cm could be observed; however thecplimg of the

floors are mitigated. This investigatios e@ried out both experimentally and using a finite
element code. However; the researcher did not consider how sudden the column remova
affects the catenary action during the progressive collapse. Also, the catenary performanc
of the cables depends te rigidity of the end constraints under axial tension when sudden

column loss occurs.

Hadi and Alrudaini (201proposed a new redundant system for reinforced concrete
building to prevent the potential of progressive collapse. In this approach, €ables ar
connected to the ends of the beam and hanged to a braced frame steel structure on the to
of the building. If there is column loss, the resultant loads will be transmitted to the braced
steel building via the connecting cables. The result indicatesptizgtortionate collapse

can be minimised based on this approach. However, this research work does not demonstrat
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the extent at which the adjacent columns would be affected as a result of the additional stres

due to the braced frame on the building.

2.6.4 Energy Based Approach

The energypased method claimedPgwell (2005% an approximate method for a multi
degree freedom system; however, it accurately predicts the maximum deflections for singl
degree freedom systems. This method has a correlatitthre wrizard potential analysis in
vulnerability studies of structural engineering systems. The energy method is not commor
in research works related to disproportionate collapse; however, this is vital because
structural collapse could be as a resultiofigct, fire, and bomb detonations. These causes
have one thing in common, the subject structural system to energy demand that could excee
the energy absorption capacity resulting in partial or total collapse. By implication, the
induced energy often disato strains as observedB@gby (199%ndEngland et al. (2008)

This idea or concept was suggesteBeeypy (1999)n which he derived a simple energy
equation based on strain energy principle in evaluating the amount of energy a rectangule
beam caffiail. To illustrate his idea, he assumed a failure of simply supported beam of an
elastiebrittle material when subjected to a given stress when a load is applied at the midspan
However, the expression derived may differ whemtsstic or plastic maials are used.

Further advances were madeOnsenberry and Hamburger (20Q#ey conducted
extensive research on the application of energy method in capturing the fundamental physic
of collapse mechanism considering the limitations in the simp#hiiysisamethod. Two

basic methods were adopted: Rishin analysis and flexural/catenary energy absorption
analyses. The approach was based on physical phenomenon synonymous to building failul
as compared to the forced based approach calibrated fortithdapaype of structure.
Presently, none of the conventional approaches to the evaluation of disproportionate
collapse potentials consider the influence of the stored strain energy in the structure at the
time of the initiating events.

2.7 Research in connetion behaviour and performance

Traditionally, the design of higbe steel structures conservatively depends on the

assumption that the connections are either pinned (braced frame structures) or rigid

(Moment resisting frame structures). For ideabpinections, moments are not transmitted

via the connection because the connection is assumed to possess no rotational stiffness. P
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connections resist only axial and shear forces. Moment resisting frames have a rigid joint; th
connection is assumidhave an infinite amount rotational stiffness capable of transmitting
shear, axial and moments. In fact, all connections possess a finite amount of rotational
stiffness and are best described asrggdconnections. Joint classification based on this

assumption is shown kigure2-7.

a ]
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Figure 227 Types of joints(Diaz et al., 2011)
Where G is the angular rotation between |
(c) semrigid. FEMA273 propos# Equation 211 and Huation 212to calculate the yield
moment and yield rotation of steel beams and calumns

0 0w
2-11

_ ([ON® 2-12
WheréO is the yield strength of steel, Zhs Plastic section modulus, L is the member
length, | is the moment of inertia about the bending axis-@the yield rotation. Over
the last century, research effort has been intensified in developing a simplified and accurat
methodology in preécting the behaviour of beamolumn connections under different
loading conditions. The challenge is to understand the complex interaction of the various
connection components in stress redistribution particularly when subjected to abnormal
loading conditins. Research in existing literature in connection studies incorporate the
connection behaviour into the global assessment efidagsteel structures using the

momentrotation (M@) relationship.

In view of this, several models have been developddbasamputational, experimental,

informational and numerical studies to predict the mechanical behaviouraufl eam
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connections based on the momm@tation relationship (1@). Extensive literature review

on the current methodology in predicting¢hmechanical properties can be fouKdshni

and Chen (1990), and Goverdhan (1988se authors emphasise the need for further
research in developing an accurate and simplified approach for predickh@ the
relationshipJaspart and Maquoi (1990)hr€eo and Bayo (2005) and Aristiz&lioa
(2010)demonstrate the need to incorporate joint rotational behaviour in assessing the
performance of high rise structures. Some researchersBurgi asd Jaspart (1998) and
Sherbourne and Bahaari (129pled advanced FE techniques to propose an approximate
method in determining end plate stiffness, strength and ductility for a large variety of
connection configurations. Currently, researchers have adopted various beam to beam o
beam to column connectiogpes in developing predictive correlation of -ggidi
connections relating the moment to the rotation beha@ben @nd Kishi, 1989; Kishi and

Chen 1990; Ang and Morris, 1984)

Studies of beagolumn connections under cyclic loading over the few sldEadebeen
intensified following the Northridge earthquake in 1994 with particular reference to the
behaviour of the connections under cyclic logtaghaly et al., 2011; Ghobarah et al.,
1992; Garlock et al., 200Bhe finite element analysis methasl treen employed over the

last century in investigating the behaviour of connections under different loading scenario.
The choice of the finite element approach for research and investigation of connections is
based on the fact that some parametric staiiesot possible in the confinement of the
laboratory. Some of the extensive literature review and data collection-ooluyream
connections can be found in the works of Goverdi@88) and Kishi and Chen (1990)

As noted by Shat al. (1996)0t all pactising professionals or researchers have access to
connection databaskerefore theoretical momerdtation formulations incorporated into

design software will be a preferred choice.

Simple connections such as flexible cepthte connections, angleb connection and

bolted top and seat angle connection are commonly used in the construction industry to
resist gravity loading. The design of these types of connections depends on the kind of frame
structure, the loading conditions, and the joint mstr&esides, the choice of suitable

connections is also influenced by cost and the ease of fabrication.

Over the last 30 years, research interest in connection behaviour and performance has bee

a subject of great concerns, particularly after the 1884dd¢e and 1995 Kobe earthquake.
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These events paved a way for more experimental and computational investigations on the
behavior of connectio®{an et al., 2005; Lu et al., 208@me researchers attributed the
failure of the connections due to thesghquakes to brittle damage and the lessons learnt
were critically reviewed in existing literadehin (1998) The result of all these
investigations shows that catenary action in beams and connections are crucial in mitigatin
progressive collapseur€ent research works in assessing the behaviour of connections and

performance under abnormal conditions are reviewed below.

Fin plate joints are commonly used in the construction industry because of the ease of
fabrication, economy of construction asdsimplicity. These joints are designed to resist
shear force only as a primary force demand on the connections. However, when one or more
columns are rendered incapacitated in resisting gravity load due to an unforeseen event,
large amount of tensilerée are developed in the beam that subjects the bolting to tension.
UK is the first to adopt continuiBS5950 (2001ihrough the tying of structural members

to mitigate progressive collapse. However, relying solely on this recommendation to ensure

efficient mitigation of progressive collapse is risky.

Attempts to improve the understanding of the catenary effect on connection behaviour and
retrofitting approach has been intensified over the last few deag@640) Connection
response under colummmeval scenario has been a research focus in recent times. Some
studies can be found in the work donédy et al. (2012), Yang et al. (2015), Sadek et al.
(2012), Yang and Tan (201Zagse studies present a correlation between the applied load
and the orresponding displacement for a given connection type. Connection factors that
significantly influence the ledeformation behaviour of a given frame structure was
reviewed by Morrend Packer (1987), Cabrero and Bayo ( 2007), Cabrero and Bayo (2007).
These authors carried out an experimental and theoretical investigation into the behavioul
of 3D steel bearoolumn connections subjected to proportional loading. They proposed a
model to determine the stiffness of a talieeensional beaoolumn connectiowithin the

two principal axes. The behaviour of gayd connections depends on its geometric
configuration, material properties, applied forces, contact interactions between the
components under a given load condition. The interaction of connectiomeotspinder

loading conditions is complex and still an ongoing research process. Joint failure triggers
progressive collapday Y et al., 2010)The next subsection presents a brief review on

double web angle connection.
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2.7.1 Double web Angle connections

The components of double web angle connections are the column, beam, two angles, bolts
and nuts. Different configurations can be achieved using these connecting elements. Bolte
top and bottom seated angle connection are made by bolting the top tlaadgead to

the top flange of the column. Similarly, the bottom flange of the beam is bolted to an angle
that is bolted to the column flange. Recent experimental and numerical studaexi(Yang
Tan, 2012bjlemonstrate that significant deformation goveitasdoangle connections. In
addition, at the deformation stage, the connection possesses some level of tensile resistan
contributing to the overall connection ductility and rotational capacity of the joint.
Consequently, the authors recommend that #utufe of a beagolumn component

should govern the ultimate resistance of the connedtioet Kl. (201&hows a hysteretic
behavior of bearoolumn angle connections in steel frames. The top and seated angle
connections were modeled by the compemasetd mechanical approach using the-force
displacement formulations for angles, shear panel zone, nonlinear contacts and slippage
They attempt to predict the momemwtation behavior of connections under cyclic loading
conditions relative to experimenasdults.Garlock et al., (2008arried out a series of
experimental test to investigate how angle size and bolt gage length affect the connectiol
stiffness, strength, energy dissipation capacity and resistance to low cycle fatigue. It wa
observed that gies had an inherent pgstld stiffness that is approximately linear and
included geometric and material hardening.

2.7.2 End plate connections (Header, Flush and extended)

Bolted end plate connections have gained wide use in the construction industiy because
requires less supervision, has a simplified geometry and a shorter assembly time relative
welded plateSherbourne and Bahaari,199%e basic three forms of bolted giate
connections are Header, Flush and Extended end plate connections &s ahgpical

connection below{gure2-8).
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Figure 2-8  End plate connection types
For header plate conniect, the plate height depth is less than the depth of the beam. The
flush end plate connection has an approximate plate height equal to the depth of the bean
while the extended plate bolted connection has a plate height which exceeds the height o
the beam The choice among these options depends on the strength and stiffness
requirement of the connectioBsse et al. (1997Predicting the behavior of bolted-end
plate connection has been an area of research investigation over the last few decades.

This canection types are often designed to resist shear forces and are adopted for simple
connection design in practice. The end plate thickness significantly affects the response o
end plate connections. Studies carried aldriins et al. (1986)d descrigd inShi et al.
(1996)show that for connections having a thickness less than 15mm, yielding of the endplate
is the determinant failure moddso, plastic deformation of the endplate significantly
contributes to the ductility and rotational capacitheofconnection while connections
exceeding a thickness of 20mm, the failure mode are governed by bolt fracture. Some
researchersSfierbourne and Bahaari, 1997; Sherbourne and Bahaadet8@ped a
simplified approach to 3D simulation of beam columfplate connections using brick
elements by assuming continuous connections between the nodes of the bolt head, nuts an
the nodes of the plates. This approach simplifies the relative motions between the
components of the connectiohdey et al(2000)caried out 15 full scale experimental
investigation into the behaviour of extended end plate connection under cyclic loading

conditions. Effect of geometric parameters such as the beam size, bolt layout and end plate
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thickness and stiffeners were asselseds observed that extension stiffeners improved

the ability of the endplate to dissipate energy with an increase in connection rotation capacit
at yield. In addition, plate thickness and stiffeners increase the flexural strength of the
connections. fer careful assessment of existing equations used in literature to predict the

thickness of the plate, a new proposal was then made to predict the plate thickness require

within 13% variation.

2.8 Connection models

Researchers are developing a numeralaap to predict connection response through
simplified numerical models (Yu et al., 2009; Simdes da Silva et al., 2001). Connectiol
behaviour significantly depends on the geometric configuration, material properties and loac
application. The accurate rerioal approach in predicting segid connection behaviour

is a difficult task. However, developing numerical equations to reasonably predict
connection behaviour through curve fitting data has been developed based on three commor
models: polynomial rdels, exponential models and power models (Abolmaali et al., 2005).
According to Shi et al. (1996), these nonlinear moments formulation is widely accepted in
existing literature because the parameters are based on experimental results. Nonethele:
Chen ad Kishi (1989) observed that some of the numerical formulations are sophisticated

in its application.

Models based on the initial stiffness as a critical parameter of the -notaton
relationship are relatively easier to use although the key aériesitsiodel as observed

by Chen and Kishi (1988)its lack of suitability for a broad range of rotations. An extensive
review on predicting the momeatation relationship based on derived equations from
computational modelling and experimental iigadisins has been carried Giten and

Kishi (1989)

In recent times, there is an evolution on assessing the behaviour of connections in
determining its momendtation relationship and improving the predictive empirical
approach in existing works of ktierre. MohamadiShooreh et al. (201Bveloped a three
parameter predictive model to determine the memwation relationship of a beam to

beam column connectidlohamadiShoore and Mofid (201dresented a comprehensive
review of the various modets existing literature and equally proposed a predictive

exponential model for a bolted gadte connection.
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Analytical models are based on the principle of structural analysis using equilibrium of forces
compatibility criteria, and material constgutelations. The aim is to predict the rotational
stiffnress U and the momenbtation of the connectiod ; of a joint due to its
geometric and mechanical properiesits and demerits of the various types of models
(Empirical, informational, mechanical and numerical) have been reviewed kstbé wor
Diaz et al. (2011)Classification of joints based on strength, ductility and stiffness using
experimental and theoretical data can be found in the wBjishovdeet al. (1990)he

following subsections reviews the fundamental principlegpplchtion of some of the

common models developed to predich the—relationship in beagolumn connection.

2.8.1 Polynomial Models

A typical polynomial model (Yaead Melchers, 1988 based on aon dimensional
representation as shown in Equad8 This model is used in predicting the moment
rotation behaviour of given bolted connection based on some correlated geometric
parameters. The disadvantage of this model as obse@rezhland Kishi (198@jasthat
the derivative of these expressions should represent the connections stiffness which may b
negative or hasome discontinuity which does not reflect the reality of the connection
stiffness. The constants C1, C2, and C3 represent the curve fitting data as shown in Equatio
2-13 while K is the standardised parameter that is a function of the geometrical and
meclanical properties of the connection.

— 6800 06 0O 6 0O 213
Based on the limitation of this modalizinamini A et al. (198%oposed a new differential
formulation to correlate the paramd€ggeometric parameters ) and the curve fitting
parameter 2B). (Equati on

6 6 0 0 8880 014

The K value depends on the thickness of the platethe thickness of the column
flange 0 , the depth of the beam and the hteit spacing defining the depth of bolt
connection’Q . This model was used in the reliability based design approach carried out
by Hadianfarénd Razani (28Dto assess the behaviour of segml connections on steel

frame structure. On the other harf@rabha et al. (201@9ed this approach to evaluate the

behaviour of connection flexibility in steel rack. Other polynomial models in literature are

found n Picard et al. (1976).
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2.8.2 Power Models

The power model can be expressed in the form of a quadratic function with the form

cw where the variables y and x are related to the parameter n. However, the relationshig
between the moment and the rotation takes the form of a radical or fractionalApattern.

and Morris (1984)ower modelwas originally developed by Ramlégsgood as shown in
Equation2-15.

2-15

-----

rotation,variable moment, arslape parameter respectivieighard R. M. and Abbot B. J.
(1975)ropose a threparameter power model with three independent variables (Equation
2-16).

p _ 2-16

Where) is the initial connection stiffnei§g; is the ultimate moment capaeitys a plastic

reference rotation © ¢ +y ; and n is the shape parameter.

2.8.3 Exponential model

The exponential function can be expressed as a correlation between two distinct variables i
which one of the variables is expressed as a power of a constant base of a natural logarith
(e) This constant parameter has an approximate vali@&#,2a typical expression using

this model can be written as  'Q . Other forms of exponential function are the inverse
exponential functiod & and the indefinitmtegral ® Q @.Chen, W. and Kishi,

N. (1989) derived expressiongiiomentrotation relationship using the exponential model.

2.9 Basic connection design review

Eurocode 3EN 19931-8 (2005)presents a design methodology for different kinds of
connections based on the geometric and mechanical properties of the components. This
approach iknown as the component based method. Thigatamt considerations are
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presented in Eurocode 3 which should be understood before the analysis of the frame

structure. It is the moment of resistatice, rotational stiffnessy; and rotation capacity

z for a typical characteristic a joint. The rotational stiffness in Eurocode 3 is obtained by
summing up the flexibilities of the necessary components. The code presentsve predict
approach for determining the stiffness coeffidertt from the beartolumn connection

components in order to obtain the overall stiffness of the connection.

2.10Review d current state of art in connection design

This section reviews relevant qurstudies carried out to enhance the robustness of high

rise structures through structural configurations, connection improvement and various
retrofitting method in mitigating progressive collapse within the last few decaéesl.
(2013)carried ouin experimental investigation into the behaviour of moment connections
under the column removal scenario. One of the tests had a welded unreinforced flange,
bolted connections while the other has reduced beam section connection. The connections
were subjeed to vertically increasing monotonic loading; it was observed, that flexure
dominated an initial elastic response. Increasing the vertical displacement resulted in th
yielding of the connection with the development of axial tension in the beanmereiaisé i

until the connection failed to a combined effect of bending and axial stress. It was then
concluded that the rotational capacities of the specimens tested under monotonic
displacement are approximately twice those recommended in seismic $¢stidatay

Yang and Tan (2012bgicate that increasing the numbers of bolt rows increases the load
carrying capacity and rotational stiffness of the connection, although it has a negative
conseqguence on the ductility performance of the conn&itienthe investigations carried

out, new proposals were made concerning the rotational capacities of simple connection:
incorporating catenary action resulting from progressive cdggaeval (1994¢veals

that the flush englate connection has a lowermentrotation as compared to the
extended englate connection. Furthermore, the author argued that little research work has
been done in flush end plate relative to the extended end plate and the design of flush enc
plate connection is based on traditiongpr act i ces as against des
the extended end plateu Y et al. (201Gtudied the influence of sengid connections

and local joint damage on the progressive collapse of steel framework.

They stated that sennjid conmctions are more vulnerable to progressive collapse relative

to the rigid frame structure, and axial capacity of members and connections play a significar
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role in resisting progressive collapse. Since there are limited or no text results on the axie
cgpacity of connections, the author limits its scope on structures and the gravity loads appliec
ignoring the effects of axial demands expected of the connections. They also discovered the
the damage to the joint due to failed members affects progrdtegpse ab the structure

and recommends further research work in this [fi@tgking the progressive collapse of
existing structures through strengthening is another important aspect of research
investigation as observed.ny(2010) Studies by Lui (201€hows that retrofitting existing

steel structures through the enhancement ofbalamn connection will limit progressive
collapse through catenary actMaggi et al. (200B)vestigated the parametric behavio

of endplate connection with a particéd&aus on the geometric behawviof endplate and

the bolt thickness. They authors suggest the need to ascertain the reliability of-applying T
stub theory for extended endplate by using the equivadémbsTand the yield lines.
Mohamadshooreh and Mdafi (2008)presents a parametsitidyof end plate connection

using a finite element method. The objective of the investigation was to assess the initia
stiffness based on a wide range of geometric variables of the connection using regressio

analysis.
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Chapter 3 Progressive collapse modelling methods

3.1 Introduction

This chapter describes four techniques for performing column removal analyses and
investigates the influence of column removal time on a structural response. The duration of
column removal is a parammetemmon to the four techniques evaluated in this chapter
using a ten storey moment resisting frame structure. Preliminary investigations carried ou
by the author based on these objectives has been presented at international conferences a
published in@nference proceedings (Stephen et al., 2011; Stephen et al., 2012). Feedbac
from these conferences have been implemienteel thesis

It is well known that the maximum dynamic response of a structure (deflection or rotation)
depends on etohues 0®6 ionfsttamdg aoaol umn r emoval
recommendations for the maximum column removal time. The recommendation states
that: 66 While it is preferable to remov
duration for the removal must less than ontenth of the period associated with the
structural response mode for the vertical motion of the bays above the column, as
determined from the analytical ({GS8AR@LB). wi tF
In a progressive collapseygnbuilding codes are moving towards threat independent load

cases for design (single column removal with reduced gravity loads).

There are six sections in this chapter; each section acts as a building block towards th
objective of the research invettan. A brief description of each chapter is presented
followed by a detailed introduction. The introduction is chapter specific which sets a
background for the study. At the end of this chapter, basis for choosing a column removal

time and a modellingctenique for progressive collapse is established.

Section 3.2 This section of the chapter introduces a 3D model used fovekggation
The material properties, study location within the model and the applied loads are discusse

under subsections wittlms section.

Section 3.3 This section critically reviews and explains the concept of a sudden column
loss using four possible techniques including the approximate method. Each subsection
explicitly describes a modelling technique concept and someheese@ho adopt that

approach.
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Section 3.4 This section presents the results of the analysis of column remova) time (R
within theOBbangerel 0OimLORry 4On\We Dt0ilg dtaiso
1% impact on the joint deformation response while column removal time greater than 5 has
no significant effect on structural respq&ephen et al2013) Congquently, for the
purpose of this studies, th@®5sangdeobubse
within this section present the results using the edge, corner and interior locations using the

four techniques described in section 3.3.

Section3.5 This section compares the modelling technique and to assess how this
modelling technique affects the response of the structure using the displacement and

rotational response of the structure.

Section 3.6 This section summarises the findings and theusions from the results
and equally establishes the basis for subsequent investigation of other chapters. Conclusiol
drawn from these studies determine the column removal time and the time history function

to be used for the next chapter.

Introduction:

Over the last century, researchers in structural engineering have adopted different modellin
techniques to model the removal of critical structural members. The method utilised depends
on the finite element code used for the investigation. Thatagsvaodelling techniques

are used in existing literature to model a sudden column loss since no unified procedure i
recommended and acceptable by all design codified bodies. Current cguide|sres

such as GSA 2003, D@005 and Eurocode 1 did ngpécitly define a modelling technique

for progressive collapse assessment or-bdisee assessment for sudden column loss.

Another important global recommendation in codes and design guidelines for progressive
collapse assessment states that strushoekl be capable of bridging over loss columns.
Therefore, to simulate the behaviour of structures under this condition, researchers adopt
various modelling techniques and different column removal time for progressive collapse
evaluation. Furthermore,etie has been a constructive argument for and against the
implementation of the dynamic amplification factor (DCR) recommended in GSA 2003.
This ratio defines the maximum nonlinear dynamic response to a maximum nonlinear static
response. The argument cobkl viewed from the application of different modelling

techniques and the column removal time. The constructive evaluation of these arguments
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requires a consistent modelling technique and column removal time lapse during researcl

investigations.

Advancemat in finite element analyses and the development of software applications
capable of capturing complex engineering behaviour makes the finite element analysi
method an attractive tool for engineering analysis. Some finite element analysis codes use
for progressive collapse assessment are ABAQUS, LYS DYNA and, SAP 2000. These
software applications can be used in modelling sudden columns loss for progressive collaps
assessment. SAP 2000 can capture different ways of modelling sudden column loss and c:
be utilised for various techniques relative to other research softwares. Hrisndser
specifically designed to suit structural engineering problems and is not a multidisciplinary
researctbased software application such as ABAQUS or LYS DYNA. Tree&A® 2000

is used for the purpose of these assessments.

This chapter focuses on two key issues identifi€anbgt al. (2009)hich mentions that

the modelling technique and the tlapse for column removal significantly affect the
response of the sitture. Therefore, in this chapter the extent at which these factors affect
the response of the structureOi §.&svalwast
for the assessment at three different locations within the structure with the enbwvah re

time treated as a random variable. At the end of this investigation, a correlation of column
removal time to the period of response of the structure in the vertical vibration mode is
proposed. In addition, modelling techniques at constant colunvaréme are compared.

Based on these responses, a proposal is made for modelling sudden column loss fo

progressive collapse.
3.1.1 Research assumptions

The following reasonable assumptions are made from existing literature, design guideline

and software maals:

1 The column is removed over a period of 2ms with 5% proportional damping factor
Fu (2010)

1 The column removal time is less than a tenth of the period of the structure in the
vertical mode under column removal sce@&sild (2013)

1 Fast Nonlinear AnalygiSNA) method is used for nonlinear dynamic evaluation of
the structural system because it is well suited for time history analysis and
recommended ovelirect integration applicatiofhgps://goo.gl/ruOcih).
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3.2 Structural and material model

For thepurpose of this investigation, a ten storey moment resistant building was used as
shown irFigure3-1. The model was built using a commercially availabkpunptise finite

element program, SAP 2000. The fraomsists of five spans along tkexis of 6m in

length and four spans along tkexis of 4.5m in length. A constant storey height of 3.5m
was adopted. The structure was designed based on the provision of Eurocode 3, 2005 usin
SAP 2000.

|u| i l!lll 1177}

Figure 3-1 3D model of steebuilding
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Figure 3-2  Stress strain curve for steel and concrete (SAP 2000)

The structure was signed based on the provision of Eurocode 3, 2005 using SAP 2000.
The beam section along thaxys is 406 x 140 x 39UB while 254 x 102 x 22 UB is used
along the saxis. The column section from the ground floor to the fourth floor is 305 x 305

x 198UC, fom the fifth to the seventh floor it is; 254 x 254 x 167 UC and 203x 203 x
60UC from the eighth to the tenth floor. The slab is modelled using shell elements with a
thickness of 130mm. The modulus of elasticity of steel and concrete iSN/MO® 2dnd

24.86 x 1/mm? respectively. Strestgain properties of the material is presented in
Figure3-2.
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3.2.1 Study locations on the model

These locations are the edge column removal scenario (ECRS), corner column remova
scenario (CCRS) and the interior column removal scenario TB&®).locations are

shown on the floor plan of the building=igure3-3. The edge column located on grid A

and the interior column located oid gc are the study positions. At each of these positions,

the four modelling technique groups described in the subsequent section of this chapter wer:
evaluated. The first stage is to assess the extent at which the time lapse dgfjned by (
signifcantly affects the response of the structine second stage is to use the time lapse

from the first analysis to compare structural responses based on different modelling

techniques.
s . H * i 1
D :fl H # i T T [
Ot H D ‘ E |
B irl # " " T T 0
_.}-:‘ A,:I® T @ T I
Y oq 2 3 4 5 6

Figure 3-3  Floor plan study locations

3.2.2 Load application (GSA 2003)

The dynamic loading condition was based on the provision of GSA 2003 as shown in
Equation3-1 and Equatior3-2 for siatic and dynamic analysis respectively. A factor of 2.0
as shown in Equatidil accounts for the dynamic amplification factor and the acceptance
criteria is based on the demand capacity ratio defined in Eggdtiostatic analysis. GSA

2003 limits theumber of storey building to tBoors for linear static analysis.

0 ¢ ©O0 M 0o 31

0 00 ¢ 0 0 32
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Where the demand capacity ratio (DCR) is the acceptance criteria, AF is the acting or applie
force on compnent or connection which could either be moment, axial force, ofishear.

is the static load combinatidn, is the dynamic load combination, CE is the ultimate un
factored capacity of the component or connection which could be moment,caxsaddo

shear. For the purpose of this investigation, the slab thickness is assumed to be 130mm, th
unit weight of concrete to be 23.6kN/merimeter wall loading of 15kN/m excluding the

roof level. The assumed dead and live load on the floors is 4 2kMfn3.0kN/nd
respectively.

The column internal forces and the gravity loading are defined by the time history function
path of PVM and N which are discussed un
The gravity load (N) and the internal foré84\) representing the removed column is
hypothetically assumed to follow the time history paths wileaiting is shown in
Equation 2.

3.2.3 Removal of Load bearing elements

The removal of load bearing member must ensure a beam to beam continuityeacross th
removed column. The principle is shown in

Figure3-4

Figure 3-4  Alternative Path Method(DoD 2009
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3.3 Concept of sudden column removal

This section briefly describes the various modelling techniques for progressive collapse

assessment. The four technsgale described in subsequent subsections.

3.3.1 Technique one: Sudden removal of internal forces

Figure3-5 is a twedimensional portal frame used in illustrating the concept of modelling
sudden column loss using #yproach. The first step is to determine the internal forces in
the column using static analy=igure3-5 (a) below is the initial state of the structure with

the proposed column to be removed under graeitinip condition. The column to be
removed suddenly is replaced with the internal forces determin&wtre8-5(a) while
Figure3-5(b) represents the state of thectme with the internal forces. The principle of
modelling sudden column loss based on this technique is to ramp the internal forces to zerc
over a short duration. It is also possible to consider the stability period at which internal
forces of the columimalances the gravity loading before it is ramped to zero. Hypothetically,

this idea captures the sudden removal of a column under gravity loading condition.

Ny Ni
2 P PVM

bl

bl

by

FRRR!

wa H%H&H \

EREE!

a)

Figure 3-5

S

Removal of internal forces suddenly

Figure 3-5 (c) is a time history function for modelling the removed column without

considering thequilibhrium duration {Sof reacting imtrnal forces and gravity loalds.

this case, the magnitude of the internal forces from the column is applied at the node of the
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removed column and ramped to zero over a time lapsEh@Rapplication of Function 1A
can be found in Kokot et al. (2012)

The maximum joint displacement and rotation response are the criteria adopted for these
investigation. Similar procedure is also consideremime3-5(d) except that a constant
equilibrium duration )Sf 3s was assumed because within this time lapse, sudden column
loss is not activated. It is chosen to ensure that an equilibrium is reached interacting the

gravity loading to the reactive intecotimn forces.

3.3.2 Technique two:  Sudden application of gravity loading

This method is a conservative approach to modelling sudden column loss due to unforeseel
circumstance. This approach is conservative because sudden application of gravity loading
not the same as sudden removal of column. Sudden removal of column from analytical
perspective requires diminishing of the internal forces of the structural member to be

investigated over a very short duration.

One of the key assumptions of this approachaissudden application of gravity load
without the 66removed columndd captures
collapse. Some research¥tassis et al. 2009; Vlassis et al. 2008; Tsaia2opO)this
conservative approach because it daeonsider the column removal time and its ease of
application. However, this approach could be modelled to consider the time lapse at which
the maximum gravity load is been applied to the structure. In addition, it can be argued that
some unforeseen everdffect the structure over a fraction of a second while others take

longer time.

A typical 2D portal frame as showirigure3-6 is used to illustrate the concé&pgure3-6
(a) is the initial state of the structure under gravity loading conditions. The model is replicatec
without thed mi s s i as ghovn aRligure®-6 (6).
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Figure 3-6  Sudden application of gravity loads

Figure3-6 (c) is the time history function that is used in modelling the gravity Ipéal (
conservatively capture the instantaneous loss of the ictdtuom as illustrated in
Figure3-6(a) andrigure3-6(b). Figure 8(a) is the state of the structure in its original state
whileFigure3-6(b) is the second stage when the column is deleted or the structure modelled
without it. It is important to note the two paths defineBigure3-6(c). There are two
similar ways to address thigrfaf loading application, either using the UNIFTH default
function path defined by2 O or using a customised path defined-Byj0. For the

default function path, the column removal time is zero while the customised function path
enables #time history function to be defined. Since one of the objectives is to compare the
response of all these functions, the path define@-By @& used in these siud he region

defined €, is the linear path at which the gravity load is appttesl structure as shown

from the origin of the ploE{gure3-6(c)). This region defines the column removal time R

The application of #approximate method is the concept used in Imperial College London
using he software (ADAPTIC). This method is applied becausésabinputationally

efficient For this approach, there is no need to model the sudden column loss using the
internal reactive forces because the sudden application of gravity load approximately

replicates the dynamic response of instantaneous column loss.

The load path defined by (0) to (2riglure3-6(c)has been used by some researbtadls

et al. (2011 simulate the inelastic and postbuckling behaviour of dimensional truss

system. The time lapse at which the load was applied to the structure was four times the
natural period of thstructure which is 0.024s.The value used for the time rise was 0.096s.

This is possible because the natural period of the structure was very small, this assumptio

52



may not hold if a 3D structure is investigated because it may likely not capture the inheren

dynamic response of the structure.

The initial investigation is to study the behaviour of the time history function for the range
0.000 BGBsRusing the path defined from ori

3.3.3 Technique three: Balancing of gravity to reactive forces

This method is the most widely used approach by researchers and is illistr§2€d 8)
The concept of sulen column removal using this technique requires a balancing technique
between the gravity load and the internal forbesconcept is illustrated using a 2D portal

frame show ifrigure3-7.

n Na Na

v, 4
H\H,JHL\I,/J, H¢¢¢%¢¢¢ a

/ / >
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Figure 3-7  Balancing of gravity to internal forces

Part (a) denotes the equilibrium state of the structure at initial condition under loadings. Part
(b) shows the application of the stress resultants (PVM) to represessitigg column.

Finally, part (c) is the time history functions which show the path of the internal forces and
the gravity load increasing linearly up to the maximum time period called stability) period (S
This is then kept constant over a periQd@ae diminishing the internal forces to zero

to simulate the sudden column loss while keeping the gravity load constant.

The gravity load and the internal forces are increased linearly from zero, the origin of the
time history function curve to their respectnaximum values as defined by (oa) and (ob)
respectively. The points (b) and (c) on the internal forces path defines the time lapse at whicl
the internal forces is diminished to zero. Although, some researchers could use this time
period to ensure statequilibrium state of the structure before it diminishes to zero which
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still gives rise to the same result. The valuedbeR e r mi n essu d@ENGhioo w0

removed and this affects the way the structure response.

3.3.4 Technique four: Opposite appliedcolumn forces

This method is not a common, it is a proposed technique for modelling sudden column loss
using the time history function. The 2D portal frame structure is used to illustrate the
principle that surrounds this method. The structorgisally analysed for static forces and

the internal forces for the proposed column to be removed is determined. The initial state
of the structure is shownHigure3-8(a).
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Figure 3-8  Balancing gravity to internal forces suddenly

Figure 3-8(b) is a proposed modelling technique in which the internal reactive forces
represeting the column is equally applied in the opposite direction as action forces. Part (a)
represents the state of the structure under gravity loading defined by GSA 2003. The mode
is analysed statistically, the stress resultants from the column to && aeer@corded and
applied at the nodal point from the top and bottom of the node having the same magnitude
but opposite in direction as shown in part (b). The internal force applied at the top are
modelled as a time history function as shown in pakt (€}, the structure in part (a) and

(b) is the same. After a time) (Bhe stress resultant (P1V1M1) at the top cancels the effect

of the stress resultants representing the column (PVM) to simulate sudden column loss.
Different values forRould be dopted, therefore the next section is aimed at assessing the
effect of Ron structural response within the ralige0 0 10 O5s .R Thi s appr «
found in the progressive collapse studies carried out on a single degree freedom system

Buscemi and Marjanishvili (2005).
54



3.4 Results of column removal time (B on structural response

This section presents the reswbtained in investigating the effect @f ¢R structural
response within the range. 0020 05s.R The four groups of
assessed to study the extent at which the column removal time affects structural response
The results fothe three column removal locations are presented in the following order:
edge, corner then the interior. A brief description of each study location is given before the
presentation of the resufigiure 3-9 showsthe location of the column removal. The
removed column has a label of 31 and is connected to Beam 561 and Beam 571 at the firs
floor.

Z
L,
t

b b o b o

Figure 3-9  Cornercolumn removal location(CCRS)

The scope ofthissstdy i s wi t hi nO5tsh ea sr adnegsec r0i.b0e0dl (pR e \
investigations shows that for column removal less than 0.001 s, the response remains th
same. For column removal time greater than 2s, the variation of structural response is les
than 1%. Consequently, the study is defined with the scope 0.001s up to 5s. Within this time
range, selagetime points were used and the dynamic response of the structure with time

is plotted at each column removal time.

3.4.1 CornerColumn Removal ScenarigCCRS
Technique one results

This technique has been described in section 3.3.1. The result of the invéstigation

presented ifrigure3-10 and Figure -31 for displacement response of the strucithre.
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maximum displacement is 120.17mm for Function 1A. A linear response is observed from
0.001s to 0.111s at which the dynamic response gradually begins to diminish to static
response. Th@aximum rotation of the joint is 0.0097 r&ugufe3-11) which occurs after

2s. At 0.111s up to 2.31s, the rotation stabilises from 0.0058rads to 0.0097rads and remair
stable thereafterBeyond 2s, the dispéament and rotational response of the structure
remains constant up to &sing this time loading function to model sudden column loss

requires a careful assessment of the column removal time.

140-

_ V S =(2.31, 120.17)
120+

100

8031 T =(0.111, 77.6)

60-

40-

Displacement (mm)

1
20-

Time (s)

Figure 3-10 Displacement vs time (Function 1A)
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Figure 3-11 Rotation vs time (Function 1A)
A horizontal tangent drawn up to the y axis, shows that atrasxiheum response of the
structure is obtaineBigure3-12 andFigure3-13shows the displacementd rotatiorof

thebeamcolumn connectionnder varying column remotiaie (Function 1B)

Model Logistic
60 _ y = A2 + (A1-A2)/(1 + (x/x0)"p)
Equation
Reduced 11.8735
50 _ Chi-Sqr
’E‘ Adj. R-Squar 0.98145
) Value Standard Error
.E . 40 - Displacement Al 57.86296 1.42057
4+ Displacement A2 -0.7556 1.70662
qc_) 1w Displacement X0 0.14733 0.0135
E 30 . Displacement P 1.73533 0.22101
(e} Displacement EC20 0.06627
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ref 20 ] Displacement ECB80 0.32751
§< ] T =(0.19, 20.5)
()] P
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Figure 3-12 Displacement vs time (Function B)
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0.004 Model Logistic
) y = A2 + (A1-A2)/(1 + (x/x0)"p)
Equation
O . 003 Reduced 2.98714E-8
Chi-Sqar
Adj. R-Square 0.98553
O - 003 Value Standard Error
—_ Rotation Al 0.00372 7.56664E-5
(%2} 0.0025- Rotation A2 3.74841E-4 8.23361E-5
_% ) Rotation X0 0.10463 0.00825
= Rotation p 1.65984 0.20534
: 0.0020+ Rotation EC20 0.04539
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Figure 3-13 Rotation vs time (Function 1B)

The response pattern is different from that of Function 1A. As described earlier, Function
1B considers the stability period of 3s before the column removal time while Function 1A
does not consider that.

From the displacement response of FoncfiB Figure 3-13 within the time range
0.00a053R it is obseOOe@lshathéovadDi A0LOR i
less than 1%. Therefore, column removal time from 0.001s up to 0.01s, replicates
approximate structural response for structural Bnalyd subsequent design output.
Drawing a tangent from the maximum displacement and rotational response, it is observed
that the turning point ¢J at which the structure begins to stabilise from dynamidcstat

static state occurs approximately as@dréesponding to 20.4mm and 0.0014 rads.

Beyond the turning point {jTup to 1.76s, the structure stabilises to a static state. It is
observed that the displacement and rotational response of the structure are not affected b
an increase in column remidirae beyond 1.76s. Using a column removal time from 0.001s

to 0.01s gives the maximum response of the structure which could adequately capture the
worst scenario such as bomb explosions. The correlation of displacement to time is shown
by Equatior8-4 while Equatior3-5 relates rotation to time.
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Equation3-4 and Equatior8-5 are the derived correlation between the column removal

time and the dynamic anotational response of the structure. Whetie the dynamic
structural respons®, is the rotational response of the structure™ands the column
removal time. These equations were derived from the curve fitting data which was obtainec
by carrying out several iterations to ensure it approximately fits the data points. Knowing the

value ofY , the dynamic displacement and the corresponding rotation can be obtained. The
next results is the outcome of using technique two.

Analysis and décussion of results for technique two

This section presents the analytical results obtaineesiigating the response of structures

under sudden application of gravity load based on thbisitmey function described in
Section 3.3.2.

Model Logistic
130 . y = A2 + (A1-A2)/(1 + (X/x0)"p)
E
quation
120 Reduced 4.96115
— Chi-Sqr
Adj. R-Square 0.99266
E 71 Value Standard Error
_ Displacement = Al 128.7607 0.84434
— 1 lo Displacement = A2 72 0
[ 4 Displacement = X0 0.11026 0.00404
[<B) Displacement P 3.1074 0.32405
— Displacement EC20 0.07058
100 p
8 | Displacement EC50 0.11026
S Displacement EC80 0.17225
= 904
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a 1 L—"
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704 \ = = ]
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0] 1 2 3 4 5

Time (s)

Figure 3-14 Displacement vs time (Function two)
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0.01

Model Logistic
Equation y = A2 + (A1-A2)/(1 + (x/x0)"p)
Reduced 3.34438E-8
0.00 Chi-Sqr
Adj. R-Square 0.98795
,a Value Standard Error
Rotation Al 0.00917 7.66038E-5
=] b
Rotation A2 0.00535 8.40614E-5
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Figure 3-15 Rotation vs time (Function two)

The equation describing the variation of displacementtatioinrto time is shown in
Equation3-6 and Equatior3-7 for Figure3-14andFigure3-15respectively.

VO
$ X V-
P ®pn 36
T8t T o
2 TBITTLU O8 - ;lJ
0 Y 37
T PP
Mathematically
L. 8
Takirg | Elp ra =0, [By=128.76mm] 38
o 8 39
Taking | Elp - =0, R=0.0092rads

The eyression of EquatioB8 and Equatior3-9 arethe limits of the functions as¢R 0 |,

the maximum dynamic displacement and rotational response is 128.8mm and 0.0092 rad
respectively. From the displacement time response of technique two, the maximum
displacement is 128.8mm which occurs at 0.001s. Taking a tangent through the data point
on the vertical part of the curve of the displacement response shows that thaotatning

of the curve occurs at 0.19s. There is no significance change in the displacement for columi

60



removal time from 0.001s up to 0.01s. At 0.19s as shown on the displacement time curve
structural stabilisation occurs, and the graphs begins to drifitio state. From 0.19s up

to approximately 1.5s, the dynamic effect of sudden column removal diminishes to a static
state. Beyond 1.5s up to 5s considered for the studies, it is observed that increase in colurr
removal time does not affect the respongheoétructure. The dynamic response of the
structure for this time loading function occurs when the column removal time is less than

1.5s while the critical ©@®.l Q. removal r

Analysis and discussion of results for technique thee

This section investigates the response of the structure based on technique three described
Section 3.3.3 of this chapter. Huiilibriunperiod (Y) of 3s was assumed throughout the
analysis while the column removal timejaR varied from Qs to 5s. The displacement

and rotational response of the structure is presenteure 3-16 and Figure 3-17
respectively.
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Equation
120 Reduced 4.79623
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Figure 3-16 Displacement vs time (Function 3)
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Model Logistic
Equation y = A2 + (A1-A2)/(1 + (x/x0)"p)
O . 008 Reduced 3.17176E-8
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Figure 3-17 Rotation vs time at CCRS (Function3)
The maximum displacement is 123.4mm and itsoet0.001s. A tangent from the
maxi mum di splacement through t heocdusstaa p o
0.18s corresponding to a displacement of 84.7mm. From the dynamic displacement
response, it is observed that a tangent drawn thhauggrtical points, at 0.18s the structure
begins to change state from dynamic to static state. From 0.18s to 0.64s, it could be viewe
as the transitory phase where the structural dynamic response diminishes to a static state.
horizontal line is dravthrough some of the data points and, a tangent on the curve indicates
that at 0.64s up to 5s, column removal time has no effect on the column removal time. The

static response remains approximately constant at 71.2mm corresponding to a time range c
0.64O RO5 s .

The maximum rotational responses of the strustld@87rad§igure3-17). The rotational
response shows a similar trend in the rotational response of the structure. A tangent througt
the vertical datpointsshows that the turning point is at 0.14s. From 0.14s to 1.6s, the
behaviour of the structure begins to diminish from a dynamic state to a static state. Beyonc

1.6s, the column removal time has no significant effect on the rotational response of the
structure.
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Equations3-10 and 3-11 are derived from the curve fitting dataFajure 3-16 and
Figure3-17. This equation correlatie dynamic displacement response with time, and the
rotational response with time. This correlation can approximately predict the displacement
and rotational response at any given column removal time. The peak or maximum respons
of a structure occurs wh the column removal time tends to zero. At this point, the
maximum rotation and dynamic displacement is expected to occur. Mathematically, this car
be expressed as:

< .. 38
Taking | Efp ——  =0,Dy=712+52.17 = 123.37mm 312

313

N 8
Taking | Elp - =0, R=10.00531 + 0.0034 = 0.0087rads

Analysis and discussion of results for technique four

The next plots show the response of the structure to varying column removal time based on
technique four (Section 3.3.4). The result for this time history function is presented for
displacement and rotational respongegare3-18andFigure3-19. A curve fitting plot of

the data points correlate the column removal time with the structural rdspotiss.
technique, the maximum displacement and rotational response of the strLl@furenm

and 0.0103rads.
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Model Logistic
140 Equation y = A2 + (A1-A2)/(1 + (x/x0)"p)
Reduced 4.31278
130— Chi-Sqr
—_ Adj. R-Square 0.99427
E Value Standard Error
= 120 Displacement | Al 137.67547 0.78541
Nan”’ Displacement A2 78.69309 0.83849
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Figure 3-18 Displacement vs time (Technique four)

From the graph of displacement against time, the turning point on the curve is 0.167s on the
vertical axis. At this point, the dynamic response of the structure begins to diminish to a

static state which starts at 1s. Beyond 1s up to 5 s, the increase in column removal time doe
not affect the response of the structure. The transition phase frormmi dyaiz to a static

state occurs between 0.167s to 1s. The rotational and displacement response exhibits a simi
pattern. The turning points for a tangent through the data point for the rotation occurs at

0.18s.
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Model Logistic
. y = A2 + (A1-A2)/(1 + (x/x0)"p)
Equation
Reduced 4.83142E-8
001 | Chi-Sqgr
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Value Standard Error
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Figure 3-19 Rotation vs time (Technique four)

Beyond 1.11s up to 5s column removal time does not impact on the respdhsge of

structure significantly.

$ X & w 3
-
TBUTTT
2 TBITTQ 0P N 3
P T™® C W

314

3-15

The correlations between the dynamic displacement and cetnovalrtime is derived

from the curve fitting curve as shown in Equaitd while the rotational response relate

to column removal time is shown in EquaBd®. Mathendically, taking the limits &f

and 2 for the worst scenario of column removal timeptagimumdisplacement and

rotation of Equatiol-16and Equatioi3-17 are obtained.

Taking 1 _E ip

Taking 1 _E ip

8

8

=0, Dy=78.69 + 59 = 137.7mm

65

=0, R=0.00631 + 0.0034 = 0.0097rads
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3.4.2 Results of EdgeColumn RemovalScenario (ECRS

A similar analytical process as carried out focdimer olumn removal scenario was
repeated for thedgecolumn removal scenartogure3-20shows the location of tleelge
column removadcenario awvhich all the techniques are assessed.
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Figure 3-20 Edge column removal scenario (ECRS)

This section presents the results obtained using edge column removal scenario (ECRS) fc
technique one (Secti8rB.1).The results due to Functionslpresented for displacement

and rotational responseFigure3-21throughFigure3-24
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Figure 3-21 Displacement vs timeat ECRS Function 1A)
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Figure 3-22 Rotation vs timeat ECRS Function 1A)
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Figure 3-23 Displacement vs timeat ECRS(Function 1B)
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Model Logistic
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Figure 3-24

Rotation vs time(Function 1B)
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The maximum displacement and rotational response~usrigpn 1A are 114.3mm and
0.0106 rads respectively whilmdtion 1B responses are 49.6mm and 0.00372rads. For
FunctionlA, the turning point began at 0.103s, and the structure stabilisesfFarltird’s.
rotation, he turning point () began at 0.079¢hile it stabilises at 1.98s. Compatheg
response of Figure 1A and Figure 1B show that the response paths are dlitere

equations describing the displacement and rotational response of the str&aturgdior
1B isshown in EquatioB-18and Equatior3-19.

pdrtmo
v 3 318
P oo

$ 1@

TBI T O X
vy 8 319

2 T8 T T TT -8

P ®co
Where [) is the dynamic displacement,Rthe rotational response (radians)s fhe

column removal time.

Technique two results.

Function 2 is a modelling approach for technique twaethisique haseen discussed in

section 3.3.2ZT'his approach is an approximate method at which the removed column is
modelled as sudden application of gravity load.

Model Logistic
130 . y = A2 + (A1-A2)/(1 + (x/x0)"p)
Equation
. 31.03701
120 Reduced Chi-Sqr
Adj. R-Square 0.95757
—_ Value Standard Error
= 1 10— Displacement Al 128.2 2.05918
o Displacement A2 68.4 2.30345
— Displacement x0 0.14758 0.01616
% 100_ Displacement p 3 0.65696
E Displacement EC20 0.09297
FeT) T Displacement EC50 0.14758
i EC80 0.23427
% 90 _ Displacement
%3 ]
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704 = \ 's///:/ - - -
60 : . . . : . . . . ,
Time (s)

Figure 3-25 Displacement vs time at ECRS (Function 2)
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Model Logistic
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Figure 3-26 Rotation vs time at ECRS (Function 2)
The displacement of the joint due to Function 2 is shown

Figure 3-25 The turning point for Function 2 using the displacement response is
approximately 0.19s, stabilising at 1s. Beyond 1s, it is observed that the structure stabilises
a static response. For the rotational response of the strilneurening point began at

0.14s and also stabilises after 1s.

The maximum displacement and rotational response of the structure using technique two is
128.2mm and 0.0115rads respectitagjyation 20 and Equation -21 describe the
displacement and attonal response of the technique two with respect to column removal
time.

3-20

8
N1
8

Y mdime u——— 321

8

Where Dis the dynamic displacement respovisis, the column removal time whilgsR
the rotational response of the structure.
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Technique three

This technique Isased on the prindgof stabili;ngthe gravity load and the column internal
forces to achieve equilibrium owetength otime beforesimulating the column removal.

Details of this technique has been descrilsgdiion 3.3.3[heresult of the study is shown
in Figure3-27 andFigure3-28

Model Logistic
120 Equation y = A2 + (A1-A2)/(1 + (x/x0)"p)
Reduced 22.76044
Chi-Sqgr
110- Adj. R-Squar 0.95642
—_ Value Standard Error
E Displacement Al 119.5 1.76972
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— [ ] [ ]
70 \ - - - .
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Figure 3-27 Displacementvs time at ECRS(Function 3)

It was observed that the maximum displacement and raltaéisponse of the structure is
119.5mm and 0.0106rads respectively. From the graph of displacement against respons
time, the turni@s poBetomdnigse, iisn dr. ORe |
not affect the dynamic response of the stridgtutiated by instantaneous column loss.
Similar trend was observed for the rotational response of the structure for technique three.
The turning poiOrts hvhs cah risnger ed .sa®R as t
the structure. Mathematicadlypressions can be derived that describes the path of the curve

for displacement and rotational response of the structure as a function of time is shown in
Equation 22and Equation-23
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Model Logistic
. y = A2 + (A1-A2)/(1 + (x/x0)"p)
Equation
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Figure 3-28 Rotation vs time at ECRS (Function 3)
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Equation 222 and Equation-33describe the curves for technique threevahable® ,

Y and'Y are the displaceamt (mm), rotation (rads) and the column removal time (s)
respectively

Technique four (Function four)

This methods describeéh Section 3.3.4The results obtained for the investigation are

presented ifrigure3-29 and Figure3-30 for displacement and rotational response of the
structure.
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Model Logistic
130 Equation y = A2 + (A1-A2)/(1 + (x/x0)"p)
Reduced 26.76979
Chi-Sqgr
120_ Adj. R-Square 0.96483
- k Value Standard Error
E 110- Displacement Al 129.7 0
) Displacement A2 68.32 0
E ) Displacement XxO 0.14188 0.01172
[<B) 100— Displacement P 3 0.51824
& i Displacement EC20 0.08938
@D Displacement ECS50 0.14188
g 90+ Displacement EC80 0.22521
o T
2 go{ g T,=(0.1,104.5)
- S = (0.92, 68.32)
70 = \ - - - =
60 : - - . - . : . : .
0 1 2 3 4 5
Time (s)
Figure 3-29 Displacementvs timeat ECRS (Function 4)
Model Logistic
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Figure 3-30 Rotation vstime at ECRS (Function 4)
At equilibrium of vertical and downward forces, column removal scenario is simulated which
sets the structure to a dynamic statee range of the column removal tirfYe) (s

0. 0 0.0% ®R maximum displacement and rotational response of technique four are
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129.7mm and 0.01167rads. The displacement curve and the rotational curve has a similz
pattern. The turning point agithe displacement curve begins at 0.1s to 0.92s at which the
structural response due to instantaneous column removal changes from dynamic equilibriun
state to a static state. Beyond, 0.92s column removal time does not affect the response
the structue as shown on the displacement response time plots. Similar response is observel
in the rotation verse time curve plots. At 0.17s, the dynamic phase diminishes to static
equilibrium state at 1s. When column removal time exceeds 1s, the conditionredconside
as a simple static ca8etangent drawn on the horizontal curve of the graph gives the

approximate rotatiowhich is no longer a function of the column removal time.

3.4.3 Results oflnterior Column Removal Scenario (ICRS)

This subsection presents the ltsqabtainedt the interior column location of the building

to investigate column removal tiffiee displacement response of the structure is used for
the evaluation, the rotation is not considered because of the compressive arching of the sla
which sigificantly limits the joint rotation due to column remoMaét is, the rotation at

the column removal location is negligible, therefore it is neglected.

Technique one results

The result of the study for the functions describ&eation 3.3.1 folCRS $ presentenh
Figure3-31 andFigure 332 fortechnique ond-or Function 1A, it was observed that the
pattern and response to column removal time differ from other functions. The maximum
displacement for Function 1 is 87mm, which occurred at 5s. The maximum displacement for
Function 1B is 40mm which occurs at 0.001s. The notion that the lower the column removal
time, the higher the dynamic structural response of the structure does not hold for Function
1A but it is valid for Function 1B. For both functions, the equilibridhe structure to a

static state begins at approximately 1s. For Function 1B, beyond 1s, the increase in colum

removal time does not affect the response of the structure significantly.
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Figure 3-31 Displacement vs. time at ICRSFunction 1A)
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. y = A2 + (AL-A2)/(1 + (x/x0)"p)
Equation
Reduced 10.46064
Chi-Sqr
30 Adj. R-Square 0.96961
Value Standard Error
- Displacement Al 40.05646 1.25772
204 Displacement A2 0.2 1.4668
Displacement X0 0.14999 0.01646
Displacement P 2.19164 0.38654
Displacement EC20 0.07968
10- Displacement EC50 0.14999
Displacement ECB80 0.28234
O+ =umm =  — - - -
T T T T T T T T
0] 1 2 3 4 5
Time (s)

Figure 3-32 Displacement of Function 1B vs. time (Technique one)
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Technique two results (Functon 2)

Figure3-33andFigure3-34is the detailed result for the technique described in Section 3.3.2
for displacement and rotational response respectively.

b Model Logistic
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Figure 3-33 Displacement vs timeat ICRS Function 2)
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Figure 3-34 Rotation vstime at ICRS (Function 2)
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Within ther an g¥¢050sQ the maxi mum di spl acement
0.000025rads respectively, and this occurs at 0.001s. Taking a tangent through the cun
fitting path of the plots, it is observed that the turning point for the displacement and
rotational response occurs at 0.2s and 0.07s respastivealyh i n  t h éY Q5asn,g e

column removal time does not have any significant effect on the displacement and rotationa
response of the structure.

Technique three results

This technique hagén described 8ction 3.3.3, itinvolves the gravity load (N) interacting
with the column internal reaction forces (PVM) at the joint to simulate cefunaval. The
displacement response of the structwgieas/nin Figure3-35

1054
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100 Equation y = A2 + (A1-A2)/(1 + (X/x0)"p)
o5 Reduced 3.41961
4 Chi-Sqr
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Figure 3-35 Displacement vs timeat ICRS (Function 3)

The maximum displacement response due to this technique is 99mm and this occurs a
0.001s. @king a tangent through the curve fitting curve, it is observed that the turning point
from the dynamics state began at approximately 0.16s. Beyond 1s up to 5s, there is n
significant increase in the dynanmYQ@5,r esp
column removal times do not affect the response of the structure significantly, therefore the
analysis approximately represents a static respgnses-36is the rotation of the joint
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using Functio 3. The maximum rotation is negligible, though the turning point is

approximately the same as the displacement response.

Model Logistic
000002 Equation y = A2 + (A1-A2)/(1 + (x/x0)p)
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Figure 3-36 Rotation vs time at ICRS (Function 3)
Technique four results

This technique as described previously (Section 3.3.4) requires the balancing of columi
reaction forces (PVM) at the column removal node with the same magnitude of action forces
which are in the opposite direction. This is not a commonigeehbecause of the
perceivedime required for the modelliffggure3-37 andFigure3-38 shows the rotation

and displacememésponse based on technique.fdlnle maximumjoint displacement
response i87.88mm which occurs at 0.00%ss corresponde a maximum joint rotation

of 0.0000024radg.he turning points for displacement and rotational plots occur at
approximately 0.2s and 0.13s respectively. This corresponds to a displacement of 62.9mr

and a rotation of 0.000012rads respectively. Based on this technique, thef stability
structural system is after 2s
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Figure 3-37 Rotation vs timeat ICRS (Function 4)
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Figure 3-38 Displacement vs time at ICRS (Function 4)
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3.4.4 Summary of investigation

The assessment presdnteSection3.4addresses one of the objectives of the thesis: to
determine the effect of column removal time on progressive collapse assessmaseof high
steel structures. All the techniques descrilsedtion3.3as a function & were evaluated

at three different locations within the structural system.

The column removal timé/' () was investigated at the edge or perimeter of the building
(ECRS)corner column removal scenario (CCRS) and the interior column removal (ICRS)
locations. The column removal tinve)(was treated as a random variable which depicts
different scenarios of the impact of an unforeseen event on structures. Withgetbe ran

0. 09Q@%s of column removal time, it was ¢
structure occur sY<0.DIs. riespectivérogtherloaatian ef thémald 0 1 O
removal, thestructural stability from the dynamic equilbrsiate to a static state is within

t he r aYi<@®e Th® phhse could be viewed as transitory phase of the sifheture.

sway modef the structure has a period of approximately 2s.

Generally, five unknown parameters are required to correlatsplacement)() and
rotational responsé’() to column removal time. These parameters depend on the time

loading paths. Regression analysis was used to derive a correlation between the displacem

and the rotational response as shown intieguia24 and Equatioi3-25respectively.

o & 0O O

© P Yo 324
. 0 0

° o 325

In conclusioncritical e sponse s WOOhiOAd st wdhicangord®s

where'Yis the period of the structure azends However,foty O 2s, it was ob
column removal time does not have a significant impact on the response of the structure.
The response of the structure is approximately a static response and not recommended fo

progressive collapssaessment.
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3.5 Relative evaluation of modelling techniques

This section addresses one of the critical decisions to be made before carrying out
progressive collapse assessment. The choice of the modelling technique to be adopted is ot
of the most importanattor to be considered as it affects the response of the structure. The
time loading function considered in modelling sudden column loss affects the response of
the structure. It is important to note that all the time history functions observed in existing
literature is a function of column removal time.

3.5.1 Evaluation of modelling techniques at (ECRS) scenario

The results obtained comparing the four techniques described under the same condition of
0.002s column removal time is showRigure3-39 andFigure3-40. Technique one has

two functions, which are assigned Function 1A (DT1A) and Function 1B (DT1B). The
former does not consider the stability period of the reacting forces between the gravity
loading and the internal reactive forces.

_ ——DT1A
1401 DT4 = 117.5mm — DTiB
1204 ~——priB = 117.7mm DT2
1004/ ¢ . ST ——DT3
= 80411/, DT4
604 |||
E a0y
c 1" bTia=2.
g 28 ] :/ >mm ﬂ [\ [\ A AVAVAVAVA ~
5 oo _ JIv
S .40] DT1B = 50.5mm
.3 -604
-804
-100-
-1204} DT3 = 119.mn
-1404 DT2 =129.7mm
0 1 2 3 4 5

Time (S)

Figure 3-39 Displacement responses for the four techniques
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Figure 3-40 Relative rotational responses of four techniques

It is observed that the maximum displacement and rotational response for Function 1A (DT
1A) is 2.5mm and 0.00023rads respectively. Function 1B (DT 1B) considers the stability
period of the reding gravity load and the internal column force has a maximum

displacement and rotational response of 50.5mm and 0.0043rads respectively at the colum

removal region.

However, within the stability period of 3s, the maximum displacement and rotational
respmse are 117.7mm and 0.0107rads. Function 1A and Function 1B are grouped into
technique one, using this technique to model sudden column loss requires the consideratiol
for stability of gravity and reactive force equilibrium. Otherwise, the response from th
structure could be misleading in making a coherent structural judgement. Technique two
which is the approximate method shows a maximum displacement and rotational response
of 129.7mm and 0.0117radians as shown in the green colour code of the plaxariline m
displacement and rotational response for technique three are 119mm and 0.0106radians. Th
technique is the most common technique used in existing literature for progressive collapse
assessment. The maximum displacement and rotational responisetéchnique are
117.7mm corresponding to a rotation of 0.0107rads respectively. It was observed that the
response from this technique is approximately the same with technique four within the

stability period.
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The maximum dynamic displacement andon&dtresponse of tlsructure are 117.5mm

and 0.0107rads. Using the edge column removal scenario (ECRS) for this investigation, thre
functions (Technique two, three, and four) are recommended for progressive collapse
evaluation. However, it is importémnote that Technique one using Function 1B, shows

a maximum response of 117.7mm within the stability period. Technique two which is the
sudden application of gravity load has a displacement of 129.7mm which exceeds techniqu
three and four by 9% and 19.2espectively. Comparing technique three and four, it was
observed that technique three exceeds technique four by 1.1% which is negligible. Simila
observation was observed for the rotational response of the structure. The rotational
response of technigtwo, three, and four are, and 0.0117: 0.0106: and 0.0107 respectively.
Technique 2 exceeds technique three and four by 10.4% and 9.3% respectively, and th
rotational response of technique three and four, differs by just 0.9%.

By using the edge colunamoval scenario to analyse the four techniques identified, it can
be concluded that technique two or technique three will be a better option for progressive
collapse assessment. The advantage of technique two over technique three is the ease
modelling ad it does not require for the reactive internal forces in the column to be
determined. Technique three has been the favourable approach in existing literature becau:
it considers the stability of the gravity load and the reacting force in ensuruiliptteneq

of the forces.

3.5.2 Evaluation of modelling techniques at (CCRS) scenario

This subsection is to evaluate the response and behaviour of the structure using the corne
column removal scenario (CCRS). Relative structural responses of the fousgeieniqu
compared to evaluate the extent at which the modelling techniques differ. The results for the
investigation of the four techniques for CCRS are presehigdra3-41 It was observed

that Function 1A of technique one gives the minimum dynamic response (2.39mm) and
corresponds to the stable state of function 3 approximately at the column removal phase.
Technique 1B has a tybase response, the process of siabilthe gravity loading and

the column removal phase. The behaviour of this function is unique, the maximum dynamic
response (DT1B = 122.8mm) for this function occurs at the process of stabilising the gravity
load with the reactive force. The second phbhsd actually defines the sudden column

removal phase has a maximum displacement response of 51.6mm.
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Figure 3-41 Displacement responses of technique€CCRS
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Figure 3-42 Joint rotation of different techniques(CCRS
Technique two, three, and four has amaxi displacement of 130.21mm: 123.6mm and
122.8mm respectively. This implies that the approximate method (Technique two) exceeds
technique three and four by 5.3% and 6% respectively.
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Technique three and four differ jogt 0.7%. There is no significaatiation between
technique three and four from the displacement response of the structure. Relative joint
rotations of the structure is shown in Figu28.3The rotational response of the structure
increases in the order Function 1A (RT1A), Function IBB]R Function 3 (RT3),
Function 2 (RT2), and Function 4 (RT4) and these corresponds to .00023rads, 0.0035rads
0.0089rads, 0.0091rads, and 0.0098rads respectively. It is important to note that Techniqu
oneising Function 1B has tybase response, theagh of stabilising the gravity load to the
reactive internal column force and the phase of column removal scenario. It is observed that
the maximum rotational response for this function normally takes place at the stabilising
phase of gravity loads andcte® forces. This phase coincides with the response of
technique four as shownRkigure3-42 Maximum joint rotation occurs in Technique four

(RT 4) and the stabilising phase of Technique one (RT 1B) withtadeayr.0098rads.

3.5.3 Relative evaluation of modelling technigues (ICRS)

The displacement response using the interior column removal location scenario (ICRS) for
Technique one, two, three and four are presenkgure3-29. The maximum response

due toFunction 1A of Technique one is 1.79mm, the maximum response due to Function
1B on the stabilizing phase is 98.70mm and on the column removal phase is 42.6mm, the
maximum response due to technique three is 101.6mm and for technique four is 123.2mm
The diplacement respond of the structure was used for the relative comparison alone
because the rotational response is negligible due to the compressive arching of the slab. Tt
response of the structure differs from the edge and corner column removallscmgrio.

case, Technique two and Technique four have similar behavioural response with a maximur
displacement of 123.2mm. Technique three (DT3) has a maximum displacement of
101.6mm, Technique one ugtngction 1B (DT1B) has maximum displacement of 98.7mm

and 42.5mm for the stabilising phase and column removal phase respectively.
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Figure 3-43 Comparing modelling techniques at ICRC
Technique two, which is the approximate method shown by the green colour plot (DT2) and
Technique four have the maximum displacement response of 123.2mm which exceeds
Technique tlge by 21%.

3.6 Chapter summary

As discussed previously, the objective of this investigation was to assess the effect of colum
removal time on structural response and to compare modelling techniques. This section
summarises the main conclusions of the igaésti carried out in this chapter.

The GSA 2003 design guideline, proposes the duration of instantaneous column remova
time 'Y) to be less than otenth of the periodY of the structural response mode for the
vertical motion of the bays above the removed column. The standard states that the duratior
of the analysis shall continue until the maximum displacement is Eiffehewt standards
estimate the natural period of the structure with a particular focus on the sway mode of the
structure with little or no consideration for the vertical mode. For indt&htiRP (1994)
provisions recommend that the natural peffdf(the structure should be estimated as a
tenth of the Number of storeys with a restriction to 12 stories having a storey height of 3m.

In Eurocode 8, the natural period expression is given as
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Where H (m) is the height of theilding,0 is 0.085 for moment resistant steel frame and
0.075 for moment resisting concrete frame. A value of 0.050 was recommended for all othel
structures. On the other halNEHRP (19943uggests a coefficient of 0.030 and 0.035 for
reinforced ancrete and moment resisting frame structure. Other proposals for the period
of the structure can be found in the literaBoel (1997) and Salama (20¥®)3dal analysis

of the structure using Ritz vectors was carried out to determine the periodwdttive st

under vertical vibration mode as proposed by GSA 2003. In this study, it was observed that
the period of the structure in the vertical vibration mode is approximately a tenth of the sway
mode under column removal scenario

The natural period dfi¢ structure before the column removal was 2.02s approxandtely

2.04s under column removal scendrs corresponds to the sway mode. The natural
period of the structure under vertical motion before and after column removal is
approximately 0.11s afdl9s respectively. Therefore, using GSA 2003 clause 3.2.13.4.2
design recommendations, the column removal time should be less than a tenth of 0.19:¢
which is 0.0198¢( 0.019s).
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Figure 3-44 Displacement responses of different techniques
This study shows that the column removal time affects the response of the structure within
defined ranges. For this studyis proposed that the critical column removal time for
progressive collapse assessment should be a hundredth of the period of the structure in th

vertical direction under column removal.
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Figure 3-45 Rotational responses of different techniques
The summary of the relative evaluation of the modelling techniques are presented in
Figure3-44andFigure3-45respectively. The approximate metfd@2) gives the highest
responseomparedo other time loading functions. This approach is computationally more
efficient relative to other methods because it does not require the modelling of the reactive
forces Technque one which has two functions defined as DT1A and DT1B is not
recommended for progressive collapse assessment without having a sound knowledge c¢
how the column removal time affects the response. Figure 1A gives a maximum dynamic
response when the colomemoval time falls within the range &xB s .
Technique three (DT3) which requires the balancing of reactive forces to gravity load
considers the equilibrium of reactive forces and gravity loading before the instantaneous
column loss. The approximate Inoet (DT 2) exceeds Technique three with 15.7%, 10%
and 5.3% at ICRS: ECRS and CCRS respectively based on the displacement response. Usi
the rotational response criteria, it was observed that DT 2 exceeds DT 3 by 10.37% (ECRS
while DT 4 is approximatdlye same with DT 3. For CCRS, DT2 exceeds DT 3 by 2.2%
while DT 4 exceeds DT 3 by 10.1Te study shows that the maximum displacement and
rotational response of the structure occurs using Technique two (DT2). This approach is
computationally efficienticgared to the other techniques considered.

Hence, this study provides evidence that sudden application of gravity loads is more critica

to structural response under progressive collapse as compared to the other methods studie
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Therefore, the authoecommends application of gravity loading for progressive collapse
assessment of structures.

In conclusion, for building structures having a peri6d(sf n the vertical motion, the

critical instaraneous column removal recommerisibd 00" of theperiod of the structure.

89



Chapter 4 Assessment of moment resisting frame (MRF)

4.1 Introduction

This chapter addresses one of the key objectives of the tkesesntne the internal force
redistribution and the dynamic effect of sudden column loss on moment resisting frame
structures. If a structural member is damaged or lost instantaneously, the structural syster
seeks a new equilibrium state in redistribitgingernal forces through alternative paths. A

brief background of the study is presented in subsequent paragraphs. Part of this study wa
published in a conference proceed@tgphen et al. 2012and the feedback and
observations have been integratethis thesis.

In recent times, structures that have high economic and political importance are potential
targets for terrorist resulting in the perimeter of such buildings being susceptible to greater
energy impact from unforeseen events such aghlaperimeter of a structure has a higher

tendency of been subjected to progressive collapse relative to the interior of the building.

Understanding the load redistribution mechanisms of building structures during a
progressive collapse is imporfanproposing a design factor for simplifying the nonlinear
dynamic analysis approach. The change in magnitude and redistribution of internal forces ir
structures may likely exceed the one estimated during the traditional design stage of th
structure.Such banges can then be accounted for in the design of connections linking
critical vertical load bearing members. Since abnormal loads on structures often results t
reduction in the strength capacity over time, this section seeks to investigate the changes i
the internal forces in the structures over time. Events like blast loads on structures affects
the stress redistribution over a short period of time while events like high temperature affects

the stress redistribution over a longer period of time.

In corclusion,a proposal fothe dynamic amplification factor is made relative to the
provision of GSA 2003. In addition, the provision of Eurocode 3 which requires that
connections should be capable of withstanding a tensile force of 75kN would be assessed |

such recommendations hold under progressive collapse scenario.
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4.2 Model description

The model assumed for the investigation is a 10 storey moment resisting frame structure
The structure has 5 bays along tlai¥ with an equal span of 6m. There aseg¢ ddong

the X-axis having an equal span of 4.5m. The building has a typical storey height of 3.5m
with a slab thickness of 130mm. The section sizes are shiabia4rl while the elevation

and plan view showing the location where the case studies were carried out is shown ir
Figured-1.

___—Removed _ :
© olumns v

a) SAP 2000 Structural Model

of model o

Figure 41 3D elevation and plan \ew of the model
The model for this investigation was designed based on the provision of Eurocode 3, 2005
with a target capacity ratio of 0.7 to 0.85 using the governing equation 6.2.1 of the code. Th
load combination is based on the ultimate load cagda88yfactor for the dead load and
1.5 for the imposed loags recommended in Table NA.A1.2 (B), NA to BS EN
1990:2002+Al: 2005.
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4.2.1 Material description

The nonlinear material behaviour remains the same as presented in previoi&echkiapter
3.2).

Table 4-1 Section sizes for the investigation

Section sizes | Number of storeys

254x102x22UB | 1-10 (xaxis)
406x140x39UB | 1-10 (yaxis)
203x203x60UC | 7-10
254x254x167UC | 46
305x305x198UC | 1-3

4.2.2 Progressive collapséoad combination

The combination of applied loads used for the investigation has been described in the
previous chapter as recommended in GSA 2003 for static and dynamic loading. The guidelin:
recommends 2.0 simplifying the perceived complexity of aordyreamic analyses for

progressive collapse evaluations.

4.3 Time loading function

The methodology used for the assessment was based on the instantaneous application «

gravity loading as shown Figure4-2

A

l s S ]

< R, t(s)

Figure 4-2  The step force functigiisai and Lin 2009)
Where) is the GSA gravity load combination asigd fRe column removal time in seconds
(s). Further information on the time step size can be fomnGerasimidisand

Baniotopoulos (2011)
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4.4 Scope of investigation

The assessment presented in this study is limited to only a ten storey moment resisting fram
structure. Assessment of the bagdds carried out at four column removal locations (Edge,
interior, corner, eight); however, only the perimeter of the building was considered for
multiple column los3.he studycovers member structural responses, joint displacements
and rotational respees under linear, nonlinear static and nonlinear dynamic analyses.
Evaluation of the dynamic amplification factor and the relative responses in single to multiple

column loss scenarios are presented in this chapter.

In addition, the development of catgnfarce in beams has been a subject of interest in
recent times, though important, however it's not often considered in conventional structural
design. This chapter will assess the behaviour catenary effects in beams as well as tt
redistribution of forceshat takes place due to column loss. The columns within the
boundary of the removed columns will be assessed to evaluate the extent to which the

internal forces are been affected as a result of single and multiple column loss.

At the end of the investiian, a proposed dynamic amplification factor for displacement
and joint rotational responses, axial forces, shear forces and moments in beams and columt
will be recommended. Furthermore, conclusions will be drawn on the extent at which

column removal lations affects the joint conditions used in evaluating a joint model.

4.4.1 Position one: Corner column removal scenario

Figured-3is the elevation of the model showing the position of the column removal (Coll).
The caner column is connected to Beam 541 on the YZ plane and Beam 301 on the XZ
plane and bounded to Col 11 and Col 61 at the long and short span respectively. Investigatin
the structure without column 1 as showFRigure4-3 is deem to significantly affect the

connecting beams and the adjacent columns too.
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Figure 43  YZ and XZ elevation of model
The initial forces in these members were recorded, and the modédt wakduticolumn
one. The analysis wagua to assess the percentage increase in the connecting members
(Beam 541, Beam 301, Column 11 and Columii@ilg4-2 shows the initial forces in all

the members and theaximum connection response due to the removed column.

The change in the force distribution due to static analysis of the structure results in 33.5%
of axial force (P) of Col 11 while Col 61 experiences a change of 38.8% in axial force.
Relatively, Col ldxperience significant changes in shear and moment response due to the
loss of the corner column as compared to Col 61. The maximum joint displacement and
rotation was 71.4mm and .0052 rads respectively. The maximum shear force occurs in Beal
541 having aagnitude of 157.60kN. The beam axial forces are within a safe limit since

Eurocode 3 recommends a minimum of 75kN tensile force for connection design. The

maximum rotation of 0.0052 rads exceeds 0.0035rads recommended for simple connection:

Table 4-2 Redistribution of forces due to CCRS
Conditions P (kN) P' (kN) V (kN) V' (kN) M (kNm) M (kNm)

Col 11 3068.02 4011.43 0.531 48.45 1.16 124.14
COL 61 2815.44 3907.93 11.28 34.59 34.59 86.00

BM 301 4.08 40.76 34.75 71.63 25.78 112.21
BM 541 9.94 33.36 80.39 157.60 79.57 315.84

Jt2 = 71.4mm, Jr = 0.0052

The change in the axial force due to static analysis of the structure results to 33.5% for Co
11 while Col 61 experience a change of 38.8%.
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Relatively, Col 11 exp&ge significant changes in shear and moment response due to the
loss of as compared to Col 61. The maximum joint displacement and rotation were 71.4mm

and0.0052 rads respectively.

4.4.2 Position two: Linear static analysis(ECRS)

Figured-4 shows the XY and XZ plane elevation of the building at the edge column removal
scenario (ECRS). The removed memlfolisnn 31. On the short span; it is bounded by
Beam 421 an@olumn 91. On the long span, the removed colunouisled by Beam 561,
Beam 571Column 21 an€olumn 41
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Figure 4-4  XZ and YZ elevation of model at CCRS location
The joint about the removed column is labelled as Joint 35. The forces in ttengonne
members before and after the loss of the edge column are shown in Table 4.3. Comparing
the three columns (Column 91, Column 21 and Column 41), it is observed that the increase
in axial force of the columns is 27.3%, 31.16% and 31.8% respectivatyefient in
load redistributed to column 41 exceeds that of column 21 because of increase in span to th
left of column 21. The most important phenomenon is the change in shear force in the
beams from 80.17kN to 163.47kN, which is a 103.9% incremt#rgcrahgen the beam
end momentrom 80.17kNm to 325.02kNm which is a 305% increment.
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Table 4-3 Removal of edge column (Column 31)

Conditons P (kN) P (kN) V(kN) V' (kN) M M'(kNm)
(kNm)

Col 21 3098.02 4063.34 0.07 49.14 0.14 118.21
COL 41 3068.02 4046.55 0.53 48.15 1.16 120.78
COL 91 4208.46 5358.24 0.07 0.41 0.14 1.67

BM 561 0.85 35.57 80.17 163.47 80.17 325.02
BM 571 1.26 35.90 80.17 162.25 80.15 321.49
BM 421 0.02 55.55 0.97 0.97 1.08 1.08

Jt35 =68.4mm, Jr = 0.0063

As a result of the loss in column, there is a significant development of catenary forces in
Beam 421, which is transversely connected to the removed column. The initial axial tensior
was negligible (0.02kN); however, the ramofl the perimeter column resulted in a
maximum axial force of 55.55 kN in the transverse beam (Beam 421), aslstibeda3in

The maximum joint displacement due to the perimeter column removal is 68,8&m at J
corresponding to a joint rotatiorBg) of 0.0063 rads. The perimeter columns connecting
the removed columns 41 and column 91 exhibit significant changes in the end shear force
and moments. Conventional design of column 21 and 41 at the design siatgmnmsger

shear and moment as principal forces since the magnitude is negligible.

4.4.3 Position three: Static analysis response due to ICRS

Figured-5is atwo planes (XY and YZ) defining the position of the interior column removal
scenario (ICRS).

o
il
=
o
EN
=
o
=
=
o
=
=
o
=

400

= = = it b il 2 = E
189 399 ane | 41 Z] 4 689
) = ] % & & = & % 2
288 98 s | a4 548 658 668 678 88
7 g s 3 8 3
28, 397 407 41 817 57 847 877 47
386 376 w6 | 418 Tl ewe | ese | ess | ere | ams
= # g E 2 E E B =
385 395 485 415 &5 855 665 &75 485
= 2 € 8 g 8 8 2 8 4 2
384 %4 404 414 644 &54 664 674 684
383 373 403 413 - 643 &3 863 673 583 |
B 3 = 8 3 = ] = 3 ! o
A 37, 48, dla Tl sz | ese | ss2 | a2 | ase
E & ] Bl = I o
381, 3#1 441, 411 641 51 681 671 481
[ R [ - - [ | |

Figure 45  Elevation of XZ and YZ at ICRS
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The beams and columns connecting the rentmlachns are Beam 391 and Beam 401
along the short span, and Beam 651 and Beam 671 at the long span. The columns adjace
to the removed interior column at the short span is column 81 and column 201, while the
columns bounding the removed interior colulangathe long span are column 131 and
column 151The joint about the column removal point is labelled as joint 156 and, the
displacement and rotational response of the joint after the column rersbgainis

Table4-4

Table 4-4 I nterior column removal scenario (COL 141)
Conditions P(kN) P'(kN) V(kN) V'(kN) M (kNm) M' (kNm)
Col 81 4208.46 5317.39 0.64 39.18 0.14 92.02
COL 201 4208.46 5317.39 0.64 39.18 0.14 92.02
COL 131 4252.89 5003.43 0.71 49.90 1.62 122.18
Col 151 4367.12 5057.29 0.08 49.19 0.15 120.56
BM 391 0.65 39.44 0.97 0.97 1.08 1.08
BM 401 0.65 39.44 0.97 0.97 1.08 1.08
BM 651 1.21 39.21 68.04 137.56 68.04 271.66
BM 661 0.79 39.59 68.04 137.56 68.04 271.75

Jt 156 = 59.20mm Jt 156 = 0.000002

The maximum joint displacement (JT 156) due to the removal of the interior column is
59.2mm, with a corresponding rotation of 0.000002 rads. From the results obtained, the axia
force of column 81 and cohn 201 along the transverse direction (short span) increased by
26.4%, while the shear and moment are negligible. Along the longitudinal direction (long
span), the axial force increase by 17.6% in column 131 (Col 131) and 15.8 % in Columr
151 (Col 151)he shear force in columns 81 and 201 on the short span is negligible as it
changes from 0.07 to 0.095kN. The change in moment is also negligible as it only increase
from 0.14 to 0.177kNmA significant change in the shear force response of column 131
and 151.This is still within the joint design consideration at the conventional design stage.
However, significant changes in moment occur in columns 131 and 151, increasing from
1.62 kNm to 122.18 kNm and from 0.15 to 120.56 kNm respectively. It is dhaidbe

most significant change in the internal forces of the columns is the moment change.
Significant changes in beam axial forces occur in all the beams (391, 401, 651, 661), althou
these differences are considered negligible since they arethdowd#re minimum
considered in the conventional design stage provision of Eurocode 3 for beam tensile force
(75kN). Similarly, the change in shear forces and moment in Beam 391 and 401 are negligibl
This implies that the most important change that péées is the axial force developed in

the tie beams. The behaviour in shear and moment is different for Beams 651 and 661 in
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the long span. As for the axial force of the beams in the long span, the response is similar t
that of the short span, althdugignificant changes occur in the shear force and moment.
The shear force and moment for these beams (Beam 651 and Beam 661) increase by 101
and 299% respectively. This change is significant and will affect the behaviour of the beam
column connectionsiginally designed to resist a shear force of 68.04kN and a moment of
68.04kNm. The rotational response of joint 156 connecting the removed column at the first
floor is 0.000002 rads. This is not significant. Based on static analysis, the maximum join

disgdacement due to the removal of the column is 59.20 mm.

4.4.4 Position four: Static analysis aEFCRS

Tabled-6 shows the YZ and XZ elevation of the building and the dighttposition where

the column is removedh@ eightHloor column has a biaxial connection to Beam 548 on

the YZ plane and Beam 308 on the XZ plane, as shown by the square section. The model i
built without the missing column and the analysisir assess the load distribution due

to static aalysis of the structure.

Figure 4-6  Eight floor column removal scenario (EFCRS)
The removed column is connected to beam 548 along the long span and Beam 308 along th
short span. The columns connecting these beams are Column 18 and Column 68 which i
adjaent to the removed column as showhigure4-6
The static response of the structure before and after the removal of the eight floor column
is shown in Table 4.5. The initial axial force of column 18 is 848.1kNnef@akes by

37.2% while the initial force in Column 68 is 777.7kN with an increase of 41.9% due to the
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removed column. A significant increase in the shear force occurs from 5.56kN to 52.77kN

in Column 18 corresponding to 849% increase in the shearMuece is an insignificant

change in the shear force of Column 68

Table 4-5 Static response due to EFCRS
Conditions P (kN)  P'(kN) V(kN) V'(kN) M (kNm)

Col 18 848.1 1163.30  5.56 52.77 10.56
COL 68 777.7 1103.50  30.13 28.80 58.35
BM 308 8.82 133.20 35.51 59.98 27.07
BM 548 16.95 126.0 82.26 141.00 83.68

Jt 9 =89.30mm, Jr = 0.0138

M’ (kNm)
31.80
51.79
94.03
279.96

A decrease in moment in Column 68 was observed. This is not the case in Column 18 whict

experiences an increase from 10.56kNm to 31.80kNm, corresponding to 201% increment.

Given hese changes, it can be concluded that the most important change in adjacent

columns connecting the removed column at the eighth floor is the axial force.

4.5 Nonlinear static analysis (GSA 2003)

This section presents a nonlinear static analysis of thettmesigting frame structure

under monotonic loading conditions. The procedure used for the investigation is based on

Marjanishvili (2004)The structural deformation and hinge formation at maximum GSA

loading combination for nonlinear static analysiprasented ifrigure4-7. Nonlinear
modelling parameters for this study is based on TalwEFEMA 356EMA 356 (2000)

a) NLS at CCRS b) NLS at EFCRS
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d) NLS at ECRS

c) NLS at ICRS
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Figure 49  Rotational response under load increnr
Figure4-8 and Figure4-9 present the nonlinear static response of the structure under
factored monotonic loading condition recommended in GSA 2003 as shown in Equatio
1. As the load increases, interior column removal scenario (ICRS) exhibit a linear respons
up toits full loadcombinationDL+0.25LL)having a displacement response of 113mm at
step 10 and a rotational response of 0.00042 radians. For the saghedodition, the
maximum displacement responses due to ECRS, EFCRS and CCRS are 166mm, 219mm al
184mm respectively. The corresponding rotational responses are 0.0159, 0.0348, an
0.0132rads.

With the exception of the ICRS, a linear response was olieeraitccolumn removal
scenarios up to stepdi,50% loading cubination Beyond this point, a nonlinear static
response occurs up to the full loading at 100%. It was observed that at 50% loading
corresponding to DL+0.25LL, the displacement response @RS is 70.1mm with a
rotation of 0.0062radians. The response for the CCRS, ICRS and EFCRS is 74mm, 52.7mn
90.7mm respectively while the maximum joint rotational responses are 0.0052rads,
0.0000022rads and 0.0138rads respectively. These resporsggaarth@ssomputation

of the DAF in the preceding chapters.
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4.6 Dynamic analysis investigation

The nonlinear dynamic analysis has been deemed to accurately represent the behaviour
structures under abnormal loading conditions. This form of analysissdaptdymamic

effects as a result of the sudden application of gravity load or sudden column removal of
critical structural elements. It is practically impossible to predict the exact behaviour and
response of a structure with absolute certainty undermabnoonditions; however,
nonlinear dynamic analysis is a preferred reliable method relative to the statitmsethod.
method is perceived to be more complex relative to the static analysis method since series ¢
assumptions are made to simplify the sinalyhe procedure for this investigation is based

on the work byMarjanishvili and Agnew (20@8jng SAP 2000 finite element code for
progressive collapse assessment.

4.6.1 Position one: NLD assessment aCCRS

Figure4-10shows the elevation of the ZY plane and ZX plane about the removed column.
The corner column as described previously, is bounded by two adjacent columns (Col 11
and Col 61) and connected to Beam 301 and Beam 541.
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Figure 4-10  Corner column removal scenario (CCRS)
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The elevations shown in Figurd® show the positions of the beams and columns

investigated after the removal of the corner column.
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Figure 4-11 Beam responses due to CCRS
As shown irFigure4-11, the maximum axial force in Beam 301 along the short span is
approximately 82kN with a shear force of 37.1kN and a mori80tNm. The response
of Beam 541 for axial force, shear force and moment is 89.2kN, 79.0kN and 349.5kNm
respectively. When this is compared with the response from Beam 301, it was observed the
the axial force response in Beam 541 exceeds that of Reayr8&Y0. However, for the

shear force and moment, Beam 541 exceeds Beam 301 with 113.3% and 168.2% respective

The columns bounded to the removed corner column are Column 11 (Col11) and Column
61 (Col 61) at the long span and short span respettiesky.columns behave dynamically

with varying internal forces due to the removal of the corner column. The response of
Column 11 and Column 61 for axial force, shear force and moment is presented in
Figured4-12
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Figure 4-12 Column responses with time due to CCRS

From Figure4-12 the maximum axial force, sheacdoand moment in Column 61 is
5258kN, 98.8kN and 138.6kNm respectively. The maximum responses in the internal forces
of Column 11 are 5393kN for the axial force and 101.3kN for the shear force. The maximum
moment is 117.9kNm. Comparing the responseasibbserved that the axial force in
Colum 11 exceeds that in Column 61 by 2.5%, the shear force is exceeded by 2.5% and th
moment decreases by 14.9%. There is no significant variation in the axial and shear forc
response due to the corner column reingae@nario relative to the variation in moment
response of the two columisgure4-13 joint rotation and displacement response about

the node of the removed column connecting the Beam 301 and Beam 541.
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Figure 4-13 Joint response due to CCRS
The maximum displacement and rotation response due to a corner column removal scenari
is 129mm and 0.0092 rads respectively. Afdbtiges seeks a new stable state without
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dynamic effect, the displacement and rotational responses is 71.5mm and 0.0052rad

respectively.

4.6.2 Position two: NLD assessment aECRS

This subsection presents the study at the perimeter of the building duandasd. The
location of the column removal point is showFigared-14for the long span and the short

span respectively.
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Figure 4-14 Location of perimeter column removal location

The removed column is bounded by column 21 and column 41 alorzgntispan while

along the short span is column 91. The beams connecting the removed column along the
long span is Beam 561 and Beam 571 along the long span while along the short span is Bee
421. In this case, the internal forces in all these membeis agfidssed to check the
redistribution of forces about the column removal node. The maximum displacement and

rotation of this joint is equally assessed to evaluate the response of the structure over time.

Response of columns 21, 41 and column 9

The labels of these columns are shoviiguare4-14 The internal forces (PVM) of these

columns are assessed due to the instantaneous removal of the edge column (Col 31).
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The maximum response occurs in Column 919@Jdbr axial force response, shear and

moment as shown in subsequent plots.
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Figure 4-15 Column responses stime
The maximum internal forc&s axial, shear and moment are shown in the @iots
Figure4-15 The next plot shows the variation of internal forces (PVM) of the Beams 421,
Beam 561 Beams 571 with time are shotigume4-16.
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Figure 4-16 Beam responseswtime (ECRS)
The maximum catenary force in Beam 421 is 110.3kN while the maximéoncgheahe
beam is 0.97kN. The connection is expected to resist this internal member forces safely
According to Eurocode 3 for connection design, the joint is expected to safely resist a tensile
force of 75kN inclusive of other internal forces. Timiés that the connection would be
subjected to 47.1% increase in tensile force if it was considered for tensile force of 75kN at
the conventional design stage.

The maximum axial force response in the Beam 561 is 67.85kN, the maximum shear force
responsen the beam is 237.9kN while the maximum moment response in the beam is
402.2kNm. On the other hand, the response obtained from Beam 571 for the maximum axial
force 64.7kN, 80.13kN for the maximum shear force and 543.1kNm for the maximum
moment responsé&here is no significant variation between the axial force response in Beam
561 and Beam 571 since it differs by only 4.9%.
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Figure 4-17 Joint response gtime (ECRS)
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The maximum displacement at the column removal node is 128mm while the maximum
rotation is 0.0115radBigure4-17). The horizontal line drawn at thredpoint of nodal
vibration corresponds to the static response of the structure. The maximum static response
of the structure for displacement and rotational response are 68.4mm and 0.0063rad:s
(Figure4-17).

4.6.3 Position three: NLD assessment ailCRS

The internal column removed is connected to Beam 651 and Beam 661 along the longituding
direction and Beam 391 and Beam 401 along the transverse dirgot@i1(8). The node
conneting the removed column is JT 156.
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Figure 4-18 Descriptive labels of structural members
The internal force response of structural members within losatoflumnremoval is
presented beiv.
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The response of Column 131 and 151 in the longitudinal direction and coloth@@Il a

in the transverse direction is showrFigure4-19. The maximum dynamic axial force
response in Column 81 and Column 201 is 7554kN. A horizontal line drawn through the
mid axis of the dynamic responseasponds to the static response of 5317.17kN. The ratio
between the maximum dynamic response and the stable static response is 1.42. Column 1.
has a maximum axial force response of 7401kN. There are two spans to the left of the
removed column and three 3pdo the right of the removed column. This resulted in
Column 151 having a 4.4% increment in axial force relative to Column 131. Using the shea
force criteria, the maximum shear force response in Column 151 is 100.9kN, while Column
131 exceeds Column 1H11.6%. The difference in response could be attributed to unequal
spans about the node of the removed column. Using the moment response criteria, Columr
151 and Column 131 has a moment response of 99.4kNm and 103.2kNm respectively,

although there is adwction in the moment response of Column 151 relative to Column

131

c) Moment vs time

Figure 4-19 Column response vs time
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Figure 4-20 Catenary force response in beams vs time

The most important internal force considered for beams is the catenary force response. As
shown inFigure4-20 the maximum catenaryde action is 88.8kN, which occurs in Beam

661. The stabilised state of the structure after 3s corresponds to an approximate static

response of 39.4kN. This
BSEN 19911-7 by 18.4%.
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Figure 4-21 Joint Displacement response versus time
Figure4-21 shows a maximum dynamic joint displacement response of 99.4mm due to the
interior column removal scenario (ICRS). As showtheoplots, a horizontal line midway
of the dynamic response corresponds to a stabilised static respond of 59.20mm after 3s. Th

next subsection presents an investigation at the eight floor column removal scenario.

4.6.4 Position four: NLD assessment at EFCB

The eighfloor column was removed instantaneously to simulate the response of the
connecting structural members and to determine the connection behaviour with respect to

time.
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Figure 4-22 Eight floor column removal scenario (EFCRS)

The column removal location at the eight floors is shown at the two elevifives-22)

along the long span and the short spanb&am column joint at the column removal node

Is connected to Beam 548 and Beam 308 while the columns adjacent to the removed colum
along the long and short span is Column 18 and Column 68. An Assessment was made &
this locationinvolving themembers camecting the node of the removed coluifime

maximum internal forces due to the eight floor column removal scenario (EFCRS) are

presented ifrigure4-23
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Figure 4-23 Column response due to EFCRS
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The axial force response in Column 18 (Col 18) exceeds Column 68 by 16.1%, while the
shear foce response of Column 18 exceeds that of Column 68 by 55.8%. However, the

moment response of Column 68 exceeds that of Column 18 by 7.04%.
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Figure 4-24 Beam response due to EFCRS
The maximum response in axial force, shear force and moment of Beam 548 are 322.4kN
76.22kN and 206.6kNm respectively. The axial force response of 322.4kN is 329.9% greate
than the recommended value for simple atimmedesign in Eurocode 3. The maximum
axial force, shear force and moment in beam 308 are 307kN, 34.63kN and 54.8kNm
respectively. The axial force response is the dominant internal force resulting from the
removal of eighth floor column.

As shown in th@int response~{gure4-25), the maximum dynamic displacement response

is 163mm. A horizontal line through the mid axis of the displacement response corresponds
to an approximate static analytical response3ohi®9.The maximum dynamic rotation is
0.026rads. A horizontal line through the middle of the vibration of the structure, corresponds

to a response of 0.0138rads after 3 s.
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Figure 4-25 Joint responses vs time (EFCRS)
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4.7 Multiple column loss scenario (MCRS)

Introduction: The scope of GSA 2003 for progressive collapse scenario is defined within
the context of a single column removal scenario. However, unforeseelikevelast or

airplane impact could result in multiple column losses. In view of that, this section seeks to
investigate the response of structures to multiple column loss events using the edge an
interior column removal locations. In this sectiomrih@ry objective of this investigation

is to assess the redistribution of forces in high rise structures under double column loss
scenario. The deformed shape under double column loss is Shigurefh26.

Figure 4-26 Deformed shape due to double column loss

4.7.1 Scope of investigation

As shown irFigure4-27, two columns were removed instantaneously to assess the stress
redigribution of the structure within the connecting structural members and at higher
elevations. The beams at the first, fifth and eighth floors were investigated to see if the store\
height affects the stress redistribution of the structure. In the lovaditliciction of the
building, the first floor beams have a label of 551 and 561, the fifth floor beams have label
of 555 and 556 while the eight floor beams have a label of 558 and 559. Along the transvers
direction the beam at the first, fifth and didlutor is labels 381, 385 and 388 respectively.
Details of the labels about the column removal members are shayune27.
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Figure 4-28  Labels on multiple column removal scenario (MCRS)

The internal forces assessed in the longitudinal direction are the axial force (P), shear forc
(V) and moment (M). Alortige short span, only the axial force is assessed. During modelling

it is assumed that only the perimeter frame structure is rigid while the interior frame structure
is pinned. The tie beams are not expected to transmit moment but axial forces only. The
sudien loss of the edge columns would result in a dynamic response of the structure with
the development of catenary forces in beams. The beams with label 551, 555 and 568 withi
the same elevation will be compared on one plot while 561, 565 and 568rate pktpa

The tie beams with labels 381, 385 and 388 will be compared on a different plot. Finally, the
joint displacement responses at the column removal node and the neighbouring beam

column joint will be assessed.

125



4.7.2 Main beam responses along the longpan

Figure4-29 compare the catenary, moment and shear force developed by beams 551, 555

and 558 at the first, fifth and eighth floor respectively
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Figure 4-29 Beam response to double column loss
Beams 561 between the nodes of the removed columns act in compression while the beam
connecting the removed columns with the adjacent columns act in tension. The magnitude
of catenary force developed in tharbalepends on the horizontal restraint at the beam
ends.

From the plot oFigure4-29it was observed that the maximum axial force response in Beam
551, Beam 555 and Beam 558 are 65.7kN, 11.5kN and 32.8kN respectively. This respons
shows that the maximum catenary force occurs on the first floor in Beam 551. For design
purpose, it aabe concluded that catenary checks should be carried out on the beams
connecting the node of the removed column. The maximum moment response in Beam 551,
Beam 555 and Beam 558 are 686kNm, 629.9kNm and 569.1kNm respectively. The first
floor beam (Beam 55ik) more critical than Beam 555 and Beam 558. In view of these
responses, design checks in beams can be limitedltofits#éams under multiple column
removal scenarios. The maximum shear force response occurs on the first floor with a value
of 279kN while the shear force in Beam 555 and Beam 558 is 263.7kN and 243.7kN
respectively. The response at the first floor differs from the fifth and eighth floor by 5.8%
and 14.5% respectively. The response of Beam 561, Beam 565 and Beam 568 are shown

Figure 430.
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Figure 4-30 Main beam responses due to DCRS

FromFigure4-30, the tensile force response with time in beam 561, 565 and 568 has a similar
phase of vibration; however the magnitude i©iadame. The axial force of beam 561, 565

and 568 are 322.8kN, 213.8kN and 284.5kN respectively. This implies that the beams at th
first floor connecting the nodes of the removed column is more critical relative to other
beams on higher elevation aboet $ame alignment. Relative to the first floor response,
maximum tensile force decreased by 33.8% at the fifth floor and 11.9% at the eighth floor.
This implies that the critical response to catenary force occurs at the beams connecting th
node of the rema@d columns and the response decrease as the storey height increases. Th
shear forces in Beam 561, Beam 565 and Beam 568 is 80.2kN. There is no change in tt
shear force relative to other beams on the same vertical alignment. The maximum momen
responsef the beams at the first floor (Beam 561), fifth floor (Beam 565) and eight floor
(Beam 568) are 80.2kNm, 80.2kNm and 80.3kNm respectively. The next phase is to
investigate the response of the tie beams connecting the nodes of the removed column alon

theshort span.
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4.7.3 Tie beam responses due tdouble column loss(DCRS)

Figured-31is the axial force, shear force and the moment of Beam 381 (BM 381), Beam
385 (BM 385) and Beam 388 (BM 388).
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Figure 4-31 Tie beam response
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The maximum axial force in Beam 381, Beam 385 and Beam 388 are 168.4kN, 35.5kN an
64.41kN respectively, while the maximum shears force responseeviitfagiproximately

0.97kN in the tie beams which is negligible. From this investigation, the most important
consideration during progressive collapse for tie beams is the axial force response of the
beams which occurs at the first floor. The first fleanb(Beam 381) connecting the node

of the removed column is the critical beam relative to the beams on the same plane at highe
elevations. The maximum catenary force response in the tie beams occurs in Beam 381 wit
a maximum axial force response of k6B.€omparing the maximum catenary responses

at main beams with the tie beams, it was observed that that the catenary response of the ma
beams exceeds the response at the tie beam by 91.6%. The next subsection presents t

responses of the columns witthe vicinity of the removed column.

4.7.4 Joint response due to multiple column loss

Joint 24 (JT 24) and Joint (JT35) are the nodes of the removed double columns. Since JT €
and JT 101 are symmetrical in terms of loads and position, only JT 101 isccdmsider

displacement response. JT 24 and JT 35 are equally symmetrical, in view of this only JT 3
is considered. Furthermore, joint 13 and joint 46 are symmetrical within the structure model,

therefore, only joint 46 is considered for the investigation.

20
04

o _v‘i )
40.] JT__ a6y = 4. 7mm T35

60 - IT e @01y — 6.6mm | ——JT 46

—JT 101

.80
100 4
120 4
140 -

160 -
iso] = Ty = 178.8mm

Displacement (mm)

-200 T T T T T T T T T
0 1 2 3 4 5

Time (s)

a) Displacement vs time

131



0.004 -
0.002 - WN\AMM
0.000 4 JT 35
-0.002 - JTmax 46) 0.003rads ——JT 46
8 .0.004
(U -
£ -0.006
[ T —_—
§ -0008] JT, .. wor, = 0.0078rads
S _0.0104
O i
X -0.012-
-0.014 -
] JT = 0.0182rads
-0.016 ~ / max (39)
-0.018 4
-0.020 T T T T T T T T T 1
0 1 2 3 4 5
Time (s)

b) Rotation vs time

Figure 4-32 Joint response for double column loss (DCRS)

The vertical displacement of these joints and their rotational response is shown in
Figure4-32 The maximum vertical displacensniloint 35 is 178.8mm, the displacement
response at joint 46 (JT 46) is 4.7mm and for Joint 101 (JT 101) id~6oémitine joint
displacement response, it was observed that Joint 35, (JT 35), Joint 46 (JT46) and Joint 1(
(JT 101) has a rotational vailti®.0182rads, 0.0030rads and 0.0078rads respectively.

4.7.5 Adjacent column responses due to multiple column loss

When multiple columns are damaged and rendered incapacitated in resisting vertical loac
complex stress redistribution take places within a pétilme which may result to partial

or total collapse of the structure. This subsection is aimed at assessing the response of th
adjacent columns mostly affected by the instantaneous loss of multiple vertical load bearing
members. The stfblame model sl for the purpose of illustration is shown below in Figure
4.36. The removed columns are labelled 21 and 31 respectively. Along the longitudina
direction, the columns mostly affected are ColurandLColumn 41. Along the minor axis,

the columns critidgl affected are Column 81 and Column 91. These affected columns are
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loaded symmetrical and in view of that, checks were made to see if the responses are th

same.
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Figure 4-33 Elevation showing double columnremoval locations

The elevation shown Figure4-33illustrates the location at which the double columns
were assessed. The adjacent columns affected by the removal of the double columns al
labelled as 111481 and 91. The responses of these columns are compared to assess the
redistribution of the internal forces over a period of time. Considering the symmetry due to
the double column loss, it can be observed that Column 11 and Column 41 have the same
respamse while Column 81 and Column 91 on the short span have equal response. The stati
responses of the structure are showrabie4-6 below. It is observed that Column 81 and
Column 91 exceed the response of Column 11 and Column 41 by 37.5% in axial force,

however column 11, 41 exceeds Column 81 and 91 by 16.1% in shear and 11.7% in momen

Table 4-6 Static response under multiple column loss
Member Ps (kN) Vs (kN) Ms (kNm)
Col 11,41 4509.75 70.36 172.32
Col 81,91 | 6200.80 60.58 154.33

The dynamic response of the structure was carried out to assess the redistribution of force:
unde double column removal scenario. The maximum axial force response in Column 11
and Column 41 is 6757kN while the maximum response of Column 81 and Column 91 is

9549kN. This indicates that Column 81 and Column 91 exceeds Column 11 and Column 41
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by 41.3%.Comparing the percentage increase in static response in the axial force (37.5%)
to the dynamic response (41.3%), it is obvious that there is no constant proportionality in

the consistency between the static and dynamic response.
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Figure 4-34 Moment response of adjacent columns verse time

As shown irFigure4-34, the maximum shear force response of Column 11 and 41 is 126.2
and 126.2kN respectively while that ofu@al 81 and Column 91 are 153.9kN. The
maximum moment in Column 11, Column 41, Columan8XColumn 91 are 132.1kNm,
132.2kNm, 198.1kNm and 198.1kNm respectively. The maximum moment responses occur

at the columns along the short span relative to the calongghe long span.

4.8 Dynamic amplification factor

The dynamic amplification factor of 2.0 (GSA 2003) is a subject of debate among researcher
whether it is conservative or not. It is a dimensionless number defined as a ratio of the
nonlinear dynamic & effect to the corresponding nonlinear static response Affect.
previous investigation carried out by the author shows that the column removal time,
modelling technique and assessment criteria significantly affects the decision on which sid
of the argment. In addition, if the response is based on the nodal displacement at column
removal joint, two important factors has to be considered: rotational response and

displacement response. This section critically evaluates the dynamic amplification factol
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based on the beansolumn connection response in addition to the internal force response

in the key structural membe@olumnsandBeams).

4.8.1 Structural member response criteria

The internal forces in the beam or column can be used for the computaealyiwémic
amplification factoDAF).

Summary of column response criteria

When sudden column loss occurs, the axial and shear force responses are the dominal
internal forces affected with the shear force being the most important consideration. As
shown n the summary plots &igure4-35andFigure4-37, if the axial force response is

used in evaluating the dynamic amplification factor, thearadas from 1.3 to 1.5.
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Figure 4-35 Comparison of axial force response
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Column shear force response
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Figure 4-36 Comparison of shear force response

The DAF ranges 1.66 to 2.17 using the shear force responselaiteaaimum occurring

in Column 91Figured4-36shows the summary of the shear force response in columns based
on a single column loss at different locations for linear static, nonlinear static and nonlinear
dynamicresponse. The shear force response is the most critical internal force in column
affected by dynamic effects.

Summary of beam response criteria

Beam response to column removal scenario is an important consideration for assessing th
performance of highise structures during progressive collapse; although beam response
criteria are not often considered in assessing the dynamic amplification factor response a
compared to the connection response. In this subsection, a summary assessment is present
for theinitial, static, and dynamic response of the structure. Consequently, a proposal is madt
for the dynamic effect of sudden column loss on beam response based on the developec
catenary force.
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Catenary beam responses at different location
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Figure 4-37 Comparison of catenary forces in beams
The summary of the beam response to a single column removal scenario at different
locations is presentedkigure4-37. The ratios of the dynamic response to the nonlinear
staticresponse for all the cases considered ranges from 1.70 to 2.2 while the mean respons
was 1.84 with a standard deviation of 0.19. The maximum dynamic response is observed i
Beam 308 and 548 which occurs under-tagintcolumn removal scenario. In &k t
responses obtained, catenary force response at the eight floor is more critical than the
catenary force response at the corner, interior and the edge.

4.8.2 Beam- column connection response criteria

Figure4-38is the summary of the displacement and rotational responses for nonlinear statics
and the nonlinear dynamic response at different building locations. The eight floor column
removal scenario (EFCRS) corresponds to JT 9, the edge column remdea|ESCR&)r
corresponds to JT 35, the corner column removal scenario corresponds (CCRS) to JT 2 an
the interior column removal scenario corresponds to JT 156. The joint responses are
presented ifrigure4-38for the GSA load combination.
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Figure 4-38 Summary responses due tNLS and NLD.
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Using the rotational displacement response at all these locations asRbaved-88 it
was observed that the maximum rotational response occurs at joint 9 while the minimum
occurs at joint 15@nterior joint). The DAF idefinedn Equatiord-1

o n 8
060 (— 2 41

The dynamic amplification factor gsihe displacement responds ranges from 1.7 to 1.88,

with maximum occurring at the eighth floor.

4.9 Chapter summary

In this chapter, an assessment of a moment resisting frame structure is presented by
determining the redistribution of internal forces unalemn loss scenario. The various
analyses carried out in this chapter resulted in the following conclusions:

A Susceptibility to progressive coll a
This is equally observed by Mark Adsamoah and Ankamé016).

A From the nonlinear static and nonl

dynamic amplificatidiactorranges from 1.6 to 1.88 based on connection response.

A Based on {ldorceluma temalg scenarid moreecritigah ds h

compared to the corner, perimeter and the interior column removal scenario.

A The dynamic amplification factor
component considered, study location, joint displacement and rotapamsas, damping

ratio and the modelling technique (Kaewkulchai and Williamson 2004). A similar
observation made by Tsai 2007, Tsai and Lin; 2009).

A Assessment carried out on the col un
shear force rpsnse criteria are the most important criteria for progressive collapse

evaluation relative to the axial force and moment.

A A maxi mum DAF r es pfoor soummorémowal. s@nadoc ¢ u r
using the shear force response in the colursmikar response was observed for beam
catenary action. Hence, catenary force in beams and shear force in a column are two critic:

forces impacted most by the dynamic effect.
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In conclusionasclearly observed by Kim et al. (2009), the dynamic anmpiifiaator can
exceed the conservative factor of 2.0 recommended in guidelines. Therefore, the DAF of 2.C
recommended by GSA 2003 is to accourdlfariabilities in assessingsinecture for

dynamiceffects.
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Chapter 5 Assessment of brace frame system (BFS)

5.1 Introduction:

This chapter investigates the behaviour of braced frame system under a progressive collap
scenario. This segment of the study addresses one of the key objectives of the thesis: t
determine the internal force redistribution of bracedefsyrstems under a progressive
collapse scenario.

Concentric brace systems (CBS) and eccentric brace systems (EBS) are two commonly us
types of bracing systems in the construction industry. In current practice, different types of
bracing configurationseautilised in the construction industry and the choice of a braced
system is at times dictated by the architectural provisions. These brace systems are desigr
primarily to resist wind forces and to contribute to the lateral stability of the structure. |
seismic regions, brace systems are designed to limit cyclic excitations induced by earthqua
vibrations causing structural instability. In conventional design-oééigtinuctures, brace
systems aim to provide adequate strength and stiffnessheitbiastic range in order to

resist lateral loads induced by wind pressure or seismic loads.

Under the sudden loss of critical structural members, a significant amount of stored energy
is dissipated as the structure seeks a new equilibrium state. Gihngbguerace systems
buckles in compression and yields in tension or fractures in the worst scenario as the

structure stabilises to a new equilibrium state.

m T m T m T m iid mn mn
Dlagenal bracing Xebracing Multistary X-bracing Invartad Vebracing Vebracing
Figure 5-1  Different type of bracing systems

The configuration of the brace system significantly affects its performance under abnormal

conditions. Generally, for design considerations, a bracing system must be balanced to ensu
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that the lateral resistance in tension and compression is comparable in both directions.
Different types of bracing system used in practice are showsigureb5-1. Detailed
experimental and numerical analysigedaout byTurker and Bayraktar (205bpw that
cross bracing significantly contributes to the overall stiffness of the connection relative to

other bracing systems. Consequently, a cross bracing system is adopted for this study.

The ability of the gicture to distribute the internal forces under sudden column loss was
investigated at the perimeter of the structure, interior and th#oeighication. The

beams connecting the node of the removed column at one end and the columns connecting
the othe end of the beams are equally assessed. Since the structure deforms under sudde
column loss, the two most important parameters are investigated: joint displacement and

rotational response that determine the strength, stiffness, and joint rotatiatyal capac

5.2 Model description and scope of investigation

The same geometry used in previous sections is adopted for this investigation; however, fo
the brace frame system, moment releases were assigned to the ends of the beams to simul
the assumption of a paonnection. The assessment is limited to the four locations within

the structural system as described previously. The load combination (GSA 2003) for

progressive collapse assessment and material behaviour is the same as previously describ

5.3 Linear statc analysis

The static analysis was carried out by building up the model without the member to be
removed and the analysisue to assess the response of the structure. The initial forces in
the members are recorded before and after the column recenalio for each case
considered. The primary objective of this investigation is to determine the percentage
increase or decrease in the internal forces of the structural components connecting the
removed column. Furthermore, the assessment is to eghetdstimportant internal force

to be accounted for in designs that consider progressive collapse.

143



5.3.1 Position one: Static assessment due to CCRS

The elevations shownHkigure5-2 are the transverse elevation, longitudinal elevation and
the 3D elevation of the model under the corner column removal scenario (CCRS). From
the transverse elevation, the removed corner column connects beam 301 at one end and
Column 61 (Col 61) atdlother end.
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Figure 5-2  Description of corner CCRS

On the other handitthe longitudinal direction, the r@wed column connects Beam 541
(BM 541) at one end and column 11 at the other end of the beam. The initial forces in these
members were recorded during the linear static analysis of the structure and the analysis r
run without the corner column. The chanmgethe internal forces of these members are
presented imable5-1.
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Table 5-1 Member response under CCRS
Conditions P (kN)  P'(kN)  V (kN) V'(kN) M (kNm) M'(kNm)

Col 11 3077.95 3521 0.90 23.61 1.92 58.70
CoL 61 2810.26 4201.85 0.863 45.06 1.65 107.98
BM 301 1.07 6415 34.72 34.15 38.58 38.58
BM 541 2.64 29.41 80.17 80.17 120.25 120.25

Jt2 = 12.51mm

From the response presented able5-1, there is a significant change in the axial force,
shear force, and moment o€thktructure relative to its initial static condition before the
column removal. Column 11 has an initial axial force of 3077.95kN before the column
removal; after column removal the axial force in Column 11 increases by 14.4%,
corresponding to 3521kN. Thieear force response of the column increases from 0.90kN

to 23.61kN while the moment increases from 1.92kNm to 58.70kNm. The shear and
moment increases by 2523.3% and 2957.3% respectively. On the other hand, the axial forc
response of Column 61 incredsed9.5% while the shear force and moment increases by
5121.13% and 6444.24% respectively. For this, the actual magnitude of shear force an
moment after column removal is 45.06kN and 107.98kNm respectively. The shear force anc
moments in the beams remaonstant while the axial force increases by 5895.3% and
1014% for beams 301 and 541 respectively.

In this preliminary assessment, the moment and shear force responses in columns is :
dominant consideration for assessment. The beam responses showatetaheforce

criterion is most critical in beams since it may not be considered during the conventional
design stage of the structure. The next assessment presents a similar investigation using t

edge column removal scenario (ECRS).

5.3.2 Position two: Assesment due to ECRS

Figure5-3 shows the 3D elevation of the model and the label description shows the region
where the column is removed. The edge column removed is Column 31 (Col 31). Beam 56:
connects the node of the deleted column at one end and to Column 21. In the transverse
direction, Beam 421 (BM 421) is connected to the node of the removed column and
connected to Column 91 (Col 91). The bracing at the column removal node is Bracing 793
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and Bracing 794. For the column removal location at the edge, the node of the removed

cadumn is labelled as 35.
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Figure 5-3  Description of ECRS
The static response of the structure after the column is removed is preJeaitied-

and shows the initial forces in the members before and aftar oexoioval.

Table 5-2 Member response due to ECRS
Conditions P (kN)  P'(kN) V(kN) V'(kN) M (kNm) M' (kNm)

Col 21 3066.31 4643.38 0.919 6.34 1.97 44.86
COoL 41 3077.95 3104.84 0.91 21.01 1.92 70.92
COL 91 4202.59 4484.40 0.869 16.2 1.86 57.08
BR 794 232.63  860.24 3.72 3.72 6.62 6.62
BR 793 232.63 1670.57 3.72 3.72 6.62 6.62
BM 561 34.93 128.23 80.17 80.17 120.25 120.3
BM 571 14.10 22.40 80.17 80.17 120.25 120.25
BM 421 0.11 13.46 0.97 0.97 1.08 1.08
X35 =19.3

From Table5-2 the maximum changes in the axial force response in columns 21, 41 and 91
are 51.4%, 0.87% and 6.7% respectively. Column 41, which is located at the short spai
experiences a significant change in axial force relative to Column 21 and Column 91 alon
the longer span. The maximum response in shear and moment in the columns occurs ir
Column 41, with an increase in shear and moment of 2233.3% and 3593.8% respectively
The bracing which is assumed to resist only lateral loads significantly acts @i altern

path in load redistribution, as evident in the increase in axial compression force. The bracing
connected to the node of the removed edge column (BR 793) has a change of 6181.2%

increase in axial force while the axial force in the crossed brad®d)(BRRreases by
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269.79%. The most important changes in the beams are the axial tension when the model |
built without the edge column. The maximum change in axial force in beams occurs at BM
561.

5.3.3 Position three:Linear static assessment (ICRS)

The moal description of the interior column removal scenario (ICRS) is shown in
Figure5-4, which shows the location of #@RS the connecting structural members and

their labelsThe node of the removed column is connected to Beam 651 on one end and
Column 131 on the other end. Beam 661 is connected to the node of the removed column
onone end and Column 151 at the other end of the longitudinal direction. Along the short
span of the structure, the node of the deleted column is connected to Beam 391 and Bean

401, while these beams connect to Columns 81 and Column 201 on the other end.

NN A A 4 0 R 3

a}) 3D Elevation b)) Interior elevations
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Figure 5-4 Description of ICRS
Static analysis of the structure without the interior column affects the behaviour of these

members as shownTable5-3

Table 5-3 Member response due ICRC
Conditions P (kN) P' (kN) V(kN) V'(kN) M (kNm) M' (KNm)

Col 81 4202.59 5689.86 0.869 49.95 1.86 117.13
COL 201 4203.03  5690.33 0.48 49.56 1.23 116.49
COL 131 4255.12 4589.96 1.13 27.28 2.12 66.32
Col 151 4303.54 4638.26 0.23 26.39 0.44 64.37
BM 391 1.15 50.36 0.97 0.97 1.08 1.08
BM 401 2.05 51.38 0.97 0.97 1.08 1.08
BM 651 4.63 25.06 68.04 68.04 102.06 102.06
BM 661 3.99 24.58 68.04 68.04 102.06 102.06

Jt 156 = 74.87mm

The columns (81, 201 andlLl3vere compared agridwas observed that the shear and
moment after the removal of the interior column is approximately the same. The most
important change that took place after column removal was the change axial force; Col 81
experiences an increas&oi%, Col 201 an increment of 35.4%, while Col 131 and 151
experience an increment of 7.9% and 7.8% respectively. In conventional design of structures
the interior columns are conservatively designed as pure axially loaded columns since th
initial sheaforces and moments are negligible as showabie5-3. However, under

column removal scenario, the moment and shear forces become significant with the column:
in the short span (Col 81 and Col 201) of the wvedhoolumn becoming more stressed

relative to the columns on the longer span (Col 131 and Col 151) of the removed column.
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The maximum moment and shear forces in the columns (Col 81 and Col 201) are 117.13kNn

and 49.95kN respectively, which occur as aoéthe removed column.

The beams along the short span are designed as tie beams. These beams have negligible in
stress resultants (PVM). However, under column removal scenario, it was observed that the
beams along the short span (BM 391 and BMig@if)cantly develop a maximum catenary
force of 51. 4kN in trying to resist the effect of the removed column while the shear force
and moment remain relatively stable after the column removal. On the other hand, the beam:
along the long span (BM 651 & 661) connecting the removed interior column
experience a maximum increase in the catenary force of 20.59kN. The hsip@h mid
moment and shear force remain stable and the most significant contribution in resisting the
effect of interior column remaMs the catenary force response of the beams along the short
span. The next plot shows the static response of the structure unddioergbtitumn

removal scenarios

5.3.4 Position four: Static assessment due to EFCRS

Figure5-5 shows the position of the eigfibor column removal scenario (EFCRS) and the
labels of the connecting structural members. The node of the résriabetled & This
joint is connected tBeam 548 on the longitudinal directionBewim 308 on thtransverse
direction. These beams are connect@€dltonn 18 an€olumn 68 at the longitudinal and

transverse direction respectively.
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CO@WEN 68

EFCRS (Grid A-1)

Figure 55 3D elevation and labels of the structure
The Inearstatic analysis of the structure with and without the removed column is presented
in Table5-4. It compares the forces in the structural members before and after the eighth
floor column removal. Comparing the noluresponses, it was observed that the maximum
column response occurs at Column 68 with an increment of Biges8lear force increases
from 5.57kN to 45.78kN, corresponding to an increment of 721.9%, while the moment
changes from 10.99kNm to 123.45kNoniesponding to a increment of 1023.3%.

Table 54 Member responses due to EFCRS
Conditions P (kN) P'(kN)  V (kN) V'(kN) M (kKNm) M' (kNm)

Col 18 846.84 1036.17  7.58 33.34 14.33 95.75
COL 68 782.92 1177.97  5.57 45.78 10.99 123.45
BM 308 0.55 228.26 34.72 34.72 38.58 3858
BM 548 1.06 133.94 80.17 80.17 120.25 120.25

Jt 9 =143mm, 0.0217rads

The condition is not the same for the beams connecting the removed column at the eighth
floors. The response of the beams shows that the most important changes is the catenar

force in the connecting beams. Comparing Beams 308 and Beam 548, the maximum
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increment in the catenary force response occurs in Beam 308 with an increment of 227.71kN
The most important internal force in the beam is the catenary force response of the beams
Under the eight floor column removal scenario, the ratio of the catenary force response for
the beam along the short span to the response along the long span is 1.7.

5.4 Nonlinear static analysis

The nonlinear static response of the structure was carriaderuull application of gravity
load saved at multipleeps

5.4.1 Nonlinear static analysis at CCRS

This section presents the investigation of the nonlinear static response of the brace syster
under the corner column removal scenario. The maximum catereiinp Beam 301 is
224.9kN, while that of Beam 541 is 258.7kN. The corresponding shear force response for
the beams are 69.4kN and 160.3kN respectively as skayumegs-6. The maximum axial

force response of @onn 11 and Column 61 is 7090kN and 8361kN respectively. The shear
forces in the columns are 82.98kN and 36.72kN respectively. Moment responses for the
columns are 38.6kNm and 93.09kNm as shofriguine5-7.
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Figure 56  Beam responses at incremental loading (CCRS)
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Figure 57  Column responses at incremental loads (CCRS)
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Figure 58  Joint response due to CCRS
The displacement and rotational responses of theco&anm connection @esented in
Figure 5-8. The maximum displacement response is 246.1mm while the rotation is
0.0144rads. However at 50% load combination, (DL+0.25LL), the maximum displacement

Is 125.6mm, corresponding to a marrjaint rotation of 0.00714rads.

5.4.2 Nonlinear static analysis at ECRS

The nonlinear static response at the ECRS is presefrigdreb-9 for the beams and
columns connecting the removed column.
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Figure 59  Nonlinear static column response under (ECRS)
The maximum displacement and joint responses under ECRS is 42.4mm and 0.0038rad
respectively. The catenary forces in BM 571, BM 561 and BM 421 are 35.21kN, 286.8kN ant
22.9IN respectively. The shear forces in the beams are 160.3kN, 160.3kN, 1.94kN
respectively. The maximum axial forces in columns 21, 41 and 91 are 9029kN, 6208kN
respectively.

5.4.3 Nonlinear static analysis at EFCRS

Figure5-10shows the response of the structure under Eighth Floor Column Removal
Scenario (EFCRS). The maximum axial force in BM 308 is 138.2kN with a shear force
response of 69.4kN along the short span. At the long span, BM 548 develops a catenary
force of 5/BkN while the shear force is 160.3kN. The axial forces, shear and moment in
Columns 18 (COL. 18) are 2082kN, 52.5kN and 31.5kNm respectively.
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Figure 510 Nonlinear static column response due to EFCRS
At the long span, axial force, shear and moment in the Column 68 (Col 68) are 2340kN,
82.3kN and 66.5kNm. The maximum displacement and rotational joint responses are
284.5mm and 0.0467rads. A¥SIdading, (DL+.25LL), the maximum displacement and

rotational responses are 144.1mm and 0.0229rads respectively.

5.5 Nonlinear Dynamic analysis investigation

This section investigates the dynamic response of the structure at four different locations:
the coner, edge, interior, and eifjbor locations. The internal forces of the members

connecting the removed columns and the displacement responses are assessed. Ea
subsection presents the results of the investigation at each location within the structural

system. The joint displacement and rotational responses at these areas are shown.

5.5.1 Position one: NLD assessment due to CCRS

This subsection focuses on the corner column removal scenario (CCRS). As describec
previously, the structural members connectingetheved columns are investigated in

order to assess the dynamic effect of the member response relative to the static respons
The beams connecting the node of the removed column are Beam 301 and Beam 541, whil

the ends of these beams are connectedumm@®1 and Column 11. Under the nonlinear
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dynamic analysis, the response of these structural members are evaluated and present

under different subheadings.

Internal force response in Beams

The beams connecting the removed column at the corner paitnbricas described
previously in the static assessment were investigated for dynamic responses as shown
Figure5-11 Beam 301 at the short span of the beam has a maximum dynamic catenary
response of 118.2kNhigh later stabilises to a static state of 64.15kN after four seconds.
The maximum catenary force action of Beam 541 is 50.2kN under dynamic analysis and i

stabilises to a static response of 29.4kN after four seconds.
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Figure 511 BM catenary force response due to CCRS
The ratio of the dynamic response to the static response is 1.84 compared to 2.0
recommended in GSA 2003 design guidelines. The next plot presents the moment respons
of the colume (Col 11 and 61) as showrrigure5-12 This shows that Column 61 (Col
61) has a definite pattern with a stable frequency as compared to Column 11T{@»ol 11).
moment response of the Columns 11 and Columnd&r dynamic analysis is 59.71kNm
and 110.2kNm respectively. The members stabilise to a static equilibrium state after fout

seconds.
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Internal force response in Columns
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Figure 512 Force responses in columns due to CCRS
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Figure 5-13 Shear force vs time in columns (CCRS)
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The maximum shear force response occufelimn 61(Figure5-13 with a value of

91.3kN whil&€€olumn 11 has a shear force response of 49.25kN. This response later stabilises
to astatic respons® 45.06kN and 23.61kdfter four secondsr Columns 61 an@olumn

11 respectivelfhe shape of theynamic responses for axial force has an irregular pattern

and inconsistent up to 1.5s, thereafter a definite pattern is observed.
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Figure 514 Axial force responses in columns du® CCRS
Figure5-14presents thaxial forceesponses @olumn 61 an€olumn 11 under dynamic
loading conditiormhe maximum axial force response of the columns is 6489kN and 5076kN
respectively. These forcéabgises to 4201.85kN and 3521kN respectively. The dynamic
amplification factor foColumn 61 andColumn1l is 1.55 and 1.44 respectivEhe
assessmerfbr the CCRS shows that the most important changes in the internal force
response in beams is theepaty action which resuitsa dynamic amplification factor
(DAF) of 1.85. Thelynamic effect on the moment responses of the columns bounding the
removed columis insignificantUsing the axial force critari the DAF is 1.54. The shear
force criten in the columnis the most important because the maximum BZAE09
which occus on the column (Col 11) at the short span. Based on this assessment, catenary
force in beams and shear force in columns are the most important internal forces for
progressiveollapseThe next assessment detersiine response of the connecting beam

elements to the removed edge column and the brace response under sudden column loss.
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5.5.2 Position two: NLD assessment due to ECRS
Edge beam responses

This subsection investigat®s nonlinear dynamic assessment (NLD) of the structure under
edge column removal scenario (ECRIS). sructural members closely affected by the
sudden removal dhe perimeter column are BM 5&ihd BM571in the longitudinal
direction andM 421in thetransverse direction. The node of the removed column connects
these beams at one end @otlmns 21Column41 andColumn91l at the other end. The
braces at the region of the removed columnBR#3 andBR 794 these braces were
assumed to resist latdoads only at the conventional design stage. The responses of these

elements mentioned are presented in subsequent plots below
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Figure 5-15 Catenary force response in beams
Figures-15shows the catenary force response of the beams investigated under edge columr
removal scenario (ECRS). The maximum be#enary force resporeseurs irBeam 561
(BM 561) with a maximum response of 159.5ki$ response is significant when compared

to therecommendethaximum tie force adopted in conventional design.
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Brace frame responses
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Figure 516 Axial force response ofthe bracemembers
Figure5-16 presents the axial force response under sudden column removal scenario. The
maximum axial force response in the cross bracing occurs in brace 793 (BR 793) with a valu
of 2455kN relative t®race 793 having a regge of 1187kN. Bracing provices
alternative path for load distribution under progressive collapse skiewasmbserved
thatBrace 793 (BR 793) incredsg855.3%with a dynamic amplification factor of 1.47
and Bace 794 (BR 794) incredses5103% with a corresponding DAF of 1.38.

The dynamic effect of sudden column loss on brace response depends on the location of the
bracing relative to the position of the removed colbigure5-17 presents the axial force
responses in the columns bounding the removed column of the brace frame system (BFS)
Maximum axial force response occurs in column 21 with an axial force of 8651kN which
gradually stabilises to a static response of 464 3af88k2s. On the other hand, column 91

and column 41 has a maximum response of 7394kN and 4316kN respectively which
stabilises after 2s to a static response of 4484.4kN and 3104.84kN respectively.
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Figure 517 Axial force responses of columns due to ECRS
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Figure 518 Column shear force response of BFS
Figure5-18 shows that the maximum dynamic shear force sespbthe columns occurs
at column 41 with a value of 34kN relative to its static response of 21.01kN. This implies an
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increase of 38.2% which is a consequent of the dynamic response as a result of the sudde
column loss. The shear force at these colunsignificantly reduced due to the effect of
the bracing system.

140 - /Mmax = 125.3kNm
120 Mmax = 106.5kNm
1004 Mm&IX = 93.1kNm
= ]
£ 801
£ 60+
2 o]
s 40—_ |
£ 20
g . — Col 21
04
% 1} —— Col 41
O -20- Col 91
-40 -
'60 T T T T T T T T T 1
0 1 2 3 4 5

Time (s)

Figure 519 Moment response in columns due to ECRS

Figure5-19 presents the dynamic moment response of the columns connecting the edge
column removal scenario (ECRS). The columns comninetiands of beams 561 and 571
along the long span @elumns 21 an@olumn 41. The removed column is located between
these columnis labelled as 3The maximum response@idlumn 41 is 125.3kNm which
occurs at 0.5s relative to the static responke abtumns which is 70.92kNudsing the
maximum moment response in the columns, the dynamic amplification res@ohs@ffor

41 is 1.&s comparetb the 2.0 recommended in the design guideline.

In conclusion of thassessmemtf ECRS, bracing provides alternative path for load
redistribution under progressive collapse scenario. The location of the bracing significantly
influences catenary force development in beamgythwigng the tensile force response

of the beantolumn connection. The dynararoplification factor (DAF) response based

on thechange ircatenary forces approximately 1.2%hich is attributed to the bracing

effect. On the other hantthe DAF based on the shear force ciatein thecolumrsis 1.62

and thatfor the moment critaon isapproximately 2.07. For these studiessmoment
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response critem in columrs is the dominant assessment cotefor the DAF whilethe

catenary force is the domingatdtorfor the beams.

5.5.3 Position three; NLD assessment due to ICRS

This subseain investigatthe behaviour of the structure under interior column removal
scenario. A tiled view of the model showing the response of the structure and the structural

labeldn the transverse and longitudinal planes is shdwgune5-20.

BM  851:Col
nsms | 131
‘ BM  861:Col
151

JT 158

" uF. BM 301:Col81
B o B BM  401:Col
v g - 201

2 8 o o JT 158

Figure 5-20 Deformed shape and elevation planes due to ICRS

From Figure5-20 the interior joints labelled a$56 (JT 156). Alonipe longitudinal
direction (Long spanas shown in theop right corner of igure5-20, the joint of the
removed column is connectedBeam 651 anBeam 661. These beams at one end are
connected t€&olumns 131 an@olumns 151 respectivepong the trasverse direction

the joint of the removed column (Jt 156) as shoigure5-20is connected to beam 391

and beam 401. These beams are connected to column 81 and column 201 respectively. Tl
3D elevation at the left hand corner shows the stressepdd\ile to the interior column

removal scenario (ICRS).

The objective of this investigation is to assess the redistribution of forces in these members
due tothe sudden loss dheinterior columr(Col 41) The assessment order at which the
investigatiorwas carried out &s follows slab, beams, columasd joints. Before the
assessment of the slab, a brief description of the stresses in the shell is presented and the si
conventionbriefly describedThe assessment the slab is focused on the maximu

principal stresses developed at the top and bottom face of tidislalis modelled as a

165



shell and its redistribution along the storey height. In adthgoaigsessment of the slab
includes an evaluation dietdynamic amplification factor using riieximum principal

stress at the top and bottom surface of the slab and the maximum shear stress developed.

Since catenary effects is the most important consideration in evaluating joint and beam
responses under progressive collapse, the catenary f@iopedein all the beams
connecting the node of the removed column will be compared and aSsesthdless

the columns would be evaluated tfar axial force response, shear force response and
moment response. All the columns (CoC81201,Col 131,and Coll51) bounded to the
removed column via the beamB be compared for axial force respoasg@maximum

shear force respongeénally, since GSA 2003 recommends a dynamic amplification factor
of 2.0., the assessment will check the dynamic atmpiiffeator using the axial force
response critem, the shear force response cotgrand the moment response citeri

with a view of proposing a dynamic amplification factor fotygscbfstructural member
under progressive collapse scenarion@xiesubsection presents a brief description of the

slab stresses and the response of the panels at each floor along the storey height of the sle

Slab Response under Progressive Collapse Scenario

As shown irFigure5-21the numbers,12 and 3 describe the local axis of the shell in a

direction perpendicular to the positive face.

| Positive2Face -/

% Negiéﬁve -_37#';3'03 i

Figure 521 Shell element stress conventioBAP 2000)

The shell stresses as dadim the user manual (SAP 2000) are S11, S22, S12, S13 and S23
S12 and S21 are expected to have the same value as stated in SAP 2000 Ssessianual.

S11 acts normal to the positive face 1 and acting along the direction of the local axis 1.
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Similary, S22 actsormal toface 2 of the shell element atehg the direction of the local
axis2. The kell stresses based on SAP 2000 is presehtgdriab-22

S-Max

S-Min

S-Min

Axis 2 M S Mz

S-Max and
Maximum Transverse Shear Stresses

Angle for
S-May

13

Axis 1

Note:

Shell element stresses are reported
at the cormer points of the
appropriate face of the element

Figure 5-22 SAP 2000 stress definition along a shéBAP 2000)
Table5-5 is the stress redistribution at different storey height. Thes sthdigs that the

stress at the bottom of the shell is more critical as compared to the stress developed at th

top of the shell. From the left, the first column is the storey height of the building, the next

two columns represent the shell principal sg@dshe top and bottomi&x(t), SVax(b))
while the fourth column represents the maximum shear stvs S
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Table 5-5

Stress redistribution and DAF for shell assessment

H SMax [S SMaxV [ DT DB DS DAF-v [ DAF-t | DAF-b
(m) ®) Max(b) N/mm 2 | N/mm 2 | N/mm 2 | MaxV

N/mm 2 | N/mm 2 N/mm 2
0 0 0 0 0 0 0 0 0 0
3.5 25.32 37.98 0.365 49.8 74.3 0.720 1.97 1.97 1.96
7 24.4 36.45 0.353 49.32 73.12 0.709 201 2.02 2.01
10.5 23.47 34.85 0.337 48.62 71.51 0.683 2.03 2.07 2.05
14 22.55 33.05 0.318 47.83 69.37 0.671 211 2.12 2.10
17.5 21.55 31.22 0.299 46.95 67.26 0.647 216 2.18 2.15
21 20.95 30.17 0.289 46.68 66.48 0.640 221 2.23 2.20
24.5 20.05 29.47 0.282 46.57 66.17 0.638 2.26 2.32 2.25
28 19.72 27.64 0.262 45.57 63.23 0.604 231 2.31 2.29
315 18.17 24.87 0.229 43.62 58.91 0.549 2.40 2.40 2.37
35 17.35 23.32 0.211 42.46 56.38 0.519 2.46 2.45 2.42

The fifth, sixth and seventh columns (DT, DB,-M&xV) represents the shell dynamic

response at the top and bottom and the shear respectively. The last three columns are th

dynamic amplification factor using the shear force criterion, the shell stitessep ahd

bottom respectively. Increase in the number of storey height reduces the magnitude of the

stress developed in the shells at that storeyllewegure5-23 an approximate linear

correlation between the dynamic amplification factor and the principal shell stresses in slab:

is presented. The derived regression equation, Y = 1.913 + @/0&XY is the dynamic

amplification factor and X is the numbérstoreg approximately predicts the dynamic

amplification factor at any given floor.
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25 7 Equation y=a+b*x
Weight No Weighting
Residual Sum 0.00214
of Squares

2 4 T Pearson's r 0.9955

Adj. R-Square 0.9899
Value  Standard Error|

DAF-t Intercept 1.91267 0.01117
2.3 DAF-t Slope 0.05352 0.0018

DAF based on principal stresses

2.2
—a— DAF-t
2.1 —e— DAF-b
—— Linear Fit of Sheetl DAF-t
2.0
1.9 - . . . . . . . : ,
0 2 4 6 8 10

Number of storey

Figure 5-23 DAF vs number of storey using shell stresses
The loss of an interior column (F@141) located on grie€C3on the floor plan affects the
connecting beams (651 and 661) along the longspail asBeam 391 anBeam 401
along the short span. These beams are conneCdrio 131 an@olumnl51 along the
long spanandColumn 81 ad Column 201 along the short span. Due to sudden loss of
Frame 141, the changes in the internal forces of these elements are assessed as presente

subsequent subsections.

Beam response due to ICRS

Two response criteria are considered for the bea®sinterior column removal scenario
(ICRS): catenary force response and shear force response. As Sliguvash24, the
maximum catenary force response is 98.33kN which ocBeammn401 along the short

spanAlong the long span, the maximum catenary force response is #6E3kiNs 651
andBeam661.
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Figure 524 Catenary force response due to ICRS
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Figure 5-25 Shear force response due to ICRS
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The catenary force respona@ becompared with the internal ties provision in Eurocode
1 EN19911-7 as shown iRquation5-1

Y oM@ e i & ix @0 51
Where'Y is the internal tie forcé&Q is the gravity load angl is the imposed load, s is the
spacing of the ties and L is #pan of the ties. Using this expression and comparing it with
the minimum accidental tensile load of 75kN, the design tensile accidental force is 123.12kN

while the catenary force developed in the beams is 98.33kN. The design tie force of 123.12k1

exceedghe catenary force in the interior beam responses by a maximum of 20.13%.

The maximum shear force response occurs in beams 651 and 661 along thewithg span

a maximum response of 68.04kN at 0.002s corresponding to the column removal time.
However, thre is negligible shear response in the tie H&zans 891 anBeam 401) along

the short span of the removed column.

To summarise the internal beam response under progressive collapse scenario, the mo
important internal force response in beams isdtemary force response. Using th
response critem, relative comparison of tim@nlinearstatic response to tmenlinear

dynamic responsg 1.91 Thisis 4.5% less than the recommendation in GSA 2003. The
maximum catenary force response of the beamedating the removed interior coluisin
98.33kN. Thdollowingsection presents column responses under interior column removal
scenario. Changes in the internal force response (axial, shear and moment) of the column

around the interior removed colume presented.
Column response due to ICRS

Figure5-26is the axial force response of the column members adjacent to the node of the
ICRS.The maximum axial force response in columns occurs in Column 201 which has an
axial force response of 8539kN and Column 81 which is the column along the sHort span o
the removed column. The axial force response stabilises to a static condition after 2.5s
Comparing the static and dynamic responses in Column 81 and Column 201. It was observe
that the dynamic amplification factor is 1.5. For Columns 131 and Coluaeiyirtdmic
amplification factor of 1.56 and 1.59 is observed respectively.
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Figure 5-26 Axial force response in columns due to ICRS
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Figure 5-27 Shear force response in columns due to ICRS
The shear force response of the columkmg the beams connecting the removed interior
column is presentedkiigure5-27. The maximum shear force response occéraime 81
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andFrame 201which act in opposite directiogh amilar behaviouis exhibtedin Frame

151 andrrame 131. The maximum dynamic response insf&dm201, 151 and 131 are
96.44kN, 52.27kN, 96.55kN and 52.27kN respectively. Comparing the columns on the short
span Frame 8&nd Fram@01), the dynamic amplification factor basegtieshear force

criteron is 1.93however, when columnsrgme 131 anBramel51) are compared, the
dynamic amplification factor is 1.92. This studies shows that there is a consistent respons
on the dynamic amplification factor using the shear faec®efor the columns along the

short span as well as the long span.

The next plo{Figure 88)presents the moment response of the columns as a result of the
internal column loss scenario (ICR8g olumns along the short span of the removed
column a Frame 81 anBrame 201lwhileFrame 131 anframel51 are on the long span

of the removed column. As shown on the ploFigiire5-28 the maximum moment
responses of the columns along the short span are 111.1kNm while the maximum moment
response along span is 55.72kNm.

M__ =111.1kNm —— Frame 81

1204 . — ma
_ —— Frame 131
M = 55.72kNm Frame 151

— Frame 201

Column moment (kNm)
o

Time (s)

Figure 528 Moment response in inerior columns due to ICRS
This stug shows that the moment criteriusedor the dynamic amplification factor does

not captures the dynamic response, therefore the axial force and shear force response i

173



columns can be used to assess the dynamic atiguiifeetor.The shear forces criteni

is the most critical relative to the axial force response.

In conclusiorfor the ICRS, it was observed that the dynamic amplification factor (DAF)
based on the catenary force respmn$@3based otthe axial faze response critenin

columrs, it isl1.5,based onhte shear force criteniin columnsit is 199 (Col 151)The

dynamic effect on the moment response is insignificargequently, this study shows that
catenary force response in beams and shearrémponse in columns #re two key

features affected by sudden column loss. The next assessment presents the response of t

structure at the eightloor column removal scenario (EFCRS).
5.5.4 Position four: NLD assessment due to EFCRS

The deformed shape and member descriptions to be investigated are igowebi9

The beam connecting the removed columns along the long span is beam 548 which is
connected to column 18 at its end. On the transverse direction, beam 308 connects the nod
of the removed column at one end and column 68 at the other end. Abode= tbethe

removed column (JT 9), the three slab panels would be assessed for the redistribution o

principal and shear stresses, and the maximum dynamic amplification factor.
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Figure 5-29 Stress distributon and label description under ECRS
The order at which the investigation was carried began with the slab response by considerin

the panels (141, 161, 181) above the removed column, followed by changes in the stres
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redistribution in the beams (BM 308)54onnecting the removed column, and finally the
columns connected to the other end of the beam (Col 18 ,68). Panel 141 corresponds the
first panel just above the removed column at the eight floor, panel 161 corresponds to the
panel of the slab at tBéh floor while panel 181 is the top most panel at thigob.

The slab response to sudden dynamic response of the structure for principal stresses at th
top and bottom of the shell and shear stresses is presented below. The three panels of th
slababove the removed column are panel 141, 161 and 181 respectively. Using the maximur
principal shell stresses at the top surface of the shell (SMax), sudden removal of the eigh
floor column shows that the mid panel (Panel 161) is relatively more sressgrhieed

to panel 141 and 181. The response of panel 141 exceeds panel 181 by 11% while panel 1
exceeds the response of panel 141 and 181 by 27.8% and 35.9% reBppo@zEed0
andFigure5-31 presents the principal stresses at the top and bottom surface of the panel
due to EFCRS respectively.
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Figure 5-30 Principal stresses vs time at top of shell
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Figure 5-31 Principal stresses véime at bottom of shell

It isobserved that the middle panel response (Panel 161) exceeds panel 141 just above tt
node of the removed column and panel 181 at the topmost floorl%y &% 23.2%
respectively. Panel 141 exceeds the response of panel 181 by 9.5%. This investigation sho
that the maximum panel response either using the top or bottom principal stress response
shows that the mid panel is more stressed relative to thpigtaamieove the node and the
topmost panel based on the principal stress response criteria. However, to further ascertail
this assertion, the checks were extended to the shear force response of the panels as sho\

in subsequent plots.

Figures-32presents the maximum shear force response of the panels just above the removec
eight floor column. As shown on the plots, the maximum shear force response occurs at the
mid panel (Panel 161) with a maximum shear fopomsesof 0.96N/mr This response
exceeds the response of panel 141 by 15.6% and 26% respectively. Although, comparin
panel 141 and 181, panel 141 just above the removed column exceeds panel 181 at tf
topmost floor by 12.3%. A summary of the shell reggan presented in table to evaluate

the dynamic amplification factor based on the shell responses.
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Figure 5-32 Principal shear stresses vs time at shell top surface

Computing the dynamic amplification factor (DAF) using the principal stress criteria and the
shear stress criteria, a range of 1.95 to 2.01 was obtained as BhaloebH6n The mean
DAF is 1.97 with a standard deviation of 0.02.

Table 5-6 Stress redistribution of shells due to EFCRS

H (m) SMax () SMax(b) = SMaxV DT DB DS DAF-v DAF-t DAF-b
N/mm 2 N/mm 2 N/mm 2 N/mm 2 N/mm 2 MaxV
N/mm 2
28 25.16 41.99 0.416 49 82.23 0.81 1.95 1.95 1.99

315 34.78 49.21 0.487 67.89 96.84 0.96 1.97 1.95 1.97
35 22.20 36.96 0.358 43.52 74.41 0.71 1.98 1.96 2.01

The subsequent assessment is loestee behaviour and response of beams to eight floor

column removal scenario (EFCRS). The beams assessed as explained earlier are the bee
connecting the node of the removed column (BM 584, 308) along the long span and the
short span respectively. Tleaims are assessed for catenary force response criteria as shown

below.
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Figure 5-33 Catenary forcgkN) vs time at EFCRS

The maximum catenary force response in the beams (BMB30&4&8) connecting the

node of the removed column are beam are 442.6kN and 258.4kN respectively as shown ir
Figure5-33 The ratio of the catenary force response at the short span to the long span is
1.71 whichmplies that the short beam significantly resist the removed column relative to
the beam on the long side.

Using the catenary force response criteria, the dynamic amplification factor for beam 308
and 548 is 1.94 and 1.93 respectively. Using the maxionenof 1294, it is observed that

the recommendation in GSA 2003 is 2% conservative. The columns would be assessed fo
changes in the axial force response, moment and shear forces in relation to the correspondin
static response of the structure. The toteé response, shear and moment are presented

in that order in the subsequent pl&igure5-34 shows the axial force response of the
columns connecting the ends of the beams along the long and short spatrudttive.

Col 68 which is located on the transverse direction has a maximum axial force response o
2083kN while column 18 has a maximum axial force response of 1670kN. Relatively, Col 6¢
on the shorter span of the removed column exceeds the resptiveseadimn on the

longer span with 19.8%. The shear force response of the columns is présgatest 3.
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Figure 5-35 Column shear brce (kN) vs time

The shear force response of the column 68 is 92.23kN while the shear force response o

column 18 is 6

6.27kN. Comparing the response of the columns, column 68 on the short
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span of the removed column exceeds the response of column B3lvihFigure5-36

presents the relative moment response of the columns.
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Figure 536 Column moment(kNm) vs time response
From observation, column 68 is more critical relative to colufiml®aximum moment
response of column 68 is 79.66kNm while that of column 18 was 44.96kNm. This implies
that column 68 along the short span of the column exceeds the response of column 18 alon
the long span with 43.56%.

Since joints are the most impottanit in high rise steel structuressiimportant to
compare the joint responses under sudden column removal scenario. The joint displacemer
and rotational response are the two criteria used for this assessment and the responses &
presenteth Figure3-37andFigure3-38 The maximum displacement response of the joints
occurs at the eight floor column removal scenario with a maximum displacement of 265mm
correspongaiig to a maximum rotation of 0.0419rads. The interior joint has a minimum
displacement and rotational responses relative to the response at the eight floor and corne

column removal scenario.
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Figure 5-38 Maximum joint rotation (rads) vs time
Evaluating the dynamic amplification factor using the dispficesponse criteria atsJT
it was observed that the dynamic amplification factor was 1.85 based on displacement
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response and 1.93 based on rotational response. The dynamic amplification factor using th

axial force response for columns 68 and 18 arentl 2761 respectively.

In summary, at the eight floor column removal scenario it was observed that the most
important internal force response in beams is the catenary effects which results to a DAF of
1.94. Using the column responses, it was obserteitheéhshear force is the dominant

internal force influence by dynamic effects. The DAF based on the maximum shear force
response (Col 68) was 2.01. The next section assessed the response of the brace systen

double column loss scenario.

5.6 Multiple column loss investigation

Critical abnormal loads could result in the loss of multiple colwemegthis section
investigatethe behaviour and responsestdelstructure to multiple column loss. The
assessment will be restricted to the perimeter dutlteng since it has a potential to

external attack relative to the interior of the structure.
5.6.1 Scope of investigation

Figure5-39 shows the column removal location #meldeformed state of the structure

under duble column removal scenaReevious study shows that the beam response is the
most important criterion, therefore this assessment is focused on the catenary force
response. fle beams assessed are Beam 541 and Beam 551 in the longitudinal direction o
the structure and Beam 30lthe transverse direction. Along the short span, the ends of
Beam 301 are connected to column 61 while on the long span, theBeraas 551 (BM
551)areconnected t€olumn 21 (Col 21). These columns (Cali2ilCob1l)areevaluated

with the columns (Coléhd Coll2) just above the removed column.
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Figure 5-39 Description of model and case study
5.6.2 Catenary beam responses

The beam catenary force response is preserfteguie5-40. From the assessment, the
maximum catenary force response occurs at the short span of the structure. Beam 54!
develops a catenary force response of 174.3kN, while the beam (BM 551) connecting it tc
the boundedolumn develapa catenary response of 39.8kN. In view of this response, the
connection at the endsBéam 5%, showing an axial force response of 39.81dy likely

not fail due to the catenary effeetausé is expected that all connection typesikhbe

capable of transferring an axial tension of 75kN based on the pro\Esioycotie 3.

Under double column removal scenario, (@old22) haea maximum axial response of
434.12kN and 470.2kidspectivelyThe initial axial forces in these colammere 1715kN
and 2762kN respectively. This implies that the loss of the columns beneati itm&slt
loss in its initial load f@olumn (Col 2) andn83% loss in the axial force@dlumn 12
(Col 12)
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Figure 540 Catenary force responses under double column loss

5.6.3 Column responses

The columns just above the joints of the removed columns (Col 12 andb&oki®)ir

ability to sustain gravity loéas presented Figure5-41
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Figure 541 Column axial force response above removed column
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The initial axial force response in Columns 2 and Columns 12 are 1715K6PkNd 2
respectively. For the static analysis, without the double columns, the axial force the axia
force of Column 2 and Column 12 are 30.58kN and 51.6kN respectively. Coheparing t
initial axial forcéo the static responsejstobserved that there igeduction in the axial

force in the columns by 98.2% and 98.13%dumn 2 andColumnl2 respectively. Static
analyss of the structure without two columns resaltee loss in the axial force response

of the columns just above the removed columres.dyhamic analysis response of the
structure is presentedkigure5-41 It was observed that the respons&soaimn 2 and

Column 12 are 434.4kN and 470.2kN respectively. The ratio of the dynamic retdponse to
initialstatic response for columns 2 and 12 are 14.2 and 9.11 respectively. The next plot is t
assess the shear force response value of the columns relative to its initial axial force, stat
response, and dynamic respdriggire5-42 presents the shear force response of Columns

2 and Column 12 to sudden column loss scenario (DCRS).
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Figure 5-42 Column shear forcevs time

These columns are located aboeerémoved columns. The initial shear force in these
columns without column removal scenario is 1.95ldtatic analysis was carried out after
rebuilding the model without double columns and, it was observed that the shear force
responses of the column®ab the removed double columns are 205.99kN and 289.09kN

for column 2 and 12 respectively. The response of the columns under static analysis i
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significant relative to the initial axial force response in the column. The dynamic analysis
response dfolumn2 andColumnl12 are 382.5kN and 536kN respectively. In view of these
responses, the dynamic analysis response resalte27% and 85.4% increment in the
dynamic response of the structure relative intraastatic response.

Figure5-43 presents the moment response of Columns 2 and Column 12 under sudden
column loss scenario. The maximum moment in Column 2 and Column 12 is 780.6kNm and
1079kNm respectively. At the conventional stage, the maximum moment response of this
column befoe the columns are removed for Column 2 and Column 12 is 1.88kNm and
3.77kNm respectively. After the model is built without the removed columns and the analysis
re-run for static case, the moments in the columns are 419.05kNm and 581kNm respectively
A reldaive comparison between the static and dynamic analysis response based on the
moment response of Columns 2 and Column 12, shows that sudden column loss results ir

86.3% and 85.7% increase in moment respectively.
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Figure 543 Moment response of columns vs time

In summary,the investigatiorof the columns above the removed double column(Co
andCol 12) shows that the columns lose approximately©O88r internal axial force
with sigificant shear and moment been developed at the joint connecting the removed

column.The internal axial force in these columns were redistributed within the structural
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system with significant chasge the shear and moment force respomggch vere

negligble during the conventional design stage of the columns.
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Figure 544 Plan layout of double column assessment
Using the plan dfigure5-44, the columns on grid-Aand A2 are the removed columns
while the columns investigated are the colurgridbA-3 (Col 21), column on grid B1 (Col

71) and interior column on griePRCol 61).

The beams investigated at the first floor are the libetsraen grid A1 and A@BM 541),

the beam at grid A&hdA3 (BM 551) and the beams between grid A and B (BlViA3énd

2 (BM 341). The column response is presented which is followed by the response of the
beams under sudden column removal sceRayire5-45 presents the maximum axial

force responses of Column 21, Column 61 and Column 71 as they vary with time. The
maximum axial force response in Column 21 is 5663kN, that of Column 61 is 7870kN and
that of Column 71 is 11360kN. The axial forces in tods@ns at conventional design

stage without column removal are 3066.4kN, 2812.8kN, and 4162.4kN for columns 21, 61
and 71 respectively. After running static analysis without the missing columns, it was
observed that the axial force response in Colum@aimn 61 and Column 71 are
3377.8kN, 4936kN and 7003.7kN respectively. The variation between the initial state of the
structure and the increment due to stress redistribution shows that Column 21, Column 61
and Column 71 increases by 10.2%, 75.5%, &6 (& pectively under static response.
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Figure 545 Column axial force response (kN)
Comparing the static response with the dynamic response, it was obsélukorthatl
increass by 67.7%olumn 61 increases by 59.4% @alhimn 71 increases&®.1%The

shear force responses of the columns are presehigdrab-46.
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Figure 5-46 Shear force response (kN)
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The shear force responses of the columns are preséngraoies-46. The maximum shear

force response i@Golumn 71 is 188.7kNColumn 61 has a maximum shear foesponse

of 144.8kN while column 21 has a maximum shear force response of 47.11kN. Relatively,
Column71 is more critical relative@olumn 21 an€olumn 61. The initial shear force in
columns 21, 61 and 71 before column removal are 0.92kN, 0.866k0l7 2kl
respectively. After the model was rebuilt without the missing coluitmestatic analysis

case, it was observed that the shear force in the columns 21, 61 and 71 increase to 25.5kl
72.5kN and 95,9kN respectiv€lgmparison between the stadsgonse and the dynamic
responsen orderto assess the exteattwhich the sudden column removal affects the
structure is importarfor the case considered, comparing the static response to the dynamic
response of the structure, it was observedCiamn 21,Column61 andColumn71
increases by 85%, 99.7% and 96e&¢ectivelyrigure5-47 shows the moment response

of Column 21, Column 61 and Column 71 under multiple column removal scenarios.
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Figure 5-47 Moment force response (KNm)
The initial moment in thelumns before double column removal are 2.18kNm, 1.65kNm,
and 1.59kNnmmespectivelyThis initial state of the column moment is insignificant and can
be designed for pure axial loadiflge static response @olumn 21 Column6l, and
Column 71 is 63.8kNm,175.7kNm, and 229.7kNnespectively, mle under dynamic
analysis; the responses are 52.4kNm, 174kNm, and 224.7kNm respectivelgdden
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column removal of double columtie dynamic increment fGolumns 21Column61 and

Column71 does not resdit anincrease ithemoment response of the columns.

5.6.4 Joint responses

The wo important joint factors that determine the ductility and strength of a joint is its
ability to resist vertical displacement under abnormal loading conditions and its rotational
capacity. FEMA 350 gives comprehensive recommendations and limits for joint rotations
under cyclic or seismic excitations. Jiidsectiopresentthe maximum joint displacement

and rotational response under double column loss sc&hariesponses ofédtjoints of

the removed columns are presentdtigare5-48andFigure5-49

Figure 548 joint responses due to multiple column loss

The maximum displacement response occloma® having a value of 286mm relative to
Joint 13 having a response of 240mm. When these is compared stitticthesponsd
was observed that joint 2 and jointdsponse increases by 44.8% and 44.1% respectively.
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