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ABSTRACT

Worldwide interest in how to prevent the progressive collapse for tall and large
buildings under exceptional loading conditions was heightened by the collapse of the
twin towers at the World Trade. The performance of steel-framed structures
subjected to fire loading is heavily reliant on the interaction between structural
members such as columns, slabs and beams. The implicit assumption in fire
engineering design is that bolted connections are able to maintain the structural
integrity for a large and tall building under fire conditions. Unfortunately, evidence
from the collapse of the World Trade Centre towers and full scale fire tests at the
BRE Cardington Laboratory indicates that connections may be particularly
vulnerable during both heating and cooling. Hence, this PhD research is focused on
structural performance of simple steel connections under fire conditions, particularly
the interaction mechanism between non-ductile and ductile components in a
connection and connection failure mechanism in a steel-framed structure subjected to

fire loading.

The research involved experimental testing of simple steel connections and
components (structural 8.8 bolts) at elevated temperatures. High temperature tests on
structural bolts demonstrated two modes of failure at elevated temperatures: bolt
breakage and thread stripping. In order to prevent the thread stripping in a connection,
the manufacturing process of bolts and nuts has been investigated and the ‘over-
tapping’ of nut threads to accommodate the (zinc) coating layer for corrosion
resistance has been indentified as a primary reason resulting in this premature failure
between bolts and nuts. Experimental tests on endplate connections revealed the
ductility of these connections to decrease at high temperatures, which might hinder
the development of catenary actions in fire if plastic hinges are attempted to be
formed within the connection zones. Component-based modelling and finite element

simulation have been utilized for investigation of the performance of these

connections.



An improved component-based model has been developed which includes non-
ductile (brittle) components (bolts and welds) into a connection model with a
reasonable assumption of their failure displacements, based on experimental tests.
This model also features vertical components for consideration of shear response of
these connections in fire. The component-based connection model has been used in a
sub-frame structure and a parametric study demonstrates that a connection may fail
due to a lack of rotational capacity (failure of bolts or welds) in a structure exposed
to a fire. Therefore, partial depth endplate connections are recommended to be fire-
protected to prevent the failure of these brittle components. Alternatively, ensuring
ngth of brittle components (bolts and welds) is higher than that of other

the stre
components in each bolt row is necessary to achieve the ductile failure mechanism of
simple connections. Based on the experimental tests, component-based connection
modelling and finite element simulation, recommendations to improve the robustness

of simple steel connections in fire have been presented.
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CHAPTER 1

INTRODUCTION

1.1 Introduction

Steel building construction offers many benefits to structural engineers, such as
lower cost, lighter weight, low maintenance and fast construction. As a consequence,
portal frames, steel structures and steel-concrete composite structures are widely
used for high-rise and office buildings in many places around the world. However,
there are two problematic issues closely associated with a steel-framed structure:
corrosion and fire. As far as fire is concerned, steel is a non-combustible material,
but the mechanical properties of structural steel are affected by temperatures. One of
the most important factors to describe the fire performance of a structure is fire
resistance, which is defined as the time during which structural elements can
withstand the standard provisions of a fire test (Gehri, 1985). Previous research
(Sanad et al., 2000) has demonstrated that composite floor beam systems can have a
significantly greater fire resistance than suggested by conventional tests on isolated
elements, largely owing to the interaction between the beams and floor slabs in the
fire compartment, and the restraint afforded by the surrounding structures.
Nevertheless, the full-scale fire tests at Cardington (British Steel, 1999) and the
evidence from the pancake-like collapse of the World Trade Centre buildings
(FEMA, 2002) indicates that steel joints might be vulnerable structural components
in a structure under fire conditions, which contradicts the previously held assumption
of steel joints being capable of retaining their structural integrity in fire engineering
design. This is the research background to launch this connection robustness project
under fire conditions which was jointly conducted by the University of Sheffield and

the University of Manchester.
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1.2 Fundamental Structural Concepts

Before discussing the research background of this robustness project in more detail,
it is necessary to clarify the definitions for a number of terminologies being used in
the following research discussion - progressive collapse, tying force, robustness,

ductility and structural integrity.

The basic requirement for tall and large buildings is to provide a safe environment
for people within them, and also ensure their escape to safety under extreme man-
made or naturally-occurring events (IStructE, 2002). Hence, a structural requirement
for these buildings is to prevent progressive collapse under exceptional loading
conditions (fire or explosion). The term progressive collapse (or disproportionate
collapse) refers to a failure mechanism for a structure characterized by a distinct
disproportion in size between a triggering event (or local failure) and the resulting
widespread collapse (Starossek, 2007). Steel-framed structures are required to
possess sufficient material strength, ductility and energy absorption capacity for the
structural members (including steel connections) to resist their failure under fire or
explosive conditions. The term ductility is the ability of a structural component or
structural system to withstand large deformations (Starossek and Haberland, 2008).
For metal materials, ductility is a mechanical property to describe the extent to which
materials can be deformed plastically without fracture, which may be quantified as a
ratio of an engineering strain at fracture over that at the elastic limit. For connections,
ductility usually means rotational capacities of bolted connections whilst sustaining
moment, but may also mean extension of a connection if this connection is only
subjected to pure tensile loading (Owens and Moore, 1992), which may similarly be
defined as a ratio between a rotation or displacement at failure (fracture of a
connection) and an elastic rotation or displacement attained at the elastic limit. This
concept (ductility) has a large influence on preventing the development of a
(progressive) collapse mechanism of a structure and how to increase its structural
integrity under exceptional loading conditions, which is also closely connected to the

energy absorption capacities of the structural system and structural components.

In the preceding paragraph, the term structural integrity has been first mentioned in

the statement of description of ductility of structural components. It may be defined

2.
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as insensitivity of a structure to accidental circumstances (Starossek and Haberland,
2008); the structure is capable of absorbing local failures without widespread
collapse. The term robustness is more or less equivalent to the definition of structural
integrity in this PhD dissertation and sometimes these two terminologies have been
utilized interchangeably. In order to maintain the structural integrity, prescriptive
design rules have been recommended in British codes. BS 5950: Part 1 (BSI, 2000)
stipulates that all structural members (beams or columns) in a building should be
effectively tied together at each principal floor level. Each column should be
effectively held in position by means of horizontal ties in two directions
approximately at right angles at each principal floor level supported by that column,
and all horizontal ties, and all other horizontal members (connections and beams),
should be capable of resisting a factored tensile load of not less than 75 kN (BSI,
2000). This approach (tying force approach) is intended to tie a steel frame
horizontally and vertically to increase its structural continuity and create a structure
with a high level of robustness (Hu et al., 2008). The #ying force is the action which
is generated within steel beams or columns and passed through steel connections.
However, tying resistance refers to the ability of connections to resist the tying

forces. More details of this aspect will be discussed in the following chapters.
1.3 Review of Collapse Related Events

In the UK, consideration of structural integrity as a design issue was initiated by the
partial collapse of Ronan Point in 1968. The Ronan Point apartment building was
constructed using the Larsen-Neilsen system developed in Denmark: pre-fabricated
walls, floors and stairways and then assembling these concrete components, lifted
into position by crane and held together by structural bolts. When an explosion
occurred on the 18" floor of the new building, blowing out the sections of the outer
walls, this modern construction method proved to have a major fault, which
permitted a domino style collapse of wall and floor sections from the top of the
building to the ground. This (partial) collapse mechanism of Ronan Point arose from
a lack of positive attachment between principal elements in the structure (Owens and

Moore, 1992), and the connections in this structure were unable to maintain

structural integrity under the explosive loading conditions.
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On June 23" of 1990, a fire occurred in a partly completed fourteen storey at the
Broadgate development in London (SCI, 1991). The connections were reported to
have fractured bolts and end-plate failure due to this accidental fire, which exhibited
that fire performance of brittle components (bolts) may be a severe concern in a
connection for a steel-framed structure. Subsequently, a series of full-scale fire tests
were conducted at the BRE Cardington Laboratory in 1996. This research work
involved six large scale fire tests (restrained beam, plane frame, first corner, second
corner, large compartment and simulated office) and extensive numerical modelling,
funded by British Steel plc (Corus), ECSC, BRE, The Department of Environment
Transport and Regions, TNO building and CTICM (British Steel, 1999). In the
restrained beam test, partial depth end-plate connections were observed to fracture in
the vicinity of the fillet welds, as shown in Fig.1.1 (a). In a subsequent plane frame
test, shear failure of structural bolts was reported for the fin-plate connections in
Fig.1.1 (b). In a large compartment test, a number of end-plate connections were
discovered with end-plate fracture adjacent to the welds (Fig.1.1 (a)). Failure
mechanisms of simple steel connections are related to fillet welds and structural
bolts, and they are classified as brittle components in the research work of
Kuhlmann, et al. (1998), due to the very small deformations which occurs before the

fracture loads.
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Figure 1.1: Failure of simple connections in the full-scale fire tests (a) end-plate
connections (b) fin-plate connections

This PhD research is intended to discover the interaction mechanism between the
brittle (non-ductile) components and ductile components in a connection and its

effects on the connection failure mechanism in a steel-framed structure when

subjected to fire loading.

1.4 Thesis Layout

This PhD research aims to increase understanding of the fire performance of steel
connections in a steel-framed structure and reveal the failure mechanisms of these

connections under fire conditions.

Chapter Two reviews the fundamental concepts in structural fire engineering and
summarises the research literature on the development of the fire performance of
steel connections. This chapter also introduces the component-based approach for
modelling steel connections in fire conditions, because development of a component-

based connection model is an important research topic in this robustness project.

Chapter Three presents the research methodology adopted, including experimental
testing, finite element simulation, and development of component-based connection

models.
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The fire performance of steel connections is heavily dependent on the behaviour of
their components e.g. bolts, welds or end-plates. Therefore, Chapter four presents the
research findings of an experimental study of the performance of structural bolts in

fire.

Chapter five reports details of an experimental study of partial-depth end-plate
connections in fire and investigates the mechanism of connection failure (caused by

end-plate fracture at elevated temperatures) using the component-based approach.

Chapter six and Chapter seven utilize two different research strategies: component-
based modelling and finite element simulation, to investigate the performance of
steel connections at high temperatures. Chapter eight is a further extension of these
two chapters and is a parametric study of connection performance within a sub-frame

structure.

Chapter nine draws together the knowledge on robustness of simple steel connections
in fire and explains how to maintain the structural integrity for tall and large
buildings under exceptional loading conditions. The final chapter presents the main
conclusions of this PhD research work and recommends the potential research areas

for further research.
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CHAPTER 2

LITERATURE REVIEW

2.1 Introduction

The traditional approach of ensuring the strength and stability of a steel framed
structure under fire conditions is to cover all the exposed areas of steel members with
a protective material. Although this approach has proved adequate, it is extremely
conservative and expensive in cost of construction. To reduce costs, structural fire
design may be conducted which aims to match the mechanical resistance of a steel
frame in fire to the loads it is required to maintain during fire exposure. Fire Safe
Design (SCI, 2000) contains recommendations for fire protection of principal
structural elements such as beams, columns and floors, but little guidance on steel
connections. This is because beam-to-column connections are traditionally assumed
to have sufficient fire resistance due to their slower rate of heating and thus cooler
temperatures as a result of the large concentration of thermal mass in the connection
zone than the members to which they are attached (Block, et al. , 2006). The full-
scale fire tests at the BRE Cardington Laboratory (British Steel, 1999) and recent
experimental tests (Yu et al., 2009 and Hu et al., 2008) have demonstrated that the
performance of beam-to-column connections under fire conditions may be more
vulnerable than previously assumed. The failure mechanism of steel connections is
heavily dependent on connection types and geometry, material performance and
resistance of individual components such as bolts and end-plates. Under fire
conditions, prevention of progressive collapse of a steel framed structure requires the
connections to be a robust structural component, which are capable of forming the
plastic hinges and intended to develop catenary actions in a structural system. In
providing fire protection to critical structural components, it is essential to have a
basic knowledge of fire and its effect on the structural performance of a steel framed

building.
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2.2 Fire and Fire Development

A flaming fire involves the chemical oxidation of a fuel (e.g. wood) in which heat,
light and energy are released with associated flame, usually generating carbon
dioxide and water. During this exothermic reaction, substances commonly change to
a more stable chemical form. Depending on the specific chemical and physical
change taking place within the fuel, the flame may or may not be visible to the naked
eye. For example, burning hydrogen or alcohol is usually invisible although

tremendous heat is given off during the combustion reaction.

The visible flame has little mass, consisting of luminous gases associated with
emission of energy (photons) during the oxidation process. The colour of the flame is
dependent upon the energy level of the photons emitted. Lower energy levels
produce colours toward the red end of the light spectrum while higher energy levels
produce colours toward the blue end of the spectrum. For example, when burning
organic matter (e.g. wood), incandescent solid particles produce the familiar red-
orange glow of fire, whereas the complete combustion of gas has a dim blue flame

due to the emission of single-wavelength radiation from burning substances.

In structural fire engineering, a standard fire (or standard fire curve) is the simplest
approach to represent a fire by pre-determining some arbitrary temperature-time
relationships, which are independent of ventilation and boundary conditions of a
building. The primary aim of using a standard fire in tests on structural members is to
determine the fire resistance for which an element can survive without violating any
of the specified performance criteria (Al-Jabri, 1999). However, it should be realized
that the standard fire cannot represent a real natural fire owing to differences in
heating rate, fire intensity and duration, which can result in different structural

performance.

Unlike the standard fire curve, the real temperature-time response in a compartment
fire is a function of the compartment size, the type of compartment together with the
available combustible material and air supply available for combustion, which is

often referred to as a natural fire or real fire (Purkiss, 2007). The development of

-8-
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real fires consists of two distinct phases: pre-flashover and post-flashover, as
illustrated in Figure 2.1 (Leston-Jones, 1997). In the pre-flashover stage, the growth
of a fire starts with the ignition of combustible material. In the ignition, the fuel must
approach a sufficiently high temperature with enough supply of oxygen; then the
combustion reactions take place and are restricted to small areas of the compartment.
The ignition temperature (flash point) for most common materials is found to be a
temperature of approximately 300°C. In this stage, active fire protection measures
may be used against fire spread, such as installed fire detection devices and fire

extinguishers in the building, which may play an important role for fire protection.

Temperature |, Pre-Flashover L E’o_stf!gs_hgeﬁgﬂﬁbb
1000-1200°C '

/

Natural fire curve

Flashover
v
180834 standard
fire curve ‘
Ignition
Time
Keywords: Ignitionj Smouldering ‘ Heating 1 Cooling \

Control: Inflammabilityl Temp./smoke Fire load Ventilation
} development density

Figure 2.1: The development of a real fire and ISO 834 Standard fire curve (Leston-
Jones, 1997)
Between the ignition and flashover (a transition from a growing fire to a fully
developed fire) is the growth period of a natural fire. At this stage, the development
of the fire involves the spreading from the ignition source and then becomes well
established locally, as long as sufficient fuel and oxygen are available. Ventilation
conditions in a room can play a significant part in controlling the rate of growth; if a
door is opened or windows break, the fire growth may change dramatically (Leston-
Jones, 1997). Flashover is the transition from a localised fire to combustion of all
exposed combustible surfaces in a room, and the fire spreads to all the available fuel
within a compartment. Once a fire reaches the flashover point fire fighters have no

control in putting the fire out in the region where the fire initiated, and their concern
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becomes stopping the fire from spreading to the adjacent floors or buildings until the
fires dies out (Buchanan, 2001). It should be recognized that active fire protection
approaches do not play an important role beyond the flashover and passive fire
protection measures, including fire protection of essential structural members and

means of escape from a building, are essential design issues.

During the post-flashover phase, the rate of temperature rise in the compartment is
extremely high as the rate of heat release within the compartment reaches a peak. In
the heating regime, maximum temperatures within this fire compartment may exceed
1000°C. For (unprotected) structural elements exposed to fire, damage may occur
through thermal spalling of concrete slabs and plastic buckling of steel beams and
columns due to thermal expansion and material softening in the fire. As the structural
elements are exposed to the worst effects of a fire, loss of structural integrity and
progressive collapse are possible. Once the temperature approaches a peak, the fire
continues into its decay phase (cooling phase). During the cooling phase, the
temperature in the compartment starts to decrease as the rate of fuel combustion
decreases. However, the temperature in the structure may continue to increase for a
short while as a result of thermal inertia (Purkiss, 2007). Once the structural elements
(steel beams) start to contract as temperature decreases, large tensile contraction
forces are produced within the steel beams, which may fracture the steel connections
at both ends, resulting in local failure within a compartment and possibly leading to
the progressive collapse of a building. The research described in this thesis is aimed
toward developing a simple and economic approach to predict connection

performance during the heating and cooling phases of a natural fire.

2.3 Fire Curves

Historically, standard fire curves were developed for standard fire furnace tests of
structural elements and building materials. This is the simplest approach to represent
a fire through the pre-determined temperature-time relationships, which are
independent of ventilation and boundary conditions. Standard fire curves have some

disadvantages and limitations in representing the real fire performance in a building,
including (Bailey, 2006):

- 10 -
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a) Standard fire curves do not represent the natural fire performance. The
differences in the heating rate, fire load and duration between the standard

and real fires can cause different structural behaviour.

b) Standard fires do not always represent the most severe fire conditions.
Structural members designed to withstand standard fires may fail to survive

in real fires.

The European standard of BS EN 1991-1-2 (2002), describes the standard fire curve

as follows:

@, =20+345log,, (8 +1) 2.1)

©, is the gas temperature in the fire compartment (°C)

t is the time (min)

This standard also presents a parametric temperature-time relationship in the annex

for a compartment fire, as follows:

@, =20+1325(1-0.324e%" —0.204e™"" - 0.472¢™") 2.2)

©, is the gas temperature in the fire compartment (°C)

t*=¢-I' (min)
t is time (min) and /" is a factor closely related to ventilation conditions,

vertical openings and boundary conditions of a fire compartment.

However, this temperature-time curve is valid for fire compartments up to 500 m” of
floor area, without openings in the roof and for a maximum compartment height of 4
m. It is also assumed that the fire load of the compartment is completely burnt out.
The advantage of applying the parametric fire curves for structural member design is
to take the compartment size, fire load, vertical openings, ventilation conditions and
boundary conditions into account which is a realistic presentation of fire performance
in a building fire compartment. More details of formulations for parametric fire
curves have been well documented in the standard of BS EN 1991-1-2: Annex A
(2002).

-11-
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2.4 Physical Properties of Steel Materials at Elevated Temperatures

All materials lose their strength and stiffness at elevated temperatures and it is the
purpose of fire resistant design that the reduced resistance of structural members
exceeds the applied loading effects at the fire limit state (Lawson and Newman,
1996). For structural steel members, the coefficient of thermal expansion, specific
heat and thermal conductivity are also important for describing the fire performance

of a structure under fire conditions.

2.4.1 Physical properties of structural steel

Although structural steel is non-combustible, it softens when exposed to fire and it
begins to lose its strength at temperatures above 300°C. Conventionally, steel is
assumed to retain half its strength at 550 °C, which is often referred to as the ‘failure
temperature’. However, in reality structural steel displays higher strength retention at
this temperature. The performance of steel in fire is influenced by the rate of heating,
as the deformation component, arising from creep at high temperatures above 450 °C,
cannot be neglected for structural member performance under fire conditions.
Therefore experimental studies have to concentrate on the practical heating rates of
between 5 °C/min for well insulated sections and 20 °C/min for unprotected or lightly
insulated sections. These heating rates are related to a limiting temperature of 600°C
under the assumption of the limiting temperature is reached after 30 and 120 minutes
respectively with a linear heating rate. Lawson and Newman (1996) believe small-
scale tensile tests using heating rates in this range would be representative of the

performance of structural members in fire.

The physical properties of a material are generally expressed in terms of stress —
strain characteristics. Two basic test methods are commonly used for determining
these stress — strain relationships for structural steel at elevated temperatures.
Isothermal or steady-state tests are conducted by heating up unloaded test specimens
to a certain temperature and then performing a tensile test. The stress-strain curve is
recorded for the given temperature. In order to establish a family of stress - strain
relationships for structural steel at elevated temperatures, a series of isothermal tests

must be carried out at different temperatures. Anisothermal or transient tests are the

-12-
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case in which the specimen is subject to a constant load and increasing temperatures.
The reference heating rate is generally taken as 10 °C/min (i.e. 600°C rise in 60
minutes). Since the test is carried out under a constant load. a temperature- strain
relationship is recorded during the tests. Stress strain curves may be derived from a
number of curves at different stresses. Kirby and Preston (1988) used these two
methods to determine the physical properties for S275 and S355 steels over a
temperature range of 20 °C to 900 °C. They found that the transient — state tests
indicate lower strength than steady state tests, but may be considered to be more
realistic for structural application. The stress-strain characteristics, established from
these tests, have been adopted in BS 5950: Part 8 and later in EC3: Part 1-2 and a

typical set of curves for a range of temperatures is shown in Figure 2.2.
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Figure 2.2: Stress-strain characteristics for S275 steel at elevated temperatures (Al-
Jabri, 1999)

British standards adopt the concept of a “Strength Retention Factor™ to represent the
degradation of material strength at elevated temperatures; while in EC3: Part 1-2, the
factor is termed as “Strength Reduction Factor”. This factor indicates the residual
strength of the steel at a particular temperature relative to the basic yield strength at

room temperature. The strength reduction factors for structural steel according to BS

TR
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5950: Part 8 and EC3: Part 1.2 are presented in Figure 2.3. There are three different
strain limits in BS 5950: Part 8 for application to different types of structural
members. The lower strain limit of 0.5% is used for columns and reflects the
influence of instability of these members under fire conditions. The strain value of
1.5% is used for universal beams with protection materials remaining intact in a fire
and the higher strain limit of 2% is used for composite beams. In the standard of
EC3: part 1.2, 2% strain is used throughout this code with modification for different

types of members.

Reduction factors
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Figure 2.3: Reduction factors for structural steel

At room temperature the elastic modulus of steel is determined as the slope of the
elastic region of the stress-strain curve. Because of the non-linear nature of stress-
strain characteristics at elevated temperatures, the secant modulus is used for
structural steel. However, this depends on the proof strain at which the elastic
modulus is measured. The reduction of the elastic modulus of steel with increasing
temperatures in BS 5950: Part 8 and EC3: Part 1.2, are very similar. Fig. 2.3 shows
the stiffness reduction factor of EC3-1.2.

Steel expands when heated up and this expansion is a function of temperature

represented as the coefficient of thermal expansion, ay. This coefficient increases

slightly with temperature. At room temperature oy is taken as 12 x 10/°C, and 14 x

T
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10°/°C is taken for the temperature range of 200 °C to 600 °C. These expansion
coefficients are recommended in BS 5950: Part 8. At around 730 °C, steel undergoes
a phase change and there is a marked change in the expansion properties as energy is
absorbed and the material adopts a denser structure (Lawson and Newman, 1996). In
the standard of EC3: Part 1.2, the total elongation (extension), A/, of steel is
expressed by the following tri-linear relationships including temperatures beyond the

point of phase change:

for 20°C <6, <750°C

Al=(1.2x1070, +0.4x107°0? -2.416x107*)/ (2.3)

for 750°C <6, <860°C

Al =(1.1x1072)/ (2.4)

for 860°C <6, <1200°C

Al =(2.0x107°8, —6.2x107)] (2.5)
Where:

! is the length of steel at 20°C

Al is the temperature induced elongation

6. is the steel temperature [°C ]

Steel density and Poisson’s ratio are considered to be independent of temperature and

may be taken as 7850 kg/m’® and 0.3 respectively in structural analysis.

2.4.2 Bolts and welds at elevated temperatures

Bolts and welds are structural components with great importance when connecting
different structural elements (beams and columns). Grade 4.6 and 8.8 bolts, specified
to BS 3692 or BS 4190, are two major types of bolts used for building construction.
Grade 4.6 bolts are forged from mild steel (low carbon steel), whereas grade 8.8 bolts
are manufactured from micro-alloy steel which is quenched and tempered to obtain
their high strength (Lawson and Newman, 1996). In general, the actual strength of
structural bolts is higher than the nominal ultimate strength marked on the products,
and the strength retention of these bolts is at least equivalent to the strength of the
parent steel at elevated temperatures, but there is a more marked loss of strength
between 600 °C and 700 °C. The normal partial safety factor of 1.25 for room

temperature bolt design is set to 1.0 under fire conditions. Therefore, the actual

-15 -



Chapter 2 Literature Review

strength retention of bolts might be higher than the adjacent steel members in fire
conditions. In order to determine the deterioration of bolts in fire a series of tests was
carried out by Kirby (1995) on Grade 8.8 bolts. The author also conducted another
series of tests on the same grade bolts because of new bolt standards published
recently. The author’s investigation on 8.8 bolts will be comparatively discussed with
Kirby’s tests in Chapter 4. The strength retention factors of bolts, recommended in

the standards, are presented in Figure 2.4.

Little data has been found related to the behaviour of welds at elevated temperatures.
Lawson and Newman (1996) mentioned that the strength of welds decreases
markedly in the temperature range of 200 °C to 400 °C, but then becomes stabilized
close to the reduced strength of the parent steel. The strength retention factors are

shown in Figure 2.4.
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Figure 2.4: Strength reduction factors for bolts and welds

2.5 Connections and Joints

A steel frame structure is a complex assembly of many individual steel elements,
consisting of universal beams and columns joined by means of connections (joints)
to form a working unit. Beam-to-column connections are one of the structural

elements which are found to be of great significance in retaining the structural
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integrity and contributing to overall building stability at both ambient and elevated
temperatures. Although early steel connections were fabricated using rivets, present
beam-to-column connections are fabricated using high strength bolts and fillet welds.
According to the location, the joints (connections) between the principal structural
members may be classified as: beam-to-beam connections, beam-to-column
connections, column splices, beam splices and column bases (EC3, 2005), as shown

in Figure 2.5.

1 IF 3 3"-' 1 Single-sided beam-to-column joint
configuration;
) 2 Double-sided beam-to-column
1 Kk il Joint configuration;

SHY 3 Beam splice;

12 4 Column splice;

5 Column base.

ath oL oL

Figure 2.5: Different types of connections in a building frame (EC 3, 2005)

In the previous text, the terms of connections and joints are used interchangeably.
However, in the European standard of BS EN 1993-1-8 (2005), the definition of a
joint and a connection is clearly expressed to avoid confusion of these two terms.
Throughout the rest of this dissertation, following the definition in the European
standards, a ‘connection’ is determined as the location where two or more structural
elements meet; and structural components may consist of bolts, end-plates, angle
cleats, welds and fin plates (EC3, 2005 and Block, 2006). In the case of an end-plate
connection, the connection is comprised of the bolts, the welds, the end-plate and the
column flange. A joint is defined as the whole region at which two or more members
are interconnected. For example, a beam-to-column joint can include up to four
connections, two major — axis connections attached to the column flanges and two
minor — axis connections attached to the column web (Block, 2006), as shown in Fig.
2.6. In the conventional structural analysis of a steel-framed building, beam-to-
column connections are assumed to perform with full moment resistance (moment

connections) or without any moment resistance (pin connections). This theoretical
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assumption has simplified connection design, but has also been questioned by
experimental investigations on various connection types. This is because, in the
experimental investigation, even the pin connections have some capacity to resist end

beam moments (Sarraj, 2007).

Connection

Figure 2.6: Definition of joints and connections (Spyrou, 2002)
2.6 Steel Connection Classification and Configuration

As documented in the standard of EC3 Part 1.8 (2005), classic structural analysis
assumes the beam-to-column connections behave as pinned or as fully fixed (full
moment resistance or rigid), which significantly simplifies the analysis and design
procedures. However, the actual performance of steel connections is always located

between these two extremes.

2.6.1 Simple and moment connections

In the design procedure, simple connections must carry shear forces transmitted from
beams to columns, but their resistances to bending moments are not required for
connection design. Since simple steel connections offer a significant degree of
simplicity and standardisation, they are invariably cheaper to fabricate than moment
connections, which is an important driving force for these connections to be utilized
in the building construction. In the documentation of Joints in Steel Construction —
Simple Connections (SCI, 2002), three simple connections have been outlined for
detailed connection design, and they are partial depth end-plates (flexible end-

plates), fin plates and double web angle cleats. Therefore, all these simple
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connections are involved in the robustness project for investigation of their

performance in fire. Moreover, simple steel connections also include top- and seat-

angle connections, single web angle steel connections and top- and seat — angle with

double web-angle connections, as shown in Figure 2.7, but these connections are not

commonly used in UK steel construction.
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Figure 2.7: Simple connection configuration (Sarraj, 2007)

Moment connections are more expensive to fabricate than simple beam-to-column
connections. For this reason, ‘rigid” frame design is not popular in the multi-storey

building market in the United Kingdom, although it does have benefits such as
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permitting longer spans, shallower beams and elevations without bracing (SCI,
1995). In the procedure of connection design, moment connections are required to
resist bending moments as well as shear forces. However, small-size flush end-plate
connections (with two bolt rows), classified as moment connections, are usually
utilized to resist shear forces only in multi-story building construction. So this
connection type has been included in the robustness project for investigation of its
fire performance. Aside from flush end-plate connections, moment resisting
connection types also include extended end-plate connections and T-Stub

connections, and they all are displayed in Figure 2.8.

A— A A
b l'*—g—;

=
Supporting Supporting Supporting

column Supported beam ? column Supported beam e column Supported beam e

I ::;F I
—\ A\ A

(a) Extended end-plate connection  (b) T-Stubs connection (c) Flush end-plate connection

Figure 2.8: Moment connections (Sarraj, 2007)
2.6.2 Stiffness classification

The rotational stiffness of a connection is defined as the initial slope of the moment-
rotation curve. In the traditional design procedure, connections are assumed to be
either ‘pinned’ or ‘rigid’ in the global structural analysis. The Rigid case refers to the
connections without relative rotation between the beams and the columns, which
possess very high rotational stiffness, and therefore the full beam-end moment is
transferred from beams to columns. For a nominally pinned connection, the rotational
stiffness is assumed to be zero in the analysis, and therefore no moments can be
transferred between the structural members at the theoretical level. However, pinned
connections are able to transfer shear and horizontal loading effects to the steel
columns and may possess the higher level of rotational ductility for analysis

purposes. Over the last eighty years of investigation on steel connections, it has been

shown that the real performance of steel connections is neither rigid, nor pinned. The
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majority of steel connections used in building construction are semi-rigid. In this
case, these connections allow some relative rotation between the beams and columns,
and beam-end moments, dependent on the connection stiffness, are transferred within
the structures. For simplification in design, the European standard of BS EN 1993-1-
8 (2005) specifies the boundaries between connections which are assumed to behave

as pinned or rigid, as shown in Figure 2.9.

M; A Zone 1: rigid, if
I’lgld S./.m: ZkhEI,,/Lh

Where k, =8 for braced frames

and k, =25 for other frames

1 Semi-rigid
2 Zone 2: semi - rigid
3 i All connections in zone 2 should
pmn .
‘{ be classified as semi-rigid. Joints

in zones 1 or 3 may optionally
also be treated as semi-rigid.

Zone 3: nominally pinned, if S, ,, <0.5EI, /L,

J.ni

Where I, is the second moment of area of a beam and L, is the span of a beam.

Figure 2.9: Stiffness classification of joints in EC3-1.8 (EC3, 2005)
2.6.3 Strength classification

The European standard of BS EN 1993-1-8 (EC3, 2005) recommends that a steel

connection may be classified as full-strength, nominally pinned or partial strength by

comparing its design moment resistance M | ,, with the design moment resistances of
the connected members M , ,, . If the moment resistance of the connection is equal to
or larger than the plastic moments of the connected members (M, ,, > M, ), then

the connection is regarded as full strength. A nominally pinned connection means the
bending resistance of the connection is not greater than 0.25 times the design

moment resistance required for a full-strength connection (M ,, <0.25M,, ,,). As a

partial sirength connection, it must not satisfy the criteria for a full strength
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connection or a nominally pinned connection, and the bending moment resistance

must be allocated between these two boundaries (0.25M , ,,£ZM  ,,ZM , ). The

plastic moment resistance of the connected member is commonly regarded as the

plastic moment of the connected beam M, , ,,, but might be the plastic moment of

the connected column M, ,, as well. This detail has been well documented in the

connection standard and the strength classification of the connections has also been

illustrated in Figure 2.10, as follows.

M s Full-Strength
Mpl.Rd . _‘....-M

Partial-Strength

O'ZSMPI.Rd i iy .‘:?-.“m,_ﬁ‘. :
~ Pinned

Figure 2.10: Classification of connections by strength (Spyrou, 2002)

2.6.4 Rotation capacity classification

In Joints in Steel Construction — Moment Connections (SCI, 1995), the ductility of a
connection has been referred to as rotational capacity, representing the ability of the
connection to rotate whilst maintaining its plastic moment resistance over a sufficient
rotation range (Gomes et al., 1998). In applying plastic analysis in structural design,
plastic hinges may form in the simple steel connections and not in the adjacent
members. Therefore, sufficient rotational capacity of a connection is required to
enable the development of the assumed plastic mechanism in the mid-span of the
adjacent members. This connection is therefore categorised as ductile (Class 1
connections), in accordance with the research work of Jaspart (1996, 1997 and 1998).
The lower bound of the ductility classification is Class 3, indicating brittle failure or
instability limits the rotation capacity or moment resistance and full redistribution of
the internal forces is not allowed in the joint. It is worth pointing out that brittle
performance of the connections in this class may be caused by the failure of brittle

connection components; and therefore moment resistance and ductility are limited.
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Class 2 connections are allocated between the ductile and the brittle performance,
called ‘semi-ductile’; however, the boundaries between these classes are not clearly
determined in Jaspart’s research (Block, 2007). In EC3 — Part 1.8, the rotational
capacity or ductility of connections is treated in a very approximate way (Block,
2007) through a component-based approach. A number of researchers in Europe and
UK (Simoes da Silva and Coelho, 2001; Spyrou, 2004a and 2004b; Beg et al., 2004
and Coelho et al.,, 2004) have already conducted some research work on the
component-based connection model in order to predict the performance of steel
connections in a structure. This connection model is to investigate a connection in a
macro-scale level and has already been extended to the elevated temperature
conditions. The benefits of this approach are simplicity and ease without loss of
accuracy and more details of this approach will be discussed later in this chapter and

in Chapter 6.

2.7 Connection Performance in Fire

Beam-to-column connections represent one of the most important components in a
real structure for which reliable assessment and simulation are required (Sulong,
2005). The earliest experimental investigations on the performance of beam-to-
column connections under fire conditions are rather limited in number, due to the
high cost of the fire tests, limitations on the size of furnace used and difficulties in
recording the deformation of steel connections. The current design procedures for
bolted steel connections are based on moment-rotation relationships through isolated
connection tests in fire and therefore fail to account for the actual interactions that
take place in a real structure. Nevertheless, the results from the fire tests carried out
on isolated connections provide very important fundamental data on the behaviour of

bean-to-column connections.

The first experimental fire tests on steel connections were carried out by Kruppa
(1976) at CTICM in France with connection types ranging from “flexible” to “rigid”.
The primary purpose of these tests was to look into the performance of high-strength

bolts under fire conditions and the experimental results demonstrate that the failure

of bolts was inevitable.
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By contrast, two elevated-temperature connection tests carried out by British Steel
(1982) indicated that bolts and their connected components experienced considerable
deformation under fire conditions and there was no failure of brittle components

(bolts and welds) for these two moment connections subjected to fire loading.

The first tests to investigate the structural continuity afforded by beam-to-column
connections at elevated temperatures were carried out by Lawson (1990). The aim of
this experimental programme was to develop a design approach for steel beams
taking the rotational restraint provided by the connections into consideration. In this
experimental programme, composite and non-composite connections were tested
under fire conditions. These tests demonstrated the strength of these connections in
fire and showed that up to two-thirds of their ambient temperature design moment
capacity could be sustained in fire conditions. It was also shown that the rotation of
the connections in all tests exceeded 6° (104.7 mrads) and the premature failure in
structural bolts did not take place. Sulong (2005) believes that this may be a proof of
the inherent robustness of connections in fire. Lawson also indicated the composite
action in fire may contribute to an enhanced moment capacity of steel connections.
Although the test results afforded insufficient experimental data to describe the
moment-rotation characteristics of the connections, they did provide some essential

information for connection modelling.

Eleven experimental tests were conducted by Leston-Jones et al. (1997) to establish
the moment-rotation relationships for flush end-plate connections at elevated
temperatures. The experimental results demonstrated that both the stiffness and
moment capacity of the connections decreased with increasing temperature with a
significant reduction in capacity for temperatures in the range of 500 — 600 °C. Al-
Jabri (1999) developed a series of elevated-temperature connection tests as an
extension of the previous investigation. This research work investigated the influence
of parameters such as member size, end-plate type and thickness and composite slab
characteristics on the connection response in fire. A family of moment-rotation-
temperature curves was established for each connection. In these tests, it was also
reported that the structural bolts in the connections failed due to the premature failure

of nut threads stripping off at elevated temperatures.
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As documented in the book of steel and composite structures: behaviour and design
for fire safety (Wang, 2002), Allam et al. (2002), in collaboration with the research
staff at the University of Manchester (Liu et al., 2002), carried out some experiments
on restrained beams to investigate the effects of translational and rotational restraint
to the performance of steel beams under fire conditions. This study highlights the
effect of the axial horizontal restraints under fire conditions. In these experiments,
large axial compressive forces were recorded in the early stages of a furnace fire, but
after the vertical beam deformations increased, the compressive forces changed to
tensile (or catenary forces) and increased the failure temperature of the beam
considerably compared with an un-restrained beam (Block, 2006). Allam and his co-
researchers (2002) also indicate that the tensile axial force at large deflection can
lead to integrity failure and consequent fire spread, if sufficient strength and ductility
are not secured for key elements such as connections and beams. In this experimental
programme, since columns and connections were fire-protected, no failure of

connections was reported in these tests.

More recently, Spyrou et al. (2004a and 2004b) and Block (2006) reported the results
of an experimental investigation of the performance of the tension and compression
zones of steel connections at elevated temperatures. In Spyrou’s study, bolt
premature failure due to threads stripping occurred in testing the T-stub elements.
Both researchers developed analytical models for the tension zone and compression
zone components at both ambient and elevated temperatures. This formed an
important theoretical base for the development of component-based models in fire.
Sarraj (2007) developed an empirical mathematical model for shear components in

steel connections in fire.

A series of full-scale fire tests were conducted on an eight-story composite building
at the BRE Cardington Laboratories in Bedfordshire between 1995 and 1996. In
2003, the seventh fire test at Cardington has been carried out by Wald (2006), and
focused the research efforts on temperature distribution and damage mechanisms of
beam-to-column connections under a natural fire. These connections were exposed to
fire without protective materials, and then rupture of partial depth of end-plate

connections along welds and fracture of bolts in the fin plate connections were
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reported in this fire test. Local buckling of the beam bottom flange, shear buckling of
beam webs and plastic deformation of the column flange were also found in these
full-scale fire tests. All these failure mechanisms indicate considerable axial forces
were developed within the steel beams and that robustness of steel connections
against the failure in fire is much more important for maintaining structural integrity

of a steel frame structure under fire conditions.

The experimental results from the preceding fire tests supplied very important and
fundamental information about connection performance in fire. As mentioned earlier,
inaccurate idealised fire conditions (standard fires) do not always represent the most
severe fire conditions. Hence, it is demonstrated that the actual connection behaviour
in a steel-framed structure is much more complicated than in the isolated connection

tests, when subjected to fire loading (Sulong, 2005).

2.8 Component-based Approaches

In the last twenty years, finite element simulation has been popular to predict the
connection response at both ambient and elevated temperatures. In comparison with
experimental testing, this approach is cost-effective and reliable for capturing the
connection behaviour in fire. As an alternative, the component-based approach has
been introduced in the European standard of EC3 — part 1.8, which can be employed
for simulating the performance of beam-to-column connections. This new approach
is very simple without loss of accuracy in prediction, and more economical and
efficient in comparison with the finite element simulation, which is therefore suitable

for use as a tool for robustness connection design.

The component-based method offers an attractive solution for connection modelling
due to its versatility and efficiency (Sulong, 2005). The original concept of this
approach is to regard any connection as a mechanical (or spring) model consisting of
a group of extensional springs to represent the performance of the connection.
Nonlinearity of the connection response is accounted for through adoption of

inelastic constitutive laws (nonlinear load and displacement relationships) for the
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deformable components. The development of the component-based method is

reviewed in the following sections.

2.8.1 Development of the component method

Wales and Rossow (1983) applied the component-based approach to describe the
coupled moment-axial force performance in bolted connections. Their research
concentrated on double web angle connections, and the connection was simplified as
an assembly of two rigid bars and nonlinear distribution spring elements, which
simulates the angle segments. Tri-linear load and displacement relationships were
determined as the constitutive laws for these springs. Good agreements with

experimental results were obtained.

Tschemmernegg and Humer (1988) studied end-plate connections through using
three nonlinear springs, including a “load introduction spring”, a “shear spring” and a
“connection spring”. These springs are adopted for determination of the deformation
performance of the beam flanges, panel zone and connection components.
Satisfactory connection response was obtained when calibrated against experimental

data.

Madas (1993) extended the research work of Wales and Rossow (1983) on
connection modelling, and applied the component-based method to different types of
connections including both bare steel and composite connections. The connection
types included flexible end-plate, double web angle and top and seat angle

connections.

Shi and his co-researchers (1996) investigated the moment-rotation response of end-
plate connections by means of T-Stub components. In the analysis of deformation,
the connection was divided into three zones: tension, compression and shear zone.
The end-plate response was assumed to be the assembled behaviour of a number of
T-shape elements, each corresponding to a single bolt row. Based on the classical
beam theory, the relation between deformation and tension force has been

determined for each T-shape element. The deformation relationship for compression
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and shear was based on an assumption of the components in these two zones yielding
at a certain load level. The authors determined the connection maximum moment-

resistance and deformation, according to the following properties:

1. Fracture of bolts in the tension zone
2. Yielding of column flange, end-plate, column web and beam web in tension
3. Buckling or yielding of column web and beam flange in compression
4. Yielding of column web due to shear force
5. Rupture of welds
Through using displacement control, the connection moment was obtained for a

given rotation.

Pucinotti (2001) focused his research efforts on the moment-rotational performance
of top-and-seat and web angle connections for an extension of EC3 Annex J. The
analysis takes the web angle and material hardening into consideration and the
maximum resistance of the weakest component in the connection governed the
connection overall capacity and ductility. At present, the effect of axial forces in the

connection is not accounted for in the connection design procedure (EC3-1-8, 2003).

As mentioned previously, the component-based approach is efficient and versatile as
a design approach for analyzing the performance of connections. Recent
investigation proves that the connection response under bending and axial force can
be represented by means of the component method. But a further need in this
approach is to develop component-based models accounting for all possible loading
conditions at both ambient and elevated temperatures. Therefore, the component-
based method has been applied to the elevated temperature conditions by using the
component models of ambient-temperature in combination with high-temperature

material properties.

Leston-Jones (1997) created a spring model for high temperatures with four basic
components: column flange in bending, bolts in tension, end-plate in bending and
column web in compression. This spring model is for a flush end-plate connection

with two bolt rows. The force and displacement curves of these components were
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determined in a tri-linear fashion and the model was verified against the elevated-

temperature tests by the researcher.

Al-Jabri (1999, 2005) extended the research work of Leston-Jones to partial depth
end-plate connections through applying the component-based approach to connection
modelling of high temperature experimental tests. Good agreements were achieved

between his spring model and the experiments.

Important progress in the component method, documented in Spyrou (2002) and
Spyrou et al. (2004a and 2004b), is clarification of the T-Stub component behaviour
at ambient and elevated temperatures. As mentioned above, the T-Stub component is
used to represent the behaviour of two bolt rows or a single bolt row in the tension
zone (Zoetemeijer, 1974). As a T-stub assembly, there are three possible collapse

mechanisms leading to the component failure, as shown in Figure 2.11:

| D .
U y
W
Failure Mode 1 Failure Mode 2 Failure Mode 3
Four plastic Two plastic No plastic
hinges hinges hinges
Ductile @@= == ain AR . « « = Brittle

Figure 2.11: Failure mechanisms of T-Stub components

a) In the first mode of failure, the flange of the T-stub is very thin and the bolts
are relatively strong in the assembly. Four plastic hinges (complete yielding
of the T-Stub flange) are formed within the T-Stub flange.

b) In the second failure mode case, only two plastic hinges are formed at the
flange-to-web connection, and then followed by yielding and fracture of the

bolts.
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¢) In the final mode of failure, no plastic hinges are formed within the T-stub

flange and failure is due to fracture of the bolts.

The authors developed the analytical models, based on classical beam theories, to
describe the above three failure mechanisms and these models will be reviewed in
Chapter 6. The advantage of these analytical models is the inclusion of prying effects
and compatibility of bolts’ and end-plates’ deformation into the analysis.
Unfortunately, weld failure is not considered for the T-Stub components at ambient

and elevated temperatures.

Block (2006) carried on the research of Spyrou (2002), focusing on the behaviour of
components in the compression zone. The most important contribution from this
researcher is presentation of a simplified analytical model for the force-displacement
behaviour of the compression zone with inclusion of the effects of axial loads in the
column. Block also successfully programmed the component-based connection
model as a non-dimensional connection element into a finite element software —

VULCAN (Block, et al., 2006).

Sarraj (2007) investigated the fin plate connection performance by means of finite
element modelling and the component-based approach. The important contribution
of this research is identification of load and displacement curves for two components
in shear at ambient and elevated temperatures, which are the plate in bearing and the
bolt in shearing. This research assumes the weld forms a strong link between the

column flange and the fin plate and will not fracture under fire conditions.

2.8.2 The standard procedure of the component-based approach

Current design codes (EC3-1-8, 2003) adopt the component-based approach for
prediction of the rotational behaviour of steel beam-to-column connections. The
fundamental idea of this approach is to model a connection as an assembly of
extensional springs and rigid bars (Weynard et al., 1995). Therefore, the connection
is divided into three different zones: tension, compression and shear, adopting the
concept of Shi et al. (1996). Within each zone, the simple elemental parts (springs or

components) are able to make a contribution to the overall response of the
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connection. From a theoretical point of view, this methodology can be applied to any
joint configuration and loading conditions provided that the basic components are
properly characterized (Coelho, 2004). As illustrated in the example shown in Figure
2.12. an extended end-plate connection under pure bending moment is categorized
into three major zones (tension, shear and compression) and then each zone is
divided into the relevant components. Sulong (2005) notes that, when a connection is
subjected to combined effects of axial forces and bending moments, the concept of
tension and compression zone is no longer applicable. Furthermore, the connection in
a steel frame may be subjected to a non-monotonic loading history in fire, and then
the components in the tension zone might be subjected to compressive loading
effects. Therefore, all possible components in every single bolt-row must be taken

into consideration for an accurate representation of the connection response.

Bolts in tension

Column flange and

I- end-plate in bending
Column web ; |
in_tension
—
Column web in shear ; in tensioﬂI and
" compression M
Column web in
compression —
|
1 - Tension Zone

Beam flange in
“_ compression

i Compression Zone

Shear Zone

Figure 2.12: Three zones and their components within a steel connection (Spyrou,
2002)

Application of the component-based approach needs the following three basic steps:

1. Identification of the active components within a connection
2. Evaluation of the stiffness and resistance characteristics for each individual

component
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~

3. Assembly of all the active joint components into a mechanical/spring model

for evaluation of the connection response

The first step of the component approach is the identification of the components
contributing to the connection flexibility or limiting the connection resistance
towards establishing connection response. As an example, for an extended end-plate
connection subjected to pure bending, the European standard of EC3-1-8 presents the

active components summarized in Table 2.1.

Table 2.1: Active components for extended end-plate connections

Components Index Tension | Compression Shear
zone zone zone
Column web in tension (cwt) v
Column web in compression (ewe) N
Column web panel in shear (cws) N
Column flange in bending _(cfb) v
End-plate in bending (epb) \/
Beam web in tension (bwt) N
Beam web in compression (bwe) N
Beam flange in compression (bfc) N
Bolts in tension (bt) N
Bolts in shear (bs) N
Welds in tension (wt) N

As mentioned in the previous sections, this robustness project plans to investigate
three simple shear connections and one moment connection, including fin plates,
partial depth end-plates, web cleats and flush end-plates. An essential task is to
establish the component-based models for these connections towards being workable
in a steel frame under various loading conditions. Therefore, identification of the
active components for these connections is the first step of establishing the

connection performance.

a) Fin plate connection

Based on previous studies on fin plate connections (Astaneh, 1989 and Astaneh-
Asl et al., 1993), Sarraj and Sulong (2007, 2005) respectively reported the six

potential failure modes for this type of connection: yielding of the gross area of
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the plate, bearing failure of bolt holes, fracture of net section of plate, facture of
edge distance of plate, bolt fracture and welds fracture. In line with simple
connection design, the first two patterns of failure (plate yielding and bearing
failure of bolt holes) are regarded as ductile failure modes owing to yielding of
steel material. Since the rest of the patterns for failure involve fracture of steel
material, they are commonly regarded as brittle failure modes. Therefore, based
on these failure mechanisms, the potential active components for fin plate

connections are:

1) Bolts in shear

2) Beam web in bearing
3) Plate in bearing

4) Welds in shear/tension

5) Column web in compression

b) Double angle web cleats

Double angle web cleats are more flexible than end-plate connections. Yu et al.
(2008) developed a ‘web cleat” component for describing the non-linear load and
displacement response of web angles under tensile loading. However, Sulong
(2005) identified seven active components for these connections:

1) Bolts in tension

2) Bolts in shear

3) Column flange in bending

4) Beam web in bearing

5) Web angle in bearing

6) Web angle in bending

7) Web angle in tension

¢) End-plate connections

End-plate connections comprise flexible and flush end-plate connections. For
flush end-plate connections, Block (2006) assumed that no weld failure occurs in

this type of connection and the active components are as follows:
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1) End-plate in bending

2) Column flange in bending

3) Column web in compression

4) Bolts in tension
However, the Block’s component-based model did not consider the possible active
components in the direction of shear (e.g. bolts in shear) and beam web behaviour.
These components might be critical in fire. For the flexible end-plate connections,

more details of its component-based model are documented in Chapter 6.

Identification of the load and displacement constitutive laws for active components is
the most important stage for development of component-based models. Based on the
force and displacement constitutive laws and modes of failure, the components are
categorized into three different classes: components with high ductility, components
with limited ductility and components with brittle failure (Kuhlmann, et al. 1998).
The individual load and displacement relationship may be elastic-plastic (bi-linear),
multi-linear or nonlinear for each active component, as shown in Figure 2.13 (Block,
2006). In the standard of EC3-1-8, each component is characterised by an initial
stiffness k and a design resistance Fgqy, wWhich follows the elastic-perfectly plastic
model. However, for higher accuracy in the approximation, the more complex force-
displacement models can be employed, which are derived from experimental results
or finite element simulation. Accounting for the effects of high temperature, the
standard of EC 3-1-2 specifies the reduction factors for stiffness and strength of
different steel materials (i.e. S275 steel, bolts and welds). Therefore, the component-
based method can be extended to the elevated temperature situation by employing

high temperature material properties.

F F ﬂ‘ F f
Elastic-plastic ',"’ Multi-linear /" Non-linear
> > >
) ) o
Experimental behaviour ------- Approximation

Figure 2.13: Component approximations and experimental behaviour (Block, 2006)
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The final stage in the development of component-based models is assembly of the
components and evaluation of the connection response. The component model
consists of two rigid bars, representing the column centreline and the beam end.
These rigid bars are connected by a series of nonlinear springs at each bolt-row,
which simulate the various components in the connections. Figure 2.14 shows an
illustration of a simplified component model for the case of an idealised flush end-

plate connection.
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Figure 2.14: A simplified component-based model for flush end-plate connections
(Sulong, 2005)

2.9 Introduction to Robustness (Structural Integrity)

The partial collapse of Ronan Point in 1968 arose from a lack of positive attachment
between principal elements in a structure. As a result of this event, the problem of
progressive collapse received more widespread attention and a minimum Robustness
to resist accidental loading has been specified in structural design in the United
Kingdom. Following the pancake-like collapse of the World Trade Centre Towers in

2001, research on progressive collapse has intensified recently.

The term Robustness is defined as the ability of a structure to withstand events like
fire, explosions, impact or the consequences of human error, without being damaged
to an extent disproportionate to the original cause (EC1-1-7, 2006). In light of this
definition, Robustness is a property of the structure alone and independent of the
loading (Starossek and Wolff, 2005a and 2005b). Recent research completed at

Imperial College suggests factors such as (a) energy absorption capacity, (b) ductility
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and (c) redundancy (or alternate load paths), need to be taken into consideration

carefully, as indicators of structural robustness (Izzuddin, et al. 2008).

Concerning the design of buildings, Starossek and Wolff (2005a and 2005b) explain
a number of design strategies for prevention of the progressive collapse in tall and
large buildings. The first strategy is tying the major structural elements in a steel
frame horizontally and vertically to increase its structural continuity and create a
structure with a high level of robustness, named as tying force approach. The other
strategy is the so-called alternate load path method. In this approach, if part of a
structure has been removed by an accidental action, the remaining members are still
well connected to develop an alternative load path which transfers the load of the
collapsed members to the surrounding stiffer members. For example, in case of
failure of intermediate columns resulting in the destruction of floor slabs, the debris
is held in place by tensile membrane action within the sagging remnants of the slab
(Starossek and Wolff, 2005a) and a collapse progression due to the impact loading of
falling debris striking other structural elements below is thus avoided. Enabling
catenary action is a requirement expected for steel beams subjected to fire loading.
This action requires sufficient ductility in structural members (steel beams) and most
importantly steel connections. As a consequence of this, the beams are able to act as
cables hanging from the surrounding cold structure in a compartment fire. In case of
local failure arising from fire, the ductility in structural members and connections
allows for the utilization of plastic reserves and the dissipation of kinetic energy
(Starossek and Wolff, 2005b).

2.10 Conclusions

This chapter clearly identified the differences between the real fire performance in a
building and the standard fire (curve) assumed in furnace tests. As a result of this,
standard fire curves cannot represent the natural fire performance (Bailey, 2006).
The behaviour of structural members in a natural fire condition is therefore different
from the structural response of these members in a furnace. A beam-to-column
connection is always to act as an essential structural component in a structure, and it
is evident that the elevated temperature behaviour of the connection is more complex

than in the ambient cases. Failure with brittle components in some of the connections
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has also been found in the full scale fire tests and standard furnace tests, causing
attention for further investigation in Chapter 4. Previous researchers placed lots of
efforts on the development of curve-fitting models and finite element simulation to
represent the connection performance under fire conditions. The curve fitting model
was used to present the moment-rotational response of the connection and the finite
element simulation is computationally expensive in comparison with the component-
based approach, and hence not suitable for robustness connection design. The
efficient and versatile component-based approach has been outlined in this chapter
for connection modelling at ambient and elevated temperatures. The details of
development of the component-based model will be seen in a later chapter (Chapter

6) for flexible end-plate connections.
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CHAPTER 3

RESEARCH METHODOLOGY

3.1 Introduction

In the previous chapter, basic theoretical aspects of the Component-based Approach
have been explained together with a detailed review of the connection performance
under fire conditions. However, understanding any aspect of the behaviour of a steel
structure often starts from observations of the behaviour of physical models, either
from carefully planned and executed experiments or uncontrolled accidents (Wang,
2002). These observations from accidental fires in steel structures can produce some
qualitative speculations of the possible behaviour of steel structures under fire attack,
but more precise and quantitative understanding can only be obtained from carefully

planned and conducted experimental studies.

3.2 General Testing Procedure

Mechanical loading and thermal loading may be two independent load processes. In
a fire event, the mechanical loading and fire event may take place simultaneously
(totally or partially), or the mechanical loading takes place either before the fire
events starts or after the fire event has reached its maximum temperature, as shown
in Fig. 3.1 (Simoes da Silva et al., 2001). To date, numerous fire tests have been
carried out on different types of structures and two types of testing methods may
commonly be used for a loaded structure under fire conditions: (1) transient state
testing; and (2) steady state testing. In the transient state testing, loads are applied to
the structure first. These loads are then held constant and the structure is exposed to
fire attack. The test is terminated when one of the specified failure criteria is reached.
In the steady state testing, the temperature in the structure is raised to the pre-

determined level and held constant. Loads are then applied to the structure until
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structural failure. Wang (2002) believes if the structural behaviour is independent of
the heating rate or the loading history, these two testing methods should produce the
same results. Since the fire tests are commonly carried out using one of these two
methods and the actual behaviour of steel is also dependent on the heating rate and
the loading history, it is very difficult to make an assessment of the difference
between these two testing methods. However, the transient state testing procedure is
more like simulating the real behaviour of a steel-framed structure subjected to a fire

attack and yet the steady state testing is commonly used in standard fire tests.

F;ot F:0 71
0 0
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I L1 AR L h Lot t,
(a) (b)
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0

t

1 t, t t,

(©)
Figure 3.1: Variation of thermo-mechanical loading with time: (a) anisothermal; (b)
isothermal (c) transient (Simoes da Silva et al., 2001)

3.3 Standard Fire Resistance Tests

The standard fire resistance test is usually carried out to make an assessment of a fire
resistance rating to a construction element to enable it to meet the regulatory

requirements for fire resistance. This test is carried out according to a specified
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standard. In the United Kingdom, it was the British Standard BS 476, Part 20 (BSI,
1987a). but now the international standard ISO 834 has been adopted for fire testing,
replacing the British Standard BS 476. For this reason, the standard fire exposure is
also referred to as the ISO fire (Wang, 2002).

Distributed Loading

No rotational No rotational
and lateral and lateral

restraint restraint

EHHNOEOT

(a) For beams and slabs

Vertical loading

Lateral
restraint

UNIVERSITY
OF SHEFFIELD
LIBRARY

Fixed support
conditions

(b) For columns

Figure 3.2: Typical arrangements of structural elements in standard fire resistance
tests (a) for beams and slabs (b) for columns (Wang, 2002)

The standard fire test is carried out in a furnace, either gas or oil fired and the testing

furnace is either a horizontal one, suitable for testing beams and slabs, or a vertical
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one, used for testing columns and wall panels, as illustrated in Fig. 3.2. Traditionally,
beams and slabs are heated from underneath, while columns are heated on all four
sides. Wall panels are usually heated from one side only. Depending on the type,
number. size and locations of burners in the furnace, a non-uniform temperature
distribution may exist in the furnace. However, in testing a specimen, it is assumed
that the combustion gas temperature inside the furnace is uniform and equal to the
average temperature recorded by a number of thermocouples inside the furnace. The
average temperature rise is based on the following temperature-time relationship (BS

EN 1991-1-2, 2002):

®, = 20+345log,, (8 +1)

Where ©, is the gas (fire) temperature and 7 is the fire exposure time.

The assessment of failure in standard fire resistance testing is based on three criteria:
load bearing, insulation and integrity (Fig. 3.3). Insulation failure is concerned with
excessive temperature growth on the unexposed surface of the test specimen.
Integrity failure is associated with fire spread due to burning through of the test
specimen. For a loaded steel or composite member, load bearing failure is considered
to have occurred when the test specimen cannot support the test load. However, for a
horizontal specimen, if the maximum deflection exceeds /20, where L is the span of
the specimen or the rate of deflection exceeds L*/(9000d), where d is the depth of the

test specimen, the horizontal specimen is deemed to approach the bearing failure.

Load carrying

capacity (R
Insulation (1) paciy ()

Integrity(E)

Figure 3.3: The usual fire resistance criteria
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3.4 Fire Tests for Robustness of Steel Connections in Fire

As documented in Chapter 2, a number of experimental studies have been carried out
to evaluate the performance of steel or composite-steel connections at both ambient
and elevated temperatures. Since steel connections are usually designed to be pin-
joints to resist vertical shear forces only, but they actually have some bending
moment resistance in a steel-framed structure, previous connection studies aimed to
establish the moment-rotation relationships of steel connections under fire
conditions. The researchers Leston-Jones (1997) and Al-Jabri (1999) carried out a
series of fire tests on isolated steel and composite connections, and produced a large
volume of experimental data for the moment-rotational response of these connections
in fire. In the much earlier SCI connection tests, it was found that temperatures in the
connection region were much lower than that of the connected elements under fire
conditions. Failure of the connection was due to plastic deformations of the plates,
and bolts were not the weakest link of the connection. These isolated fire tests
provide some valuable information to establish the basic understanding of the

connection performance in fire.

However, experiences from full-scale fire tests at Cardington and the real fires at the
World Trade Centre cast doubt on the suitability of using the performance of isolated
connections to represent frame connections under fire conditions. The main
difference between an isolated connection and a frame connection is the presence of
an axial load in the frame connection. During the early stage of a fire, a compressive
axial load is developed in the frame connection due to restrained thermal expansion
of the connected beam. The compressive load, in combination with the bending
moment, can produce local buckling in the connected beam near the connection.
During the late stage of fire exposure, the connected beam produces large deflections
and an inclined tensile force is developed within the heated steel beam (catenary
action has been produced). Finally, during the cooling down stage, due to thermal
contraction of steel, the induced tensile force can be high enough to fracture the
connection. Therefore, the moment-rotation relationship can no longer describe the
behaviour of a frame connection. Wang (2002) indicates that a more faithful

representation of the steel connection behaviour should include the variable axial
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load. A more simple and reliable method of representing the connection behaviour is
the component-based approach, which has been documented in Eurocode 3 - Part
1.8. Using the component approach opens the possibility of including the axial load

in a frame connection in the analysis.

3.4.1 Sub-frame fire tests in Manchester

In this robustness project, fire tests were conducted at Manchester and represented
the actual connection behaviour in a complete steel structure. A series of
experimental tests have been conducted on loaded beam-and-column “‘rugby-post”
assemblies, with different types of connections, in order to investigate the interaction
of connection and structural behaviour. Due to the high cost of the furnace tests, no
replicate tests were carried out in this programme. Each tested specimen consists of
two identical columns and one steel beam with the required connection types: fin
plate, flexible end-plate, flush end-plate, web cleat and extended end-plate. The
universal beam section UB 178 x 102 x 19 was used for all the sub-frame tests and
the steel was S275. Two types of column sections were used in the programme. The
first was a S355 universal column UC 254x254x73 for test No. 1 to S and the second
was a S275 universal column UC 152x152x23 for test No. 6 to 10. In accordance
with EC3 — 1.8, M20 Grade 8.8 bolts and nuts were used for most of the tested
specimens. However, in order to prevent premature failure in moment connections
(extended end-plates), M20 Grade 10.9 bolts and nuts were used for test 5 and 10 to
fasten the beams and columns. All these specimen details and the related connection

component dimensions are summarised and presented in Table 3.1.

The sub-frame fire tests were carried out in the furnace of the Fire Testing
Laboratory of the University of Manchester. The furnace is a rectangular-shaped box
with internal dimensions of 3000mm x 1600mm x 900mm. The furnace is gas-fired
with two gas burners and an exhaust, as shown in Fig. 3.4. In order to achieve the
uniform temperature distribution during the testing, the burner system is fully
computer-controlled to follow the standard ISO 834 fire curve to raise the furnace
temperatures. A moveable interior wall inside the furnace separates the internal space

and redistributes the heat from two burners into the furnace.
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Table 3.1: Summary of load and specimen details

Test | Column Beam Connection | Component APPIlCd o)
No Section Section Type dimension | Per Jack (KN)/
J Load ratio

UC UB Fin plate 150x130x10 40

U | 254x254x73 | 178x102x19 (LC) (mm) (0.5)
7 UC UB Flexible end- | 150x130x8 40

2 | 254x254x73 | 178x102x19 | plate (LC) (mm) (0.5)
2 UC UB Flush end- 150x200x8 40

> | 254x254x73 | 178x102x19 | plate (LC) (mm) (0.5)
ucC UB Web cleat 90x150x10 40

41 254x254x73 | 178x102x19 (LC) (depth: 130) (0.5)
) uC UB E";"'“lded 150x250x8 40

> | 254x254x73 | 178x102x19 e“(L'%;“e (mm) (0.5)
UC UB Finplate | 150x130x10 40

6 | 152x152x23 | 178x102x19 (SC) (mm) (0.5)
ucC UB Flexible end- | 150x130x8 40

7| 152x152x23 | 178x102x19 | plate (SC) (mm) (0.5)
\0j¢ UB Flush end- 150x200x8 40

8 | 152x152x23 | 178x102x19 | plate (SC) (mm) (0.5)
UG UB Web cleat 90x150x10 40

9 | 152x152x23 | 178x102x19 (SC) (depth: 130) (0.5)
" uC UB Er’l‘(‘:g&ig 150x250x8 40

152x152x23 | 178x102x19 SO (mm) (0.5)

Burner

DIPPIIPIPIPIPIGIPIPIIIP

CRLARRLARARALA

Furnace insulation

Testing Space

"

Figure 3.4: The arrangement of the furnace
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The test arrangement (a complete ‘Rugby-Post’ frame) is illustrated in Fig. 3.5. The
steel beam was mainly unprotected except for the top flange, which was protected
with a 15 mm thick ceramic fibre blanket. In order to prevent lateral torsional
buckling, a steel truss system was fixed on the top flange, wrapped with a fibre
blanket as well, as shown in Fig 3.6. Two identical columns were unprotected during
the testing, the lateral movements of which were restrained at both top and bottom by
a bracket bolted to the reaction frame of the whole experimental system (Fig. 3.7).
Elongation of steel columns in the vertical direction was allowed because of no
restraint in this direction. Two vertical point loads were applied to the steel beam
through using two independent hydraulic jacks, which are fixed on the reaction frame
of the whole experimental system. Two insulated and wrapped steel bars were used
to connect these jacks and steel beams in order to prevent heat escaping out of the
furnace to damage the loading system. During the fire testing, a load ratio of 0.5 was
adopted for all the sub-frame tests. Since all the experimental tests adopted the load-
controlled testing procedure, the point load from each hydraulic jack was maintained
as 40 kN during the testing. (The load ratio of 0.5 is a practical design value used for
fire safety design and the applied fire load is approximately 0.5 times the ultimate

load resistance of a steel beam at ambient temperature.)
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(a) Sketch view
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(b) Real test arrangement

Figure 3.5: Test setup for sub-frame tests (a) Sketch view (b) Real test arrangement

Figure 3.6: Plan sketch of lateral restraint
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Gap to allow free vertical
movement of the column

ol

(a) Bottom end (b) Top end

Figure 3.7: Restraints between column ends and reaction frame (a) Bottom end (b)
Top end

The objective of these experimental tests was to provide experimental information on
temperature distributions in the connection zone and the structural members under
the standard fire condition. The furnace temperatures were measured and controlled
by a computing system monitoring six thermocouples, placed on the bottom of the
furnace. Due to high temperatures in the furnace, no strain gauge was placed on these
tested specimens as normal strain gauges are easy to be damaged under fire
conditions and high temperature strain gauges are too expensive and unable to
provide reliable strain-related information at very high temperatures. Therefore, only
the temperature distributions of the specimens and some displacements have been
measured during the fire testing. A large number of thermocouples have been
installed on each test element (beams, connections and columns) to record the
detailed temperature distributions, as shown in Fig. 3.8. This figure also indicates the
locations of displacement transducers and load cells in these specimens. The load
cell, shown in Fig. 3.9, is a measurement device to record the horizontal reaction
forces produced within the steel beams due to the restraint of their thermal
expansion. According to previous experimental results, the existence of horizontal
forces during fire exposure made the connection performance in fire different from
the isolated connection tests. The details of these steel specimens have been well

documented in the paper to be published by the Manchester fire group (Wang, et al.,
2009).
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Figure 3.9: Arrangement of load cell

3.4.2 Isolated fire tests in Sheffield

A series of approximately sixty isothermal experiments have been carried out at the
University of Sheffield to investigate the behaviour and failure of typical beam-to-
column connections at constant elevated temperatures. The tested connections are
full size specimens in accordance with practical designs. These specimens adopted a

S355 universal column of UC 254x254x89 as the column section and a S275
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universal beam of UB 305x165x40 as the beam section. (In common practice, the
columns are usually required to be as small as possible on plan, so higher strength
steel is used. This is a practical reason to specify the higher strength for the column
sections in experimental tests.) Details of these specimens and number of tests are
summarized in Table 3.2. Grade 8.8 structural bolts with grade 10 nuts (zinc plated)
have been used for almost all the specimens in order to prevent thread stripping.
These tests were carried out in an electric furnace with an internal volume of 1.0 m’,

which normally takes about two hours to raise the specimen temperature to 700 °C.

A uniform temperature distribution was required for all the experimental tests. The
supporting Macalloy bars and support beams, loading brackets and furnace bars for
the connection tests were wrapped with ceramic insulation fibre blankets under fire
conditions. The beam-to-column connection zone was left unprotected in testing, and
an unloaded thermal test was required to be carried out initially, in which twenty-five
thermocouples were installed on the specimen to monitor the temperature
distribution in this zone (Yu et al., 2009a). According to the experimental results, an
almost uniform temperature distribution has been observed in this connection zone,
and the differences in temperature between these thermocouples was less than 5° C at

a stable furnace temperature of 700° C.

Table 3.2: Summary of specimen details

Connection Column Beam Section Connection Number of
Type Section Fittings Tests
Fin plate uC UB
connections | 254x254x89 | 305x165x40 | 200x100x10 10
Flexible end-
ucC UB
plate 254x254x89 | 305x165x40 | 200%150x10 12
connections
Web cleat UcC UB 90x90x8 14
connections 254x254x89 305x165x40 (150x90x10)
Flush end-
UC UB
plate 254x254x89 | 305x165x40 | S2>-4x200x10 18
connections

The connection specimens were loaded with inclined tensile forces during the
testing, as shown in Fig. 3.10 (a). Such an inclined force was able to produce both

shear and tensile force components to a tested specimen, and moment arising due to
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Figure 3.10: Test up for isothermal connection tests (a) Sketch view (b) Electrical
furnace

The essential requirement in this connection test programme was to obtain the
resistances of steel connections against the inclined tying force at both normal and
high temperatures. For ambient temperature testing, measurement of the forces may
be achieved by using strain-gauges attached on the loading system (three Macalloy
bars). So the inclined tensile force in testing can be directly recorded by the strain
gauge placed on the furnace bar. In earlier unloaded thermal tests (Yu et al., 2009a),
the furnace was heated up to 700 °C and the temperature was retained for two hours.
Although the furnace bar was well insulated using a ceramic fibre blanket, the
temperature for the furnace bar still increased to 120 °C. Nevertheless, the rest of the
Macalloy bars stayed cool if a cooling fan was provided. Since the strain gauges
would be damaged at high temperatures, the inclined applied force to a connection in
the furnace bar could not be recorded straightforwardly. In order to obtain this force,
strain gauges were fixed to the link and jack bars and the applied tensile force was
then calculated by resolving the system of forces. Any change in inclination of these

three bars was recorded using three angular transducers and a digital camera (Fig.

3.110).
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l;'hrnacc

Figure 3.11: Arrangement of loading system

3.5 Image Acquisition and Processing Technique

One of the substantial objectives for isolated connection tests is to investigate the
failure mechanism and ductility of each connection under fire conditions, because the
ductility of a connection is closely associated with how this connection failed in a
fire condition. More details of this aspect will be discussed in Chapter 5. For beam-
to-column connections, ductility conventionally means rotational capacities of these
connections whilst sustaining moment, but may also mean extension of a connection
if this connection is only subjected to pure tensile loading (Owens and Moore, 1992).
This robustness project is intended to identify the rotational capacities of the

connections and their mechanisms of failure, possibly available under fire conditions.

An image acquisition and processing technique has been described for experimental
tests of T-stubs at high temperatures by Spyrou and Davison (2001). The accuracy of
the image processing software proved to be adequate for the experimental tests when
used with the image acquisition taken from a high-resolution digital camera. This
technique is wusually used for direct and non-contacting measurements of
deformations of specimens, and especially for use in connection with furnaces (high
temperatures) or within a hostile environment. For the image capturing feature, some
small targets (ceramic rods or drills) were embedded into the specimens before

conducting the experiments. In the experimental tests of Spyrou and Davison (2001),

J



Chapter 3 Research Methodology

0.5 mm drills were used for the specimen as the image targets during the testing, as
shown in Fig. 3.12. The distance between these targets in testing was recorded by the
digital camera. Apart from the displacement (distance) readings at high temperatures,
this approach also records the behaviour of the specimen as soon as the load is
applied. It is possible to recognize the failure mechanism of the specimen through
careful observation of a recorded test. Due to this advantage, this technique was
adopted for these isolated connection tests under fire conditions. The targets for the
image processing, made of ceramic rods (Fig. 3.12), were embedded into steel
specimens before testing. The digital camera was fixed on the main door of the
furnace to record the movements and deformations of the steel specimen through a
200mm x 100mm view panel (Fig. 3.10). The recorded digital photos were processed
by image processing software to obtain the rotations and displacements of the steel

connections.

0.5 mm drills

(a) 0.5 mm drills (b) ceramic rods
Figure 3.12: Targets for image processing

3.6 Conclusions

This chapter has explained the experimental arrangement for the tests carried out at
the University of Sheffield and University of Manchester. In order to investigate the
robustness of steel connections under fire conditions, the sub-frame tests, carried out
at Manchester, mainly focused on observing the behaviour of a connection in a steel
frame and exploring the influence of variable axial loads due to the restraint of
thermal expansion of a steel beam to the connection under fire conditions. The

research efforts at Sheffield concentrated on studying the deformation ability
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(ductility) of a steel specimen in an isothermal situation, and identifying the possible
contribution from each potential connection component to the rotational capacity of
this connection when subjected to an inclined tying force. However, carrying out
experimental tests under fire conditions is always expensive and time consuming in
terms of the specimen preparation and hence the number of tests is limited due to the
cost. As the testing furnaces are restricted in size, it is generally impossible to
conduct large-scale sub-frame tests and isolated connection tests. Finite element
simulation may be used to extend the understanding produced from experimental
tests through parametric studies, as discussed in Chapters 7 and 8. The component-
based approach has already been introduced in Chapter 2 and the simplified model (a
component-based model) is very helpful in understanding and predicting the
connection behaviour at both normal and high temperatures. More details of
application of this component-based approach are discussed in Chapter 6 for flexible

end-plate connections.
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CHAPTER 4

INVESTIGATION ON BOLTS

4.1 Introduction

Bolted connections are widely used in steel structures as they enable prefabricated
beams and columns to be erected quickly on site without the complication and
expense of on-site welding. High-strength class 8.8 structural bolts are commonly
available and are recommended for all main structural bolted connections. These
bolts are generally intended for applications in ambient temperature environments;
however they may achieve high temperatures under accidental fire conditions (Kirby,
1995). From observations in isolated connection tests and fire damaged buildings,
some failure mechanisms of bolted connections are due to damage of bolts in shear
and/or tension in fire conditions. This is possibly caused by the limited available
deformation (or ductility) for these bolts. Moreover, a “brittle” failure of bolts could
adversely affect the rotation capacity of joints, and possibly the behavior of a
complete steel structure, unless the necessary ductility is provided through plate

deformation capacity.

Before the research of Kirby (1995), little was known about the strength
characteristics of 8.8 bolts in fire, yet the behavior of these components is extremely
important in maintaining the structural integrity of a steel-framed building structure.
As a result of this gap in knowledge, Kirby carried out a series of tests on property of
grade 8.8 20 mm diameter bolts manufactured to an old British Standard (BS 4190:
1967). As an alternative, British Standard BS 3692: 1967 was also in use for non-
preloaded bolts for many years in the UK. With the introduction of BS EN standards,
the old British Standards for bolts have been declared obsolete. However, the
introduction of European standards has not yet been fully accepted by the UK

construction industry, and bolts are still ordered to the familiar British Standards.
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Therefore, BS 3692 and BS 4190 were revised and re-published in 2001. These new
British Standards specify mechanical properties of steel in line with BS EN ISO 898-
1 (1999), and the new BS 4190: 2001 covers the full range of bolt grades from 4.6 to
10.9 for non-preloaded bolts. As a consequence of this, the new British Standard (BS
4190: 2001) and new European Standards (BS EN ISO 4014/4017:2001) have been
recommended for ordering non-preloaded structural bolts in the National Structural
Steelwork Specification for Building Construction 5™ Ed (BCSA, 2007). A thorough
understanding of the performance of these ‘new’ bolts at both ambient and elevated
temperatures is of great importance in studies of connection behavior. This
programme of research was launched to investigate the performance of structural 8.8
bolts to the new British Standard BS 4190 (2001) and the European Standard BS EN
ISO 4014 (2001) at ambient and elevated temperatures.

4.2 Literature Review

4.2.1 Manufacturing process

Property class 8.8 structural bolts are normally manufactured using a cold forging
process, which involves working a bolt metal below its recrystallization temperature,
usually around room temperature or near room temperature. This initial process, also
called heading, is used to produce a near bolt shape work billet for the thread rolling
process. A cold-forming process is applied to the bottom of the work billet (the side
without the head) in order to make the threads by rolling the work billet through two
dies. The thread rolling process is usually chosen instead of machining (cutting
threads) because thread rolling provides higher production rates, more effective
material usage, stronger threads due to work hardening and finally better fatigue
resistance because of the work billet experiencing compressive stresses during the
rolling process. Alternatively, a hot forging process may be employed during the
process of manufacturing bolts, which as the name suggests involves working a bolt
metal above its recrystallization temperature. The main advantage of hot forging is
that the strain-hardening effects are negated through the recrystallizaiton process as
the metal is deformed. The final quench and temper heat treatment after thread
rolling (quenching bolts from a temperature of 850 °C — 900 °C and subsequently
tempering between 450 °C and 600 °C) normally provides structural bolts with the
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required mechanical properties. Structural 8.8 bolts can be used in the self color
(black) condition or can be provided with a coated finish such as zinc plating or hot
dip galvanizing for oxidation prevention. But the choice of process route is
dependent on various manufacturers and is controlled by the chemical composition

of the feedstock, the size range and the demand for a particular bolt (Kirby, 1995).

In the current construction industry, M20 nuts are usually supplied with a black
appearance or with a bright finish. The black nuts are normally manufactured
through the hot forged process from steel bar, followed by the quenching and
tempering heat treatment. The bright finished nuts are usually produced by cold

forging steel bar with the finalized process of galvanizing or zinc plating.

4.2.2 Previous bolt tests

Godley and Needham (1983) conducted a series of tensile and shear tests on Grade
8.8 bolts, which have been compared with the tests of HSFG bolts at ambient
temperatures. It was noted that grade 8.8 bolts with grade 8 nuts have a higher
probability of thread stripping with the consequent loss of ductility. According to the
results of this series of tests, grade 8.8 bolts combined with grade 10 nuts behaved in
a similar manner at failure to HSFG bolts (Godley and Needham, 1983), which were
not significantly weaker in direct tension than the same class HSFG bolts. These
experimental results indicated two classic failure mechanisms for structural bolts
under pure tension; tensile bolt breakage and thread stripping. In 1994, a group of
tensile bolt tests was completed in the Materials Research Laboratory, Australia. The
failure mechanism of thread stripping was identified as a three-stage process: threads
elastically deformed, threads plastically deformed and threads sheared off (Mouritz,
1994). It was also noted that most of the threads were stripping off nuts rather than
the bolts.

In order to provide data for designing at the fire limit state, Kirby (1995) investigated
the performance of high strength grade 8.8 bolts at elevated temperatures and
conducted a large series of tests at the Swinden Laboratories, Rotherham. In these

tests, a marked loss in ultimate strength of the structural bolts took place in the
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temperature range of 300°C to 700°C under pure tension or double shear loading
conditions. The tests in tension showed the problems of premature failure of bolt
assemblies at both ambient and elevated temperatures, which are caused by nut
threads stripping off. To prevent the premature failure, Kirby highlighted the
importance of the degree of fit between the threads of bolts and nuts (the tolerance
class between these two components). The failure mechanism of bolts and nuts may
be dependent on the tolerance class between the threads of these two components to
some extent. Furthermore, the Strength Grade of nuts employed in combination with
bolts is another factor affecting the failure mechanism of these bolt assembles, which

was already noted by Barber (2003) and in the tests of Godley and Needham (1983).

However, a number of comments on tolerance class need to be borne in mind in the
context of this review. First of all, before the publication of new bolt standards, bolts
were usually ordered to either BS 4190:1967 or BS 3692: 1967, the difference
between these two standards is that the requirement for the Tolerance Class of Grade
8.8 bolts is not the same. To BS 3692:1967 the tolerance class is 6H/6g, but to BS
4190: 1967 it is 7H/8g. In the comparative tests of Godley and Needham (1983), 8.8
structural bolts were ordered to BS 3692: 1967. In the high temperature tests of
Kirby (1995), the mechanical properties of 8.8 bolts met the requirements of BS
3692:1967 but the dimensional tolerances of these components are in line with
common practice and given in BS 4190: 1967. This possibly implies the tolerance
class between bolts and nuts was 7H/8g in the Kirby’s tests, a bit looser than that in
the earlier bolt tests by Godley and Needham (1983). After publication of new bolt
standards, the European Standards (BS EN ISO 4014 / 4017) accepts the value of
6H/6g as the Tolerance Class for bolts and nuts, while the British Standard (BS 4190:
2001) continues to adopt the Tolerance Class 7H/8g. The old bolt standards have
now been declared obsolete, and are superseded by BS 4190: 2001 and BS EN ISO
4014 / 4017. Therefore, a knowledge gap on bolts specified to these new standards
needs to be covered. The focus of this research is on this point, and on attempting to
understand the behaviour of Grade 8.8 bolts specified to different standards at normal

and elevated temperatures.
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4.3 The Objectives of Bolt Tests

In this test programme, M20 grade 8.8 structural bolts were ordered to both British
Standards (BS 4190) and European Standards (BS EN ISO 4014), partly-threaded
and 100 mm long. These bolts were supplied from two manufacturers and the nuts
were supplied according to the nut standards of BS 4190: 2001 and BS EN ISO
4032: 2001. Table 4.1 presents two types of nuts: bright-finish nuts of Property Class
8 and black nuts (self colour) of Property Class 10. In this research work, the

assemblies of bolts and nuts were divided into four groups as illustrated in Table 4.1:

Table 4.1: Details of bolt assemblies in the experiments

0TS | oihos | s | o
Group © B 4190.Brt) | (88 4190.Br) TH/8g
Group A (BSG ftald9e0,8'l§r"') (BSG;?gg,llga*) TH/8g
Oroup D (150 4014, Ba*) | (1504032, Br® 6H/6g
Oroup B (50 4014, Be*) | (15040, Be®) 6H/6g

Br* = Bright finish (zinc plated), Ba* = Black 1inish

As mentioned already, the tolerance class for bolts and nuts determines the degree of
fit between these two components. Theoretically, a closer fit of the threads can assist
in achieving a better performance of these two components in practice. Kirby (1995)
therefore believed the premature failure due to thread stripping, which may be
controlled by the degree of fit between bolt and nut threads. As a consequence, the
first objective in this study was to identify an approach which would eliminate the
premature failure due to thread stripping at elevated temperatures. The second was to
observe the performance of bolts ordered to BS 4190 and to BS EN ISO 4014 in

tension at both ambient and elevated temperatures.

4.4 Test Arrangement

A test rig used for all the bolts was designed to fit a compression/tension testing

machine, as shown in Figure 4.1. The coupling system was made by Durehete alloy
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and unprotected in testing. Seven thermal couples have been utilized for reporting
temperature variation of the bolts and also within the furnace. The loading hydraulic
jacks were fire-protected during the testing and displacements were recorded by

measuring the movements of the jack system.

Thermocouple
wires

Tested
bolt

Furnace

Figure 4.1: The arrahgeent of bolt tests

Since all the tests were carried out under displacement control, a nominal strain rate
of between 0.001 and 0.003 mm/min was adopted in both the elastic and post-elastic
regions, which is in keeping with the recommendation by Kirby (1995). In this series
of tests, each bolt assembly was heated to the desired temperature, maintained for a
period of 15 min for stabilization to establish a uniform temperature distribution, and
then the tensile load was applied under displacement control. Kirby (1995) noted that
a prolonged “soaking” period and a slow heating rate had little influence on the
ultimate capacities of bolt assemblies. Therefore, a lower heating rate of 2-2.5°C
/min was adopted throughout this investigation. After a couple of pilot bolt tests to
check the equipment and experimental procedures, a total of 42 tests were completed

at both ambient and elevated temperatures.

4.5 Test Results at Ambient Temperature

Figures 4.2 to 4.5 display a typical set of failed specimens with the corresponding
load-deformation curves for each tested group. From these figures, it is clearly found

that the bolts with Property Class 10 nuts failed by bolt breakage, and for the bolts
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with Property Class 8 nuts, the failure mechanism was thread stripping of the nuts.
According to these experimental results, the Tolerance Class (the degree of fit) did
not appear to influence the final failure mode of the bolt assemblies and the property

class of nuts seems to govern the failure mechanism between bolts and nuts.

Load (kN) Grade 8.8 bolts with grade 10 nuts (BS4190,T=20 C,Group A)

===BOLT1
===BOLT2
=——BOLT3

0 1 2 3 - ) 6 7 8 9 10
Displacement (mm)

Figure 4.2: BS 4190 bolts with Property Class 10 nuts (T=20°C, Group A)

Load (kN) Grade 8.8 bolts with grade 10 nuts (BS EN ISO 4014, T=20 C, Group B)

25 ——BOLT4
——BOLTS
—=——BOLTE

0 1 2 3 4 5 6 7 8 9 10 11 12
Displacement (mm)

Figure 4.3: BS EN ISO 4014 bolts with Property Class 10 nuts (T=20°C, Group B)
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Grade 8.8 bolts with grade 8 nuts (BS 4190, T=20 C, Group C)

Load (kN)

225
200

——BOLT7

175 ——=BOLT8

=——=BOLT10
150
125
100
75
50
25
0

0 2 4 6 8 10 12 14 16 18 20 22 24

Displacement (mm)

Figure 4.4: BS 4190 bolts with Property Class 8 nuts (T=20°C, Group C)

Grade 8.8 bolts with grade 8 nuts (BS EN I1SO 4014,T=20 C, Group D)
Load (kN)

——BOLT?
175 ——BOLT11
——BOLT12

50

0 2 4 6 8 10 12 14 16 18 20
Displacement (mm)

Figure 4.5: BS EN ISO 4014 bolts with Property Class 8 nuts (T=20°C, Group D)

Table 4.2 summarises the maximum failure load capacities recorded for each bolt
test. The minimum ultimate load capacity in pure tension is 196.0 kN (=800N/mm?x

245mm°) for a single standard 8.8 bolt.
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Table 4.2: Ultimate capacities of 8.8 bolts at ambient temperatures

BOLT BOLT BOLT | FAILURE | FAILURE | NUT
SETS MARK | FAILURE | STRESSES | LOADS | GRADE
Group A | BOLT! ot | 8073 Nmm' | 1978kN | Grade 10
(b5 4r00) | BOLT2 | p e | 8257 Nmm' | 2023KN | Grade 10
BOLT3 728.6 N/mm® | 178.5kN | Grade 10
o | BOLTA o | 9784Nmmt | 239.7kN | Grade 10
(30014 | BOLTS | proaaos | 956.7Nmm® | 2344kN | Grade 10
BOLTG6 973.1 Nimm® | 238.4kN | Grade 10
BOLT7 780.0 N/mm? | 1911 kN | Grade 8
(g;":fg%) BOLTS ;ﬂ;ﬁ‘ifg 745.7 N/mm? | 182.7 kN Grade 8
BOLTI0 7069 N/mm® | 1732kN | Grade 8
BOLTO 7502 Nimm® | 183.8kN | Grade 8
(I(S}g";% 3) BOLTI1 ;r};?;isg 806.5 N/mm®> | 197.6kN | Grade 8
BOLTI2 7812Nmm? | 191.4kN | Grade 8

Comparing the recorded bolt failure loads to 196.0 kN, Grade 8.8 bolts with Property
Class 10 nuts (Groups A and B) can guarantee the minimum ultimate tensile value
specified previously, except for one questionable bolt, BOLT3. However, the bolts
(Groups C and D) with the premature failure due to thread stripping cannot meet the
specified minimum ultimate value. In addition, comparing the average loads between
Groups A and C (BS 4190 bolts) the reduction in capacity using grade 8 nuts
compared with grade 10, was 5.5% (excluding BOLT3) and for ISO 4014 bolts
(Groups B and D) the corresponding reduction was 19.6% in their ultimate capacity.
Premature failure took place in the bolts, leading to a reduction of the fu<ns1:XMLFault xmlns:ns1="http://cxf.apache.org/bindings/xformat"><ns1:faultstring xmlns:ns1="http://cxf.apache.org/bindings/xformat">java.lang.OutOfMemoryError: Java heap space</ns1:faultstring></ns1:XMLFault>