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ABSTRACT 

This research attempts to address the two problems of soil liquefaction in reclaimed 
land and a growing number of discarded tyres by mixing liquefiable sand with tyre 

chips and using them as fill materials with the aim reducing the liquefaction potential. 
The cyclic strength of sand-tyre chip mixtures was investigated using a cyclic triaxial 

system which was modified to house bender elements for measuring the shear wave 

velocity and small strain shear modulus. In addition, the behaviour of the mixtures 

under monotonic loading conditions was studied using a standard triaxial apparatus with 

pore water pressure measurements. 

The triaxial test results showed that the addition of rubber alters the stress-strain, 

pore water pressure, and stress path behaviours, depending on the amount of rubber 

added. It was found that the cyclic strength of mixtures with 5% to 30% rubber content 

were lower than that of pure sand. However, when the rubber was increased to 40% and 

above, the cyclic strength was increasingly improved. The bender element tests showed 

that the higher the percentage of rubber, the lower was the shear wave velocity and 

shear modulus. 

The seismic response of the layered soils comprising sand, clay, and sand-tyre 

chips has been analysed using equivalent linear elastic analysis. This showed that the 

sand-rubber mixtures actually amplify the ground accelerations and generate higher 

shear strains, compared to pure sand; however, the generated shear stress did not vary 

with the addition of rubber. Nevertheless, it was found that the mixtures improve the 

overall factor of safety against liquefaction, suggesting that they may be used to 

mitigate the hazard. 
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NOTATION 

a parameter for curve fitting (for CRR determination); 

factor (for CSR determination); factor (for es determination) 

am maximum acceleration 
A tyre chips CTO515 

A pore water pressure coefficient; parameter (for Vg calculation) 
AC area of specimen after consolidation 
Af pore water pressure coefficient at failure 

b parameter for curve fitting (for CRR determination); 

factor (for CSR determination); factor (for es determination) 

c factor (for dup/Q'3c determination) 
B tyre chips CT1030 
B pore water pressure coefficient 
BE bender element 
C tyre chips CT2060 
CCXy(t) cross correlation function 

CCxy, max maximum value of cross correlation of two signals 
CC coefficient of curvature 
CB correction for borehole diameter 
CC cross correlation 
CE correction for hammer energy ratio 
CFines corrected value due to find contents for (N1)60 

CN correction for effective overburden pressure 
CR correction for rod length 

Cs correction for samples (with or without liners) 

CT undrained cyclic triaxial test 
C� coefficient of uniformity 
CC factor to correct measured shear wave velocity for overburden pressure 
CRR cyclic resistance ratio 
CSR cyclic stress ratio 
CSR20 cyclic strength 
d average grain size; factor(for dUpka'3c determination) 

D tyre chips CT4010 

D diameter of specimen; damping ratio 
Dio maximum size of the smallest 10 per cent 



Notation 

D30 maximum size of the smallest 30 per cent 
D50 mean particle size 
D60 maximum size of the smallest 60 per cent 
Dr mean particle size of tyre chips 
DS mean particle size of Leighton Buzzard 16/30 sand 

e consolidated void ratio 

eo initial void ratio 

er inter-rubber void ratio 

es inter-sand void ratio; inter-granular void ratio 
f frequency 
f� frequency of input voltage 
FA first arrival 
FC fine content 
Fe factor (for e determination) 

FFT Fast Fourier Transform 

FG factor (for Gm. determination) 
FL factor of safety against liquefaction 

FSL factor of safety against liquefaction 

Fv factor (for V$ determination) 

g acceleration of gravity 
G shear modulus 
Gmax small strain shear modulus 
Gxy(1) cross power spectrum 
IFFT Inverse Fast Fourier Transform 

K. coefficient of earth pressure at rest 
1 distance 

Ib length of individual rubber 
lt-t tip to tip distance between transmitter and receiver 
L earthquake-induced cyclic shear stress ratio; length of specimen 
Lx() linear spectrum of input signal 
Ly(/) linear spectrum of output signal 
Ly*(/) complex conjugate of linear spectrum of output signal 

m stress exponent (for V. calculation) 
M slope of critical state line 

MSF magnitude scaling factor 

Mw moment magnitude of earthquake 
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Notation 

n exponent (for MSF determination) 

N number of load cycles; SPT-N value 
Nf number of load cycles at liquefaction 

(N1)60 corrected SPT-N value 
(Ni)6o, cs adjusted (N1)6o due to fine contents 
P' mean normal effective stress 
P. reference stress of 100kPa or about atmospheric pressure 
P" magnitude of cyclic load 

Pf mean effective normal stress at failure 

PP first major peak to peak 
PT phase transformation 

q deviator stress 

qcyc cyclic deviator stress (single amplitude) 

of deviator stress at failure 

rd stress reduction coefficient 
R cyclic strength ratio of soil 
RC rubber content in per cent 
S Leighton Buzzard 16/30 sand 
SA Leighton Buzzard 16/30 sand + tyre chips CT0515 

SB Leighton Buzzard 16/30 sand + tyre chips CT1030 
SC Leighton Buzzard 16/30 sand + tyre chips CT2060 
SD Leighton Buzzard 16/30 sand + tyre chips CT4010 

t travel time; time shift between two signals 
to arrival time of shear waves 
tpk_pk peak to peak travel time 

TC undrained triaxial compression test 
TE undrained triaxial extension test 
Tr time record 
of pore water pressure at failure 

uo initial pore water pressure 
Vs volume of solid 
Vv volume of voids 
Vs shear wave velocity 
Vs1 overburden stress-corrected shear wave velocity 
V1 upper limit value of Vs1 

Wrb width of individual rubber 

Vlll 



Notation 

z depth below ground surface 

Ca, DA double-amplitude axial strain 

£a, P axial plastic strain 
F specific volume of soil at critical state with p'= 1. OkPa 

r7 aspect ratio 
p density 

µ Poisson's ratio 
V specific volume 
A slope of normal consolidation line; wave length 

shear strain 
ym maximum shear strain 
0' angle of friction in teams of effective stress 
a'I major principal effective stress 
a'2 intermediate principal effective stress 
a'3 minor principal effective stress, effective confining pressure 
a'3c consolidation pressure 
al major principal stress 

a3 minor principal stress 

a'h horizontal effective stress 
a'V vertical effective stress 
CFO V0 vertical effective overburden stress 
a,, 0 vertical total overburden stress 
acyc cyclic deviator stress 
iav average horizontal shear stress 
tcyc cyclic shear stress 
rmax maximum shear stress 
AP, peak cyclic load in compression 
LPe peak cyclic load in extension 
du excess pore water pressure, change of pore water pressure 
dui, peak pore water pressure 
Aoj change of cell pressure 
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CHAPTER I 

INTRODUCTION 

1.1 Research Context 

Saturated sand when subjected to seismic loading under undrained conditions will 

undergo a progressive build up of the pore water pressure. Under certain conditions this 

can become equal to the initial effective stress resulting in the complete loss of shear 

strength and stiffness. This phenomenon has been coined as "liquefaction". During the 
liquefaction, soil grains lose contact with each other and float around and as a result the 

soil assemblage is transformed from a solid to liquid state. If this happens on sloping 

ground, flow failure is foreseen. On the other hand, for level ground, after the 

liquefaction large settlements are likely to occur owing to the re-arrangement of the soil 

grains after the dissipation of pore water pressure, as illustrated by Figure 1.1. 

CIRCLES MAKE CONTACT WITH EACH OTMEH 
VERTICALLY AND $O {Z(NTALLY 

tat LOOSE STATE 

CIRCLES MAKE : üN TACT -011I: UNTALLY 
"/`"/ 6UT !b NOT MAKE CCVACT VERTICAL: Y 

Ib SMEARED STATE 

CIRCLES MAP E'=ONTA, ' WIT., EACH OTHER YI 

tei REPAcRCD STATE 

Figure 1.1 Schematic diagram for sand grain arrangement (after PHRI, 1997) 



Chapter 1 Introduction 

Geotechnical engineers have studied the behaviour of earthquake-induced 
liquefaction since the earthquakes in 1964 at Niigata, Japan, and Alaska, USA; 

nonetheless, many aspects of liquefied soil including the mitigation of potential damage 

still need to be investigated. It should be noted that the understanding of dynamic 

behaviour of soils and foundations has lagged behind the study of dynamic behaviour of 

structures because it was believed that superstructures need to be strengthened more in 

poor soils than in good soils (Prakash, 1981). 

Amongst the geotechnical engineering community, the 1964 earthquakes have 

been regarded as a milestone of liquefaction study because they led to public 

recognition of the phenomenon, and of the importance of measures to mitigate the 
damage caused by earthquakes in general (Ishihara, 1993). The reason is that the 

phenomenon can be cited symbolically as the first event in the world in which all kinds 

of modem structures were destroyed due to the liquefaction of soil deposits. 

If buildings, dams, bridges, and buried structures are to be constructed in seismic 

zones containing liquefiable soil, the geotechnical engineer must be aware of the 

possibility of liquefaction as well as its consequences. As such, the following questions 

must be satisfied: (1) is the in situ soil susceptible to liquefaction? (2) if the soil is 

susceptible, will then liquefaction be triggered? and (3) if liquefaction is triggered, will 
damage occur? The answer to the first question may preclude the other two. If it is 

negative, then the evaluation of liquefaction hazard may not be necessary. If the answer 

on the other hand is yes, the following questions must be addressed (Kramer, 1996). 

The extent of the study of liquefaction potential depends on the value of a project and 

the level of hazard if the soil liquefies. 

If a construction site is found to have a high possibility of liquefaction, 

mitigation is essential in order to maintain the functions of a structure (PARI, 1997). 

Normally, mitigation techniques for soil liquefaction can be classified into two groups: 
(1) soil improvement, and (2) structural design. The former is intended to prevent the 

occurrence of liquefaction, whereas the latter aims to minimise the damage to structures 
if the soil liquefies. Any soil improvement technique that could increase the shear 

strength and stiffness of soil can be employed. Examples of soil improvement are 

compaction, pore water pressure dissipation, cementation and solidification, 

replacement, shear strain restraint and preloading. 

2 
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An artificial island reclaimed from the open water areas such as oceans, lakes, 

and harbours is generally constructed by simply dumping the fill materials without any 

compaction effort. This conventional construction practice results in the island having 

loose to medium dense sediments. If these loose saturated sediments encounter a strong 

earthquake, the probability of liquefaction is therefore high. Examples of reclaimed land 

are waterfront developments, offshore artificial islands, and offshore airport 

construction (PHRI, 1997). 

In recent years, discarded tyres have become an increasing problem around the 

world because disposing of them in open areas is a danger to the environment. They are 

vulnerable to fire and subsequently may contaminate ground water. Ground water 

contaminated by burnt tyres may need hundreds of years to be clean again. As a result, 
disposing whole used tyres has been prohibited by a new EU Landfill Directive since 
July 2003 (Khalid and Artamendi, 2004). Thus, making use of them needs to be 

considered imaginatively and the solution must be sustainable. 

Several investigators have studied the shear strength and deformation 

characteristics of sand mixed with recycled tyre chips. Numerous results indicate that 

the shear strength of the mixture is increased, depending on tyre chip content as well as 

the aspect ratios of the tyre chips. Thus, as the shear strength of the mixtures increases, 

then logically, the cyclic strength may also increase. This implies that it is possible that 

waste tyres could mitigate the liquefaction susceptibility of land fills. 

1.2 Research Objectives 

The main objective of this research was to investigate sustainable solutions for landfill 

materials in seismic zones. It was therefore proposed to investigate the liquefaction 

potential of recycled waste tyres mixed with liquefiable soil by means of cyclic triaxial 

tests. Thus soil has been mixed with various sizes of tyre chips and various ratios of 

sand to rubber in order to determine an optimum mix. 

To be able to analyse the liquefaction potential, however, other two parameters 

were needed, namely small strain shear modulus and damping ratio. The damping ratio 

can be computed from undrained cyclic triaxial test data. The small strain shear 

modulus was obtained by measuring the shear wave velocity employing bender 

elements requiring modification of the cyclic triaxial testing system so that the bender 
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elements could be housed within a triaxial cell. This allowed the liquefaction strength 

and the small strain shear modulus to be obtained from the same specimen. 

In addition, the undrained shear strength of the mixtures was investigated to 

provide the stress-strain behaviour as well as the generation of pore water pressure 
under monotonic loading conditions. 

Lastly, the test results obtained from the undrained cyclic triaxial tests and the 

bender element tests were used to evaluate and compare the liquefaction potential of the 

mixtures. 

1.3 Research Methods 

To achieve the aims of the research a sandy soil was obtained that was liquefiable when 

subjected to simulated earthquake shaking. After that, various sizes of recycled tyre 

chips were obtained. To minimise the probable boundary problems, the maximum size 

of tyre chips was limited to 1/10 the diameter of a cylindrical triaxial specimen. 

It was recognised that mixing two or more materials having different sizes and 

specific gravity may cause the segregation. Thus, next task was to trial mixing methods 

that could cause as little segregation as possible. Both dry deposition and underwater 
deposition methods were investigated. 

A standard triaxial testing system was employed to investigate the undrained 

shear strength of the mixtures. The liquefaction characteristics were investigated by 

employing a closed-loop computer-controlled cyclic triaxial testing system. Tests were 

performed under undrained conditions based on the assumption that the pore water 

pressure has no time to dissipate during an earthquake because the strong ground 

motion occurs over a short period. Specimens were subjected to a repeated sinusoidal 

cyclic deviator stress at a frequency of 0.1 Hz until a double amplitude axial strain of 5% 

was achieved which was defined as liquefaction. The shear wave velocity was measured 
by means of bender elements. Two bender elements were employed; one attached at a 

triaxial base and protruded into a specimen about 7mm acted as a transmitter. 

Meanwhile, the other bender element at the top received the shear waves generated. 

4 
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Finally an evaluation of liquefaction potential and response of ground containing 
tyre chip mixtures was accomplished by using an equivalent linear computer analysis 

called EERA. 



CHAPTER 2 

LITERATURE REVIEW 

2.1 Introduction 

Soil liquefaction can be triggered by both static and dynamic loading under undrained 

conditions. Examples of dynamic loading are earthquakes, blasting, and vibration. Once 

this has occurred, soil completely loses its shear strength and stiffness, and behaves like 

a viscous fluid having the unit weight equal to a saturated soil. In such conditions, if 

superstructures have the unit weight greater than that of the liquefied soil, will sink. On 

the other hand, underground and buried structures of which the unit weight is smaller 

will float. The probability of damage is therefore high. The level of hazard, excluding 

the shaking of structures due to dynamic loading, depends chiefly on degree of soil 

saturation, drainage conditions, and period of liquefaction. 

Since the 1964 earthquake at Niigata and Alaska, civil and geotechnical 

engineers have paid attention to earthquake-induced liquefaction because even modem 

structures and bridges were destroyed (Ishihara, 1993). Unfortunately, with current 
technology and knowledge, engineers and scientists are still unable to accurately predict 

the occurrence of an earthquake as well as its magnitude. 

Structural engineers are able to choose materials and a specific design code for 

structural design if they know that a structure is to be constructed in seismic zones. In 

fact, they could design the structure to resist any magnitude of earthquakes, irrespective 

of types of foundation soil. Geotechnical engineers, on the other hand, cannot choose 

materials for their design, but have to deal with in situ soils which are deposited 

naturally. The obvious differences between structural materials (e. g., steel and concrete) 

and geomaterials are that most soils are not homogenous and contain voids. If it is 

found that a construction site contains soil that is prone to the liquefaction, then the 
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countermeasures are essential for maintaining the serviceability of the structure, and, 

most importantly, for saving human lives. 

Even though 1964 is regarded as the beginning of liquefaction study; in fact, it 

can be traced back to the work by Casagrande (1936,1940) and Terzaghi and Peck 

(1948). Since then, liquefaction has been studied extensively (e. g., Seed and Idriss, 

1971; Ishihara et al., 1975; Ladd and Chan, 1976; Seed, 1979; Kramer and Seed, 1988; 

Ishihara, 1993; Vaid and Sivathayalan, 2000; Vaid et al., 2001; Hyde and Higuchi, 

2005). Nevertheless, many aspects of liquefied soil are still not well understood because 

of the complexity of earthquake patterns as well as the behaviour of soil particles during 

liquefaction. ' 

This chapter reviews the literature related to all aspects of soil liquefaction, 

undrained behaviour of saturated sand, critical and steady state concepts, assessment of 

soil liquefaction, mitigation of soil liquefaction, and sand-tyre chip mixtures. 

2.2 Liquefaction of Soil 

2.2.1 Definitions and Terms 

In broader senses, liquefaction is a phenomenon in which soils progressively lose shear 

strength and stiffness due to earthquakes, vibration, blasting, or rapid loading. It occurs 
in saturated soils, normally sand, in which the pore space is completely filled with 

water. During dynamic loading, if drainage is prevented, the pore water pressure builds 

up gradually, and eventually causes the effective stress of the soil to become zero. The 

soil then behaves like a fluid, i. e., soil particles float in the pore water. Both undrained 

monotonic and cyclic loading can trigger the soil to liquefy. However, the earthquake- 
induced liquefaction is of most interest because it is the most catastrophic to built 

environments and humans. 

It is noteworthy herein to introduce the definition of cyclic loading because it 

has the most significant influence on soil liquefaction. According to O'Reilly and 
Brown (1991), the term cyclic loading suggests a system of loading which exhibits a 
degree of regularity both in its magnitude and in its frequency. Note that the cyclic 
loading is not only produced by earthquake shaking, it is also encountered in practice, 

e. g., machine operations and offshore structures. 

7 
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Terzaghi and Peck (1948) are the researchers who early discussed the 

liquefaction of soils by using the term spontaneous liquefaction to explain the 

behaviour. Spontaneous liquefaction occurs when a quicksand suddenly loses shear 

strength and drainage is prevented. As a consequence, the structure of the sand 

collapses, associated with an increase of pore water pressure. They explained that the 

phenomenon transforms the sand into a very concentrated suspension. 

Mitchell (1993) stated that saturated sand will liquefy if its void ratio is above 

the critical state or steady state line, and sheared rapidly. If the water cannot escape 

from the pores instantaneously, the structure will transform the normal stress to pore 

water pressure. The loss of the effective stress will then reduce the shear strength of the 

soil to a very low value, and the soil eventually liquefies. 

Soil subjected to stress reversals, e. g., wind, wave, and machine loading, or the 

transient type of loading imposed by earthquakes, can progressively lose shear strength 
because the pore water pressure builds up, and this was termed liquefaction by Lee et al. 
(1983). Poulos et al. (1985) described the term liquefaction as a phenomenon wherein 

the shear resistance of a mass of soil decreases when subjected to monotonic, cyclic, or 

dynamic loading at a constant volume. Youd and Idriss (2001) explained the 

liquefaction as a phenomenon of seismic generation of large pore water pressure and 

consequent. softening of granular soils. Consequently, the soil is transformed from a 

solid to liquefied state as a result of increased pore water pressure and reduced effective 

stress due to earthquakes, vibration, or rapid loading. 

The liquefaction of soil by means of cyclic triaxial test in laboratories was 

described by Ishihara (1993). In cyclic triaxial tests, a sequence of constant amplitude 

cyclic axial stresses under undrained conditions is applied to saturated sand specimens 

until they deform to a certain level of peak-to-peak axial strain (or double amplitude). 

The applied load creates stress conditions on a plane of 45 degree through the specimen 

similar to those produced on the horizontal plane in the ground during earthquake 

shaking. During cyclic loading, it is observed that the pore water pressure builds up 

progressively, and eventually approaches a value equal to the initial confining stresses, 

thereby producing an axial strain of about 5% in double amplitude. Notice that, such a 

state has been referred to as initial liquefaction or simply liquefaction. 

8 
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The liquefaction phenomenon attracts the researchers because its consequences 

are catastrophic. However, ongoing research around the world being conducted is using 
different equipment and assumptions. As a result, research papers, technical notes, and 

theses have been published for decades. Yet, definitions and terms used in these 

publications are somewhat different despite the fact that they are the same meaning. 
Therefore, it is vital to clarify herein the important terms related to the liquefaction 

phenomenon which are to be used and referred to throughout this research. 

(a) Static Liquefaction 

According to Kramer and Seed (1988), static liquefaction can only occur if the shear 

stress acting on a soil is increased by a sufficient amount under undrained conditions. If 

the induced shear stress is greater than the undrained shear strength of the soil, then the 

soil will liquefy. The magnitude of an increase in shear stress (under undrained 

conditions) required to initiate the liquefaction has been referred to as the static 
liquefaction resistance of the soil. The soil, on the other hand, will not liquefy if it is 

subjected to an increase in shear stress under undrained conditions of magnitude which 

is less than the static liquefaction resistance. 

The conditions in a triaxial test at which a'3 =0 and (aI - a3) = 0, where a'3 and 

(a1 - a3) are the effective confining pressure and the principal stress difference, 

respectively, were also described as static liquefaction by Yamamuro and Lade (1997). 

They reported that when this had happened large wrinkles in the membranes 

surrounding the specimens were also observed. 

(b) Flow Liguefaction 

Flow liquefaction can be triggered by either monotonic or cyclic loading (transient 

disturbance), but requires a strain softening response in undrained loading. Flow 

liquefaction will be initiated if the in situ shear stress (gravitational static stress or 

driving stress) is greater than the undrained residual (or steady state) strength of the soil 

(Grozic et al., 2000). Note that the steady state strength is the strength a soil has when 

undergoing a steady state of deformation, i. e., continuous flow under constant shear 

stress and constant effective confining stress at constant volume and constant velocity 
(Poulos, 1981). 
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(c) Cyclic Liquefaction 

Cyclic liquefaction, or simply called liquefaction, requires undrained cyclic loading 

(e. g., earthquakes and vibration) where shear stress develops. If the cyclic loading is 

sufficient to cause shear stress reversal, and to cause the effective confining stress to 

essentially reach zero, cyclic liquefaction occurs (Grozic et al., 2000). Note that in 

cyclic triaxial test the first time when the effective confining pressure a'3 reaches zero 
has been termed initial liquefaction (Seed, 1979). Large deformations of the soil can 
develop during cyclic liquefaction; however, they normally stabilise when the cyclic 

loading stops. Figure 2.1(a) illustrates the cyclic liquefaction of soil. 

(d) Cyclic Mobility 

Cyclic mobility (Figure 2.1(b)) occurs in a soil that first softens under cyclic loading, 

but then stiffens when monotonically loaded without drainage as the tendency to dilate 

reduces the pore water pressure (Rauch, 1997). As a result, the effective stress will not 

really reach zero and the deformation during cyclic mobility will also stabilise when the 

loading ceases. It can occur even when the static shear stress is lower than the steady 

state shear strength of the soil. During cyclic mobility, the residual shear strength of the 

soil remains greater than the static shear stress and the deformation accumulates only 

during cyclic loading. For conventional usage, it is sometimes referred to as 

liquefaction. 

(e) Cyclic Strength 

In engineering practice which deals with the property of materials, a numerical value is 

always allocated for a particular behaviour of the material in order to facilitate the 

design and construction. This is also true for liquefaction. In general, the cyclic strength, 

also called liquefaction strength, of a soil in cyclic loading tests is the relationship 
between the magnitude of applied cyclic deviator stress or shear stress and the number 

of load cycles required to initiate the liquefaction. Liquefaction of the soil in 

laboratories, e. g., cyclic triaxial tests, cyclic simple shear tests, and cyclic torsional tests 

occurs in three ways: (1) the induced pore water pressure is approximately equal to the 

initial effective confining stress, (2) the amplitude of cyclic strain exceeds a certain 
limit, and (3) the residual strain (steady state strain) exceeds a certain limit (JGS, 1998). 
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Ishihara (1993) described the cyclic strength of a soil as the stress level required 

to cause a specified level of strain after a specific number of load cycles. More 

precisely, the cyclic strength is the magnitude of cyclic stress ratio required to produce 

5% of either double amplitude axial strain ea, DA or axial plastic strain s8, p in 20 cycles of 

uniform load application. The particular number of 20 is used because it is similar to 

ý 
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actual time histories of accelerations recorded during past earthquakes. It should be 

noted that the cyclic stress ratio has been defined as q, yd2a'3c for the cyclic triaxial 

loading condition by which qcyc denotes the single amplitude of cyclic axial stress and 

ß'3c is the initial effective confining stress (Ishihara 1993; Hyodo et al., 1998). In cyclic 

simple shear tests, however, the cyclic stress ratio is defined as Tcy/ß',, where Teyc and 

a'� denote the cyclic shear stress and vertical effective stress, respectively. 

For cyclic triaxial tests, the criterion number (2), the amplitude of cyclic strain 

exceeds a certain limit, is always used to determine the cyclic strength by plotting a 

number of load cycles N required to cause double amplitude axial strain Ca, DA or axial 

plastic strain Ea, p of 5% (Hyodo et al., 1996; Higuchi, 2001; Amini and Chakravrty, 

2004; Hyde and Higuchi, 2005). The curve is called a liquefaction strength curve. The 

typical liquefaction strength curve obtained from cyclic triaxial tests is illustrated by 

Figure 2.2. It can be concluded that the cyclic strength, liquefaction strength, and cyclic 

stress ratio required to cause 5% double amplitude axial strain or axial plastic strain in 

20 cycles are in fact the same. 
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Figure 2.2 Typical cyclic strength curves 

2.2.2 Damage from Soil Liquefaction 

When considering ground problems caused by soil liquefaction, they can be classified 
into two groups: (1) level ground, and (2) sloping ground (Wiegel, 1970). The level 

ground refers to ground which lies horizontally or slopes gently. The sloping ground 
includes levees and embankments. The problems encountered in level ground, besides 
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loss of shear strength and stiffness, are always settlements after the dissipation of pore 

water pressure. 

For sloping ground, there are more problems to concern. If liquefaction is likely 

to occur in such ground, an analysis of stability, flow deformation, and settlement must 

be included. Flow slides of clay soil in the sloping ground may occur during ground 

shaking if an underlying layer is liquefiable soil and the static shear stress induced is 

greater than the residual stress of the underlying soil. 

When soil is liquefied, the shear strength decreases because of the generated 

pore water pressure resulting in a decrease in effective shear strength; additionally, 

uplift forces can arise, and buried structures float if their unit weight is less than that of 

the liquefied soil. In the case of spread foundations, settlement, tilting, or overturning 

may occur after the liquefaction. Of most concern in geotechnical designs is the 

settlement and deformation of foundation soils. After the liquefaction, the generated 

excess pore water pressure will eventually dissipate to equalise the ground water table. 

As a result, soil particles are rearranged and repacked because of the decreased soil 

volume. Subsequently, if the settlement exceeds the design value, structures may 

undergo either structural or functional damage. The structural damage can be simply 

visualised; on the other hand, the functional damage needs to be investigated and tested. 

Large permanent deformations of embankments and earth structures are an 

example of the functional damage. Although they do not collapse; but, they are not 

functional any more. Port and harbour structures and retaining walls may be severely 

damaged because of additional horizontal earth pressure due to liquefied soil (PIIRI, 

1997). Even though a retaining wall may not be damaged from the additional pressure 

from back fills, it may no longer be serviceable because of the dislocation due to lateral 

soil movement. In the case of water pipes even if they do not break, if their elevation 

has been changed, water may not flow as designed. Other examples of disturbing the 

function are subsidence and tilting of buildings, lateral movement of bridge abutments 

and piers, floating of sewage treatment tanks, instability of earth-fill dams causing 

overflow of its reservoir water, and excessive distortion of harbour revetments (JGS, 

1998). 
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2.2.3 Soils Susceptible to Liquefaction 

At the beginning, it was believed that soils most susceptible to liquefaction are loose 

saturated sand deposits. Figure 2.3 presents the gradations of soil particles that have a 

possibility to liquefy when encountering dynamic loading. One can use this diagram for 

the preliminary assessment of liquefaction potential. Soils at which the gradation falls in 

zones other than the possible ranges shown are considered non-liquefiable. Figure -2.3 
has been employed to determine the liquefaction potential of sands with high coefficient 

uniformity as well as low coefficient of uniformity. These criteria have been confirmed 
by many researchers. For example, Sitharam et al., (2004) concluded that soil type most 

susceptible to liquefaction for a given site condition is sand which has uniform 

gradation and rounded particles, and must be in a very loose state. The other conditions 

are that it has recently been deposited with no cementation between soil grains, and 

there is no either prior preloading or seismic shaking. 

Subsequently, it was found that sands with some low plasticity silts were also 
liquefiable. It was also believed that sand containing silt exhibits a greater resistance to 
liquefaction. However, if the fines comprise minerals with a dry surface texture which is 

free from adhesion, the particles will separate. As a result, the sand containing such 
fines will have as great a potential to liquefy as clean sand has (Ishihara, 1993). 

Erten and Maher (1995) investigated the effect of fine contents on the pore water 
pressure generation in sand by performing automated cyclic triaxial tests on pure sand 

specimens, silt specimens, and sand mixed with silt specimens. Two types of silts were 

used: a non-plastic silt and a low plasticity silt with the plasticity index of about 10. For 

sand mixed with both two silts, they found that there is a significant increase in the 

generated pore water pressure at strain levels of 0.01% and higher. However, for non- 

plastic silt, addition of silt while maintaining the same void ratio results in an increasing 

pore water pressure up to a limiting value which corresponds to 30% silt content. 

Higuchi (2001) studied the liquefaction and cyclic failure of low plasticity silts 

using undrained cyclic loading tests on samples reconstituted from slurry. The 

reconstituted sample was consolidated both isotropically and anisotropically, and then 

was sheared cyclically and monotonically. The study showed that silt is also liquefiable. 
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A study by Song et al., (2004) also suggested that silt is susceptible to liquefaction in 

the same way as clean sand. 

The Chi Chi earthquake on 21 September 1999 in Central Western Taiwan 

triggered extensive soil liquefaction. The majority of sand deposits in the liquefied area 

had significant amounts of low to medium plastic fines (Huang et al., 2004). In 

addition, Yamamuro and Lade (1997,1998) pointed out that at very low pressures, 

complete static liquefaction in laboratory testing is easily achieved in silty sands. 
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Due to high hydraulic conductivity, gravels and gravelly soils were once thought 
to be non-liquefiable. As a result, gravels and gravel drains have frequently been used as 
a remedial measure to improve the liquefaction resistance by means of rapidly 
dissipating pore water pressure generated during ground shaking. 

However, a study by Evans and Zhou (1995) showed that a composite of sand 

and gravel is also liquefiable depending on the gravel content. They performed 

undrained cyclic triaxial tests using sand samples mixed with varying gravel contents of 
0,20,40,60, and 100%. The results showed that the specimens with an addition of 0% 

and 20% gravel contents have similar pore water pressure and axial strain responses; 

and, exhibit the cyclic liquefaction behaviour similar to loose sand. When the mixtures 

contained gravel of 40% and 60%, on the other hand, the specimens exhibit cyclic 

mobility behaviour similar to dense sand. From the results, it can be concluded that the 

higher gravel content in sand-gravel mixtures results in a greater value of resistance to 

liquefaction. The behaviour of gravelly soils was also studied by Evans (1992) and 
Evans et al., (1992). 

The liquefaction characteristics of uniform and layered sand-gravel composites 

were studied by Amini and Chakravrty (2004). They found that as the confining 

pressure increases, the liquefaction strength of the composites decreases. Moreover, 

they concluded that the ranges of confining pressure of 50 to 250kPa do not 
significantly influence the liquefaction strength of the composites. 

Seabed soils may contain large amounts of gas dissolved in the pore fluid. 

Gasses found in seabed sand normally comprise carbon dioxide, hydrogen sulphide, 

ethane and methane. However, only methane is found in considerable quantities (Grozic 

et al., 2000). Normally, soils containing large quantities of gas are called gassy soils. 

When these submarine sediments encounter low-tide conditions, with a combination of 
the presence of gases and sufficiently low density, flow liquefaction may be triggered 
(Chillarige et al., 1997); and, subsequently, flow slides occur. However, increasing 

amounts of gas in the specimen will reduce the cyclic liquefaction potential of the soil. 

Grozic et al., (2000) studied the behaviour of gassy sand using undrained cyclic 
loading in the laboratory. They measured gas content in the specimen before and after 

each test using time domain reflectometry. The results showed that the gassy sand 
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exhibits little pore-pressure generation before failure. For example, if the loading 
initiates the specimen to collapse, then the pore water pressure increases noticeably; 

subsequently, the failure occurs. On the other hand, if the collapse is not triggered 

within four cycles of loading, then failure does not occur and pore water pressure does 

not build up. They suggested that the applied cyclic load must be very close to the load 

required for monotonic failure. They also concluded that gassy sands exhibit a 

monotonic type failure under high cyclic loads. 

Recently, there has been increasing interest in whether or not finer soils, 

especially silts and silty clays are liquefiable. Wang (1979) and Seed and Idriss (1982) 

proposed the Modified Chinese Criteria (Figure 2.4) and pointed out that fine soils are 

considered to be of potentially liquefiable type if. (1) there is less than 15% of clay fines 

(< 0.005mm, based on the Chinese definition), (2) there is a liquid limit of :S 35%, and 
(3) there is an in situ water content >_ 90% of the liquid limit (Seed et al., 2003). 

1. Percent Finer than 0.005mm -: 5 15% 

2. LiquidLim: t(LL) -< 35% 

3. 'Nater Ccntent (`N) ? 0.9 x LL 
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Figure 2.4 Modified Chinese criteria (after Wang, 1979; Seed and Idriss, 1982) 

Andrews and Martin (2000) re-evaluated the Modified Chinese Criteria and 

proposed that: (1) soils with less than about 10% clay fines, and a Liquid Limit in the 

minus 40 sieve fraction < 32%, are considered potentially liquefiable, (2) soils with 

more than about 10% clay fines and liquid limit >_ 32% are unlikely to liquefy, and (3) 
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soils intermediate between these criteria should be sampled and tested to assess the 
liquefaction potential. These criteria are summarised in Table 2.1. 

Table 2.1 Liquefaction susceptibility of silty and clayey sands (after Andrews and Martin, 2000) 

Liquid Limit' < 32 Liquid Limit' > 32 

Further Studies Required 
Clay Coýntene Susceptible (Considering plastic 

< 10% non-clay sized grains - 
such as Mica) 

Further Studies Required 

Clay Content2 (Considering non-plastic Not Susceptible 
> 10% clay sized grains - 
- such as mine and 

quarry tailings) 

Notes: 
1 Liquid Limit determined by Casagrande-type percussion apparatus. 
2 Clay defined as grains finer than 0.002 nun. 

2.2.4 Factors Affecting Liquefaction 

Even though the liquefaction characteristics of soil have been studied for many years 

since the 1964 Niigata earthquake; its behaviour is still not clearly understood because 

there are so many factors that affect liquefaction. Moreover, up to the present, no 

apparatuses can at once simulate all factors to study the behaviour of liquefied soil 
because of the complexity of earthquake loading patterns and the controlling of stress 

and strain levels throughout the test. Therefore, geotechnical engineers must be aware of 
the limitations and applications of an apparatus employed for evaluating the liquefaction 

potential of a soil. 

Laboratory studies have identified numerous factors influencing the liquefaction 

strength of a soil, e. g., relative density (or void ratio), effective confining stress, and 
level of static shear stress. It has also been recognised that sample preparation 
techniques are an important factor affecting the results from laboratory testing. It is 
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therefore necessary to study all sample preparation methods and compare the results 

obtained because the aim of the laboratory testing of soils is to simulate the state of soil 

specimens as close to the in situ condition as possible. As an example, samples prepared 
by water sedimentation are suitable for reclaimed lands in which they are constructed by 

filling materials in open water areas. 

Yamamuro and Wood (2003) studied the undrained behaviour of sand 

containing some non-plastic silt by performing undrained triaxial tests using a variety of 
depositional methods. They included slurry deposition, water sedimentation, air 

pluviation, mixed dry deposition and dry funnel deposition. The results showed that dry 

methods exhibit a more contractile behaviour than wet methods; on the other hand, wet 
deposition methods exhibit a more dilatant response. 

Vaid et al., (2001) investigated the liquefaction strength of sand obtained from 

Fraser River, Canada, under monotonic and cyclic loading by considering the effect of 

levels of confining stress and static shear stress. The samples were reconstituted by 

water pluviation because the technique provides uniform repeatable specimens. The 

undrained monotonic loading results showed that increasing the static shear stress at 

constant confining stress increases the level of contractiveness, as does increasing the 

confining stress at a constant level of static shear stress. Under cyclic loading, they 

concluded that the resistance to liquefaction decreases when the confining stress 

increases. However, they suggested that the increase in confining stress has little effect 

at the loosest state. 

The studies by Vaid and Sivathayalan (2000) indicated that the susceptibility to 

liquefaction of soil under both monotonic and cyclic loading, besides the initial state, is 

also affected by the effective stress path during undrained shear. They summarised 

factors affecting the liquefaction into four groups: (1) the capability of the testing 

apparatus, (2) the effect of initial state variables, (3) the influence of the effective stress 

path during loading, and (4) the effect of any departure from the undrained deformation 

assumption. They found that for the capability of the testing device, especially the 

loading system, the cyclic shear stresses from stress controlled and strain controlled 

systems yield a different stress-strain response. The study also showed that the stress 

controlled loading system may modify the true strain-softening of the sand, depending 
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on the specimen-device interaction and the frequency response of the data acquisition 

system; while the strain controlled loading system does not alter the response. 

Factors such as strain rate, particle shape, compressibility, sample preparation 

technique, and stress history were studied by Hird and Hassona (1990) to investigate the 

liquefaction and flow of saturated sands by using load-controlled undrained triaxial 

tests. They concluded that, at a given effective confining pressure and void ratio, 

rounded sands are somewhat more susceptible to liquefaction than angular ones of 

similar grading. The results showed that the sand has less possibility of liquefaction if 

the compressibility increases. They also suggested that the stress-strain responses from 

strain- and stress- controlled tests do not coincide. In addition, under monotonic 

loading, the specimen preparation technique and stress history had a small effect on the 

liquefaction. 

Xenaki and Athanasopoulos (2003) studied the liquefaction resistance of 

medium sand mixed with non-plastic silt by varying silt contents from 0,10,30,42,55, 

and 100% using stress controlled undrained cyclic triaxial tests. They concluded that the 

mixtures containing fines from 0 to 44% result in an increase of the resistance to 

liquefaction. On the contrary, if fine contents are greater than 44%, the resistance to 

liquefaction decreases. It was therefore concluded that the liquefaction characteristic of 

the mixtures depends on whether the value of fines content is lower or higher than the 

threshold value which is 44% 

Ishihara et al., (1978) performed two series of undrained cyclic triaxial tests on 

soils containing fines from 0 to 100%, by weight, to investigate the cyclic strength. The 

first series was performed on reconstituted samples in the laboratory having 

overconsolidation ratios ranging from 1.0 to 2.0. The results showed that the higher the 

overconsolidation ratio of the specimen, the greater the. cyclic strength of the soil. 

Moreover, the cyclic strength at an overconsolidation ratio of 2.0 increases up to 70% 

compared with normally consolidated specimens. For the second series, it was obvious 

that the undisturbed samples produce up to 15% more cyclic strength than the 

reconstituted samples. 

Mulilis et al., (1978) investigated the effects of specimen preparation methods as 

well as testing techniques on sand liquefaction using remoulded specimens of Monterey 
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No. 0 sand under undrained cyclic triaxial testing. Three specimen preparation methods 

were studied: dry rodding, moist rodding, and moist tamping. The other effects studied 

were loading wave form, degree of saturation, and density variations. It was clearly seen 

that the cyclic strength of the specimens prepared by moist rodding is approximately 38 

to 58% higher than those of the specimens prepared by dry rodding. For moist tamping 

method, at high stress ratios, the tamping foot size had no effects on the strength of the 

soil. Employing the variable compaction procedure (Silver et al., 1976) and lower B 

values of only 0.91,0.92, and 0.93 (Skempton, 1954) resulted in somewhat higher 

strength. The highest cyclic strength was obtained from a sinusoidal wave form; on the 

other hand, the lowest strength was obtained from a square wave form. An increase of 

specimen density of 12% resulted in a 22 to 30% increase in the cyclic strength. 

The effects of loading frequency on the liquefaction strength have been studied 
by several researchers. As an example, Tatsuoka et al., (1986) studied the effect of 
loading frequency on the liquefaction of Toyoura sand and found that a frequency 

varying between 0.05 and 1.0Hz yields a minimal difference in liquefaction strength 
(Grozic et al., 2000). Hyodo et al. (1998) suggested that the liquefaction does not 
depend on the frequency of cyclic loading, but depends rather on a number of cycles of 
loading. Note that ASTM (1996b) recommends a loading frequency range of 0.1 to 

2.0Hz; however, the frequency of 1.0Hz is preferred. 

According to PHRI (1997), the factors affecting the liquefaction strength of a 

specimen can be classified into four groups, which are shown in Table 2.2. 
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Table 2.2 Factors affecting the occurrence of liquefaction (after PIIRI, 1997) 

1. Load conditions Cyclic shear stress amplitude 
Waveform 
Vibrational frequency 
Irregularity in the waveform 
Multidirectional shear 
Reversal of shear stress 

2. Soil conditions Density (relative density) 
Grain size distribution 
Degree of saturation 
Structure of soil skeleton 
Cyclic shear history 
Cementation effect 

3. Stress conditions Average effective principal stress 
Overconsolidation ratio 
Initial shear stress 

4. Test conditions Specimen dimension 
Specimen preparation method 
Consolidation time 
Membrane penetration 
B-value 
Typelstructure of test equipment 

2.2.5 Failure Criteria 

In theory, a saturated soil specimen is considered to have liquefied when the pore water 

pressure generated by cyclic loading is approximately equal to the initial effective stress 
(Seed et al, 2003). During the liquefaction, the soil has almost zero shear strength, and 
behaves like a viscous fluid having the unit weight equal to a saturated soil. In the case 

of reconstituted loose to medium dense sands, these conditions can easily be reproduced 
by any cyclic loading test. For soils deposited naturally, however, it is rare to find only 

one soil- type. In the case of artificial fills, the type of soil to be used also depends 

mainly on the availability of resources nearby. In addition, the ground is not normally 
fully saturated all the time. Thus, the criteria for soil liquefaction failure should be able 

to cover all soil types. 

For soils that consist of clay or medium- to high-plasticity silt, the pore water 

pressure generated by cyclic loading may never reach the initial effective stresses and 

the classical liquefaction conditions are therefore not met. However, in geotechnical 
design not only is the shear strength considered, but also the settlement and deformation 

must be included. Thus, even if the pore water pressure is still below the initial effective 
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stress, the deformation due to softened soil may be sufficient to cause damage 

(Promputthangkoon and Hyde, 2008a). As a result, it is customary to deploy a limiting 

strain in the liquefaction analysis. 

For ground that is approximately horizontal in which there is no static shear 

stress, the generated shear stress will reverse many times during ground shaking. This is 

known as stress reversal. In this case, the soil is considered to have liquefied when the 

accumulation of axial strain from both compression and extension - double amplitude 

axial strain si, DA - reaches 5% (Ishihara, 1993; Hyodo et al., 1996,1998). The failure 

criterion for level ground conditions is depicted by Figure 2.5. At low to moderate 

cyclic stress levels, initially the excess pore water pressure is small resulting in a small 

strain. This implies that at this stage the soil particles still do not lose contact. However, 

because it is an undrained test; the excess pore water pressure will gradually build up, 

causing the soil particles lose contact to each other resulting in a larger strain. 

Liquefaction is assumed to have occurred when the double amplitude axial strain 

reaches 5% level. 

In the case of sloping ground, there will be a static shear stress in the soil mass 

due to gravitational force. If the static shear stress is greater than the cyclic shear stress 

generated by seismic loading, there will no be stress reversal; thus, the strain will be 

accumulated in compression only. The strain in this case is called plastic axial strain 

c,, p, and the soil is considered to reach failure when it also reaches 5% (Iliguchi, 2001). 

Note that in this research only isotropically consolidated specimens representing level 

ground conditions were tested. The failure conditions for sloping ground are depicted by 

Figure 2.6. Also note that if the static shear stress is lower than the generated cyclic 

shear stress, there will also be the stress reversal. As a result, the failure criterion 

illustrated by Figure 2.5 is employed. 
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2.3 Undrained Behaviour of Saturated Sand 

2.3.1 Monotonic Loading 

The undrained shear strength of a sand specimen is normally determined in laboratories 

using a standard triaxial compression test under monotonic loading conditions. In 

liquefaction potential determination, the method is also very useful for evaluating the 

flow deformation of sandy soil. It should be noted that the undrained shear strength of 

the soil can also be obtained by other methods such as the standard penetration test and 

the cone penetration test. 

Castro (1969) reported that when loose sands are sheared under undrained 

conditions in triaxial compression, a unique stress condition is achieved at large 

deformations, irrespective of the initial conditions, but dependent on the density of the 

sand. A similar concept was also reported by Poulos (1981) and Poorooshasb (1989), 

but Poulos (1981) called the final condition a steady state whereas Poorooshasb (1989) 

called an ultimate steady state. It should be noted that the steady state may also occur in 

drained tests if the strains are large enough (Poulos, 1981). 

The shear strength of the sand at the steady state has been considered as the 

undrained shear strength for a flow failure analysis. The reason is that once the 

undrained shear deformation is initiated and the static driving force is greater than the 

undrained shear strength at the steady state; then, the deformation of the sand may 

continue indefinitely (Yoshimine et al., 1999). As a result, flow failure occurs. 

The state at which soils deform continuously without any increment of stress 

components has simply been called a steady state. The steady state of the sand under 

undrained monotonic loading conditions is illustrated by Figure 2.7. When loose sand is 

sheared undrained monotonically under relatively low effective confining stresses, the 

steady state may occur at two states: (1) the quasi steady state, and (2) the ultimate 

steady state. The quasi steady state (Zhang and Garga, 1997) appears at the state of 

phase transformation (the state at which the pore water pressure begins to decrease 

(Ishihara et al., 1975; Hyodo et al., 1998)), which is the state of minimum effective 

stress during undrained shear. It should be noted that at the quasi steady state the shear 

stress components are at a minimum. If initial effective confining stresses are large 

enough, strain hardening will not occur, and the minimum stress state becomes ultimate 
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steady state (also called critical steady state (Yoshimine and Ishihara, 1998; Yoshimine 

et al., 1999)). 

Uss 
Ultimate steady 
state (USS) Phase 

ase transformation 
transformation 

CO , Dense sands 

Loose sands 
, 

'USS 
USS 

Quasi Quasi 

steady state steady state 

Very loose sands 

, 
, 

' , 
Critical I 
steady state Critical 

steady state 

Shear strain Effective confining stress 

Figure 2.7 Definitions of ultimate steady state, quasi steady state, and critical steady state (after 
Yoshimine et ah, 1999) 

2.3.2 Cyclic Loading 

The behaviour of saturated sand subjected to cyclic loading is illustrated by Figure 2.8 

and Figure 2.9. In a cyclic triaxial test the stress condition can be divided into two 

types: (1) stress reversal, where the cyclic deviator stress changes from compression to 

extension during each cycle; and (2) stress non-reversal, where the cyclic deviator stress 

remains in one direction, usually in compression (Higuchi, 2001). As a result, the failure 

of the sand under cyclic loading conditions should also be described separately. In the 
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case of stress reversal, significant plastic strain does not accumulate and failure occurs 

rapidly with little resistance to the deformation. If the sand is sheared under non- 

reversal conditions, the failure will occur when irrecoverable strain is developed in 

compression (Selig and Chang, 1981). 

If the sand specimen is subjected to a cyclic shear stress amplitude smaller than 

the undrained steady state strength (Figure 2.8), the stress path eventually passes from 

contractive to dilative as a result of pore water pressure built up, but it cannot reach the 

critical stress ratio CSR line (the locus of points at which strain softening is initiated 

(Vaid and Chem, 1985)) for that particular void ratio. Thus, the effective stress path 

traverses below the point corresponding to the steady state strength (point S) and then 

approaches the failure envelope. When the effective stress path reaches a critical value, 
dilation will prevail. As a result, it will turn around and move back along the failure line 

(Alarcon-Guzman et al., 1988). 

If cyclic shear stress amplitudes are greater than the steady state strength at the 

corresponding consolidation void ratio, it may exhibit either complete or limited flow 

deformation behaviour. In the first case (Figure 2.9(a)), unlimited shear strains will 

develop. In the second case (Figure 2.9(b)), the effective stress path may cross the phase 

transformation line after the limited steady state condition is reached (point S'). 

Subsequently, the soil structure collapses, and results in the occurrence of initial 

liquefaction. Then, the effective stress path may continue with alternating cycles of zero 

effective stress state and associated large deformations. It is then followed by hardening 

with shearing in the opposite direction (Alarcon-Guzman et al., 1988). 
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Figure 2.8 Undrained behaviour under cyclic shear stresses smaller than steady state strength 
(schematic): (a) state diagram; (b) stress path plot (after Alarcon-Guzman et ah, 1988) 
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Figure 2.9 Undrained behaviour under cyclic shear stresses larger than steady state strength 
(schematic): (a) flow deformation (b) limited flow deformation (after Alarcon-Guzman el a/., 1988) 
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2.4Critical State and Steady State Concepts 

The critical void ratio (Casagrande, 1936) is the state at which soil can undergo any 

amount of deformation without volume change under drained conditions (Zhang and 
Garga, 1997). The concept has been regarded as the basis of the steady state of 
deformation. Later on, it was extended by Roscoe et al., (1958) at Cambridge 

University; and became the critical state concept of soil and other granular materials. 
After that, the steady state of deformation for any mass of particles was proposed by 

Poulos (1981). He stated that it is the state in which the mass is continuously deforming 

at constant volume, constant normal effective stress, constant shear stress, and constant 

rate of shear strain. It should be noted that the concept of critical void ratio is not a 

unique property of a soil, but depends upon the confining stress (Prakash, 1981). 

Critical state soil mechanics (Roscoe et al., 1958; Schofield and Wroth, 1968) is 

a framework used to describe the behaviour of soil and granular materials. The core of 

the concept is that if the soil is continuously distorted until it flows like a frictional 

fluid, the critical state will be achieved, and can be determined by the following 

equations: 

q= Mp' (Eq. 2.1) 

r= v+ 2l n p' (Eq. 2.2) 

_ 
6sin of 

M 
3-sin Or 

(Eq. 2.3) 

where, 

q= deviator stress, 
M= slope of critical state line, 

p' = mean normal effective stress, 

T= specific volume of soil at critical state with p' =1.0 kPa, 

v= specific volume, 
A= slope of normal consolidation line, and 

0' = angle of friction in terms of effective stress. 

The position of critical states from Eq. 2.1 and Eq. 2.2 can be represented by 

Figure 2.10 and Figure 2.11. These equations represent the position of the critical state 

of a soil sample in q, p', and v space; therefore, it is very helpful to think of the critical 
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state in a three-dimensional q: p' :v space, as shown in Figure 2.12. Eq. 2.1 determines 

the magnitude of deviator stress q required to keep the soil flowing continuously as the 

product of a constant M with the mean normal effective stress (p' = (0'1+&2+C'3) / 3) 

(Figure 2.10(a)). In Eq. 2.2, the specific volume v occupied by unit volume of flowing 

particles will decrease as the mean normal effective stress increases (Figure 2.10(b)). If 

the soil is looser than the critical state (Figure 2.10(b)), the term wet is used to describe 

such a state. This is because if the wet soil deforms by applied loads, it will transfer 

some pressure into the pore water causing water to bleed out of the soil. On the other 
hand, the term dry is used if the soil is denser than the critical states. In this state, during 

deformation the soil structure will expand and tend to suck up water into itself. 

Deviator 
stress 

Critical 
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pressure 
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Specific 
Volume 

Critical 
" states 

pressure 
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Figure 2.10 Critical states (after Schofield and Wroth, 1968) 
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Figure 2.12 The critical state line in q': p': v space (after Atkinson and Bransby, 1978) 

Schofield and Wroth (1968) claimed that Eq. 2.1 and Eq. 2.2 also make sense for 

both dry sand and saturated silty clay where low mean normal effective stresses result in 

large specific volumes. 
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There are also other critical state concepts. Casagrande (1940) stated that under 

undrained conditions, the critical state of soil is reached when the void ratio and the 

normal and shear stress remain constant under continued shearing. In sands, however, 

the critical state generally occurs only after effective stress failure at large strains 
(Yamamuro and Lade 1998). This concept and the critical state line are illustrated by 

Figure 2.13(a). At a given confining stress, loose sands contract and dense sands dilate 

during shearing, causing the void ratio to move from its initial value towards a unique 

critical state void ratio. 

For a given sand, the unique critical state line is achieved (Figure 2.13(b)) by 

plotting the void ratio versus the log of confining stress. This diagram is called the 

critical- or steady-state diagram (Yamamuro and Lade 1998). If states of the soil lie 

above the critical state line, it is contractive soil. On the other hand, it is the dilative soil 

if it lies below the critical state line. It should be born in mind that this actually is the 

same as wet and dry states in critical state soil mechanics by Schofield and Wroth 

(1968). As such, Poorooshasb (1989) pointed out that the critical state and the steady 

state are in fact the same states. 

The critical state by Seed and Lee (1967) is the combination of void ratio (after 

consolidation) and confining stress that produces zero total volume change at peak 
failure under drained conditions (Figure 2.13(a)). For undrained conditions, however, 

the critical state is the combination of current void ratio (the same value as that obtained 

after consolidation) and effective confining stress at the peak failure. 

Therefore, the critical state of sand and clay should be clearly distinguished. The 

researchers on the critical state of sand always use the steady state concept instead of 

the critical state concept. In addition, the steady state concept is commonly used for 

liquefaction analysis because sandy soils are well known as most susceptible to the 

liquefaction. 
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Figure 2.13 Schematic diagram showing two definitions of critical state (after Yamamuro and 
Lade, 1998) 

2.5Assessment of Soil Liquefaction 

2.5.1 Principles of Soil Liquefaction Determination 

The basic principle of liquefaction potential determination is to compare the earthquake- 
induced shear stress to the liquefaction strength of a soil. In general, the most common 

approach for assessing the liquefaction potential is the concept of factor of safety. In 

this approach, the factor of safety against liquefaction FL is defined as the ratio of the 

cyclic strength ratio of soil R to the maximum or equivalent cyclic shear stress ratio in 

the soil deposits induced by earthquakes L (Orense, 2005). The concept can be 

expressed by the equation: 

R 
FL -i (Eq. 2.4) 

It should be noted that the cyclic strength ratio of soil R is commonly obtained 
from undrained cyclic triaxial test on either undisturbed or reconstituted specimens. 
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Also but less common, cyclic simple shear test and cyclic torsional test are employed 
for the task. If it is impossible to obtain samples from the desired location, the SPT-N 

value from standard penetration test and the resistance from cone penetration test can be 

employed for the assessment. 

From Eq. 2.4, if FL is less than 1.0, it means that the earthquake-induced shear 

stress is greater than the liquefaction resistance of the soil; thus, the soil will essentially 
liquefy. On the other hand, if FL is equal to or greater than 1.0, the soil will not liquefy. 

Generally, the depth of a borehole for investigating the liquefaction potential of 

soil is up to 20m because the effective overburden pressure at a depth greater than those 
is very large. As a result, the earthquake-induced shear stress is relatively small 

compared to the cyclic strength ratio. For cyclic triaxial test, an effective confining 

stress of lOOkPa is often applied which corresponds to normally consolidated state of 

soils in the field. 

2.5.2 Simplified Procedure 

In the evaluation of liquefaction potential of a soil, the commonly employed methods 

are the cyclic stress approach and the cyclic strain approach, either by laboratories or 
field tests (Sitharam et al., 2004). For the cyclic stress approach, both earthquake 
loading and soil liquefaction resistance are characterised in terms of cyclic stresses. In 

the cyclic strain approach, however, earthquake-induced shear stress and liquefaction 

resistance of the soil are characterised by cyclic strains. Usually, the cyclic stress 

approach is called the cyclic stress controlled test while the cyclic strain approach is 

called cyclic strain controlled test. 

After most of the modem structures were unexpectedly destroyed by earthquake- 
induced liquefaction at Niigata, it became essential to understand the behaviour of 
liquefied soils. Seismic zones containing soils that have a possibility of liquefaction 

must be identified in order to alert the engineer involving in a project. As a result, Seed 

and Idriss (1971) developed the so called simplified procedure for evaluating the 

susceptibility of in situ soil deposits to liquefaction. Since then the procedure has been 

improved and modified progressively by numerous researchers such as Seed (1979); 

Seed and Idriss (1982); and Seed et al., (1985) (Youd et al., 2001). 
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To evaluate the liquefaction resistance of the soil, the simplified procedure 

requires two variables: (1) the seismic demand on a soil layer, expressed in terms of 
CSR; and (2) the capacity of the soil to resist liquefaction, expressed in terms of CRR. It 

should be noted that the latter has also been called the cyclic stress ratio required to 

generate the liquefaction, and different researchers use different terms to express this. 

The liquefaction potential of the soil can be evaluated by comparing those two 

variables using the following equation: 

C FSL = CSRRR 
(Eq. 2.5) 

where, 
FSL = factor of safety against liquefaction, 

CRR = cyclic resistance ratio, and 
CSR = cyclic stress ratio. 

The problem of selecting the ranges of value of factor of safety may arise for 

geotechnical engineers. However, this matter should depend on the size of projects, type 

of structures, soil and geology conditions, and cost of projects. 

The earthquake induced stress ratio in the soil CSR can be estimated by 

employing the equation formulated by Seed and Idriss (1971), as shown below: 

CSR = 
Tav 

= 0.65 (amax) ? voTd (Eq. 2.6) 
QIvo `QlvoJ 

where, 

'rav = average horizontal shear stress acting on soil layer during 

shaking generated by given earthquake, 

am. = peak horizontal acceleration at the ground surface 

generated by the earthquake, 

g= acceleration of gravity, 

O 'VO = total vertical overburden stress, 
d,, o = effective vertical overburden stress, and 
rd = stress reduction coefficient. 
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For routine practice and non-critical projects, the value of rd can be estimated 

using the following equations (Liao and Whitman, 1986): 

rd = 1.0 - 0.00765z for z59.15m 

rd = 1.174 - 0.0267z for 9.15m <zS 23m 

where, 

z= depth below ground surface. 

(Eq. 2.7) 

(Eq. 2.8) 

Figure 2.14 shows the mean value of rd from Eq. 2.7 and Eq. 2.8 along with the 

mean and range of values proposed by Seed and Idriss (1971). The evaluation 

procedures for cyclic resistance ratio CRR (or cyclic strength) both in the field and 
laboratory will be described in the following. 
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Figure 2.14 Shear stress reduction factor used to adjust for flexibility in soil profiles during 
earthquake shaking (after Andrus and Stoke, 2000) 
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2.5.3 Field Determination of CRR 

It has been widely accepted that the determination of liquefaction potential of a soil in 

laboratories essentially needs to be done on undisturbed samples for the sake of reliable 

results. However, obtaining high quality undisturbed samples is very difficult, 

expensive, and time consuming. Therefore, only large projects for which the 

consequence of liquefaction is very costly can afford this. Hence, simple, reliable, and 

economic procedures have been developed for estimating the liquefaction potential in 

the field for low-risk projects as well as for preliminary study. 

The use of the Standard Penetration Test (SPT) was developed by Seed (1979) to 

estimate the possibility of liquefaction of soil deposits. Subsequently, Cone Penetration 

Test (CPT) was also used and is becoming more popular because of its greater 

repeatability and the continuous nature of its profile (Robertson and Wride, 1998). 

Because there are several available methods for determining the liquefaction 

potential, it is essential to separate their features for the specific purpose of testing. They 

can be divided into two groups: (1) low strain methods; and (2) high strain methods. It 

should be noted that the small strain in soil testing is commonly referred to as a strain 

level of less than 10-3 %, and the strain at this level in particular is used in the dynamic 

analysis of soil. In this range of strain, the deformation is elastic and recoverable. In situ 

low strain tests include seismic reflection test, seismic refraction test, suspension 

logging test, Rayleigh wave test, spectral analysis of surface wave test, seismic cross- 

hole test, seismic down-hole test, and seismic cone test. The examples of large strain 

methods are SPT, CPT, dilatometer, and pressuremeter test. 

(a) Low Strain Test 

Unit weight, damping factor, and shear modulus are the soil constants needed for the 

analysis of seismic response. The shear modulus is significantly influenced by shear 

strain level and should be determined over the ranges of very small strain, i. e., 10.2 to 

10"6% (PHRI, 1997). The shear modulus at this strain level, however, can be measured 

by geophysical methods such as crosshole, uphole, downhole, and surface refraction 

(Hoar and Stokoe, 1978). Such 'methods measure the propagation speed of a 

compressive wave (P-wave) and shear wave (S-wave) by producing vibration, then the 
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receiver picks up the signal; subsequently, the shear wave velocity V, can be determined 

from known distance 1 and travel time t as shown in the following equation: 

VS (Eq. 2.9) 

From the measurement, then, the small strain shear modulus GR,. (is also 

symbolised as Go and Gdy�) can be determined by the following equation: 

Gnm, ax = pVs2 (Eq. 2.10) 

where, 

p= mass density of soil, and 
Vs = shear wave velocity. 

To evaluate the liquefaction potential of soil using shear wave velocity requires 

three parameters: (1) cyclic stress ratio (CSR, caused by earthquake shaking); (2) 

stiffness of the soil (shear wave velocity); and (3) resistance of the soil to liquefaction 

(CRR). 

Laboratory shear wave measurements by Roesler (1979), Stokoe et al., (1985), 

and Belloti et al., (1996) showed that they depend equally on principal stresses in the 

direction of wave propagation as well as particle motion (Andrus and Stokoe, 2000). 

Thus, the measured V, in the vertical direction can also be related by the following 

equation: 

VS = AWv)m(' h)"` 

where, 

A= parameter depending on soil structure, 

6'V = initial effective vertical stress. 

C Ih = initial effective horizontal stress, and 

m= stress exponent (about 0.125). 

(Eq. 2.11) 

Similar to soil investigation by SPT and CPT, the effect of overburden pressure 
is also applied to the measurement of shear wave velocity. The following correction was 

proposed by Sykora (1987) and Robertson et al., (1992): 

38 



Chapter 2 Literature Review 

VsVC�=VS 
Pa 0'2S 

alti 

where, 

(Eq. 2.12) 

VVI = overburden stress-corrected shear wave velocity, 
C,, = factor to correct measured shear wave velocity for 

overburden pressure, 

PQ = reference stress of 100kPa or about atmospheric pressure, and 

Q'v = initial effective vertical stress. 

A maximum value of 1.4 is commonly applied to Cv at shallow depths. 

Generally, the cyclic resistance ratio is based on an earthquake of magnitude 7.5 

(Andrus and Stokoe, 2000), and the CRR at any magnitude of earthquakes can be 

obtained using the following equation: 

{a ()2 +b. 1-1 )} MSF (Eq. 2. l3) CRR = vsl-vs1 vsl 

where, 

a= parameter for curve fitting (0.022), 

b= parameter for curve fitting (2.8), 

V,; = upper limited value of V, 1, and 

MSF = magnitude scaling factor for earthquake. 

MSF is equal to 1.0 for earthquakes with a magnitude of 7.5. To determine the 

magnitude scaling factor for the earthquake of magnitude other than 7.5, the following 

equation can be applied: 

MSF = 
(7.5) 

(Eq. 2.14) 

where, 

Mw = moment magnitude of earthquake, and 

n= exponent (-2.56 to -3.3). 

The upper limited value of V3 of sandy soil V,; depends on percentage of fines 

content FC and can be expressed by the following equations: 
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Vsl = 215 (m/s) for sands with FC :5 5% (Eq. 2.15) 

Vsl = 215 - 0.5(FC - 5) (m/s) for sands with 5% < FC S 35% (Eq. 2.16) 

Vsl = 200 (m/s) for sands with FC 2: 35% (Eq. 2.17) 

where, 

FC = average fines content in percent by mass. 

(b) High Strain Test 

In situ investigation methods such as SPT and CPT were developed to determine the 
liquefaction potential of soils because it is impossible to obtain an undisturbed sample 
from the field (Ishihara, 1993). The test measures the number of blows, SPT-N value 

which represents the soil properties such as density and fabric. The SPT is popular 
because it has been used for investigating subsurface conditions for many years and 

many soil constants have been correlated to the SPT-N value. The resistance of soil to 
liquefaction can be simply obtained by employing the SPT-N value. 

To determine the CRR of clean sand by employing the SPT, first after obtaining 
the standard measured SPT blow count (N), it must be corrected to a standardised SPT- 

N value (N1)60 using the factors (Youd et al., 2001) calculated by the following 

equation: 

(N1)60 = N(CN)(CE)(CB)(CR)(CS) 

where, 

CN = correction for effective overburden pressure, 
CE = correction for hammer energy ratio, 
CB = correction for borehole diameter, 

CR = correction for rod length, and 
CS = correction for samplers (with or without liners). 

(Eq. 2.18) 

All correction factors to the SPT shown in Eq. 2.18 are summarised in Table 2.3. 

Note that these correction values by Youd and Idriss (2001) were summarised from 

Skempton (1986) and Robertson and Wride (1998). 
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It has been reported worldwide that sand with some silt has a high liquefaction 

potential. As a result, it is essential to consider the effects of silt content on liquefaction. 

Seed et al., (2003) proposed the equation to adjust the effects of fines content to the 

standardised value (N1)60 as: 

(N1)60, 
CS - 

(N1)60 X CF[nes (Eq. 2.19) 

where CF;,, es is the corrected value of (N1)60 due to percentage of fines content, 
and can be determined from the following equation: 

FC 
] CFines = (1 + 0.004FC) + 0.05 [jN0601 (Eq. 2.20) 

The next step is to calculate the CRR. Recently, Rauch (1997) suggested the 

mathematical expression to determine the CRR for (N1)60 S 30, as: 

CRR -_ 
95 + 

N, )bo 
_I 

MSF ý34-(N1)60 

1.3 2) 100 (Eq. 2.21) 

The magnitude scaling- factor MSF is equal to 1.0 for the earthquake with a 
magnitude of 7.5. Otherwise, it can be determined from Eq. 2.14. However, Rauch 
(1997) also suggested that the MSF can be calculated from the following equations: 

MSF = 103.00 x M, ß, 3.46 for A, < 7.0 (Eq. 2.22) 

MSF = 102.44 X MW2 56 for Mw ; -> 
7.0 (Eq. 2.23) 

Liquefaction potential evaluation using CPT was described by Robertson and 
Wride (1998). The principle of employing the CPT for evaluating the liquefaction 

potential, similar to the SPT, is to measure the CPT penetration resistance of a soil, and 

then the CRR can be estimated. The CPT has advantages over the SPT in that it is less 

expensive if numerous boreholes are required and the result is more consistency. But, 

most important is, the continuity of data with depth. However, it also has some 
disadvantages. For instance, the result may be uncertain if there is a thin layer between 

stiff layers. Such a condition may produce an incorrect tip resistance from the CPT 

(Seed et al., 2003). 

In addition to SPT and CPT, the Becker Penetration Test (BPT) has been widely 

used for liquefaction potential evaluation. The Becker penetration resistance is defined 
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as the number of blows to drive a large diameter casing though an increment of 300mm. 
However, it should be noted that the BPT has not been standardised, and there are 
several equipments and procedures. Thus, the BPT cannot be correlated directly with 
field behaviour, but rather through estimating equivalent SPT-N values from BPT data. 

Similar to the SPT and CPT, the equivalent SPT-N value converted from the BPT can 
be employed to evaluate the liquefaction potential (Youd and Idriss, 2001). 

Table 2.3 Correction factors to SPT (after Youd and Idriss, 2001) 

Factor Equipment Variable Term Correction 
Overburden pressure - CV (P1 
Overburden pressure - CN CN <-1.7 
Energy ratio Donut hammer C5 0.5 -1.0 
Energy ratio Safety hammer Cs 0.7-1.2 
Energy ratio Automatic-trip Donut-type hammer Ch 0.8-1.3 
Borehole diameter 65 - 115 mm CR 1.0 
Borehole diameter 150 mm C8 1.05 
Borehole diameter 200 mm CB 1.15 
Rod length <3m CR 0.75 
Rod length 3-4m CR 0.80 
Rod length 4-6m CR 0.85 
Rod length 6-10m CR 0.95 
Rod length 10 - 30 m CR 1.0 
Sampling method Standard sampler Cs 1.0 
Sampling method Sampler without liners Cs 1.1-1.3 

2.5.4 Laboratory Determination of CRR 

In early work, liquefaction characteristics of a soil were studied by means of laboratory 

testing using reconstituted samples. The principle is to apply cyclic loading using a 

modified triaxial apparatus; subsequently, cyclic simple shear tests and cyclic torsional 

tests were introduced. In the mean time, the wave propagation theory had also been used 

for investigating subsurface conditions both in soils and rocks. Later on, the technique 

was developed and used in laboratories. 

Nowadays, there are many techniques and devices available for studying the 

liquefaction of a soil. Similarly to the field determination, the laboratory determination 

of CRR can be divided into two groups following ranges of applicable strain; (1) low 

strain, and (2) high strain. Cyclic triaxial tests, cyclic simple shear tests, and cyclic 
torsional tests clearly fall into the high strain method. The high strain method also 
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includes shaking table tests, centrifuge tests, and hydraulic gradient similitude tests. 

Whereas the small strain method includes resonant column tests, ultrasonic pulse tests, 

and bender element tests. 

The important matter of estimation of soil liquefaction in laboratories is that a 

soil specimen must be fully saturated and should be brought to the same state as in the 

field. For the saturation, it has been found that using CO2 is very helpful in bringing a 

sand specimen to fully saturation. The stress state of a soil can be accomplished by the 

consolidation either isotropically or an-isotropically. 

(a) Low Strain Test 

The resonant column test has been used for measuring the modulus and damping of soil 
by means of employing wave propagation through cylindrical specimens. The wave is 

produced by exciting the vibration device attached to the specimen. The specimen may 

also be subjected to other controlled conditions such as degree of saturation and pore 

water pressure. This method is considered non-destructive because the strain amplitudes 

of vibration are less than 104radian (Dmevich et al., 1978). 

The theory of ultrasound has been introduced to geotechnical investigation for 

many years. To determine the velocity of compression wave and shear wave, at least 

two ultrasonic probes are used (Stephenson, 1978). One probe is used to generate a 

pulse from one side of a specimen, and the other probe attached to the opposite side is 

used for receiving the signal. Then, the velocity of waves can be determined and the 

shear modulus can be obtained. This method is also referred to as non-destructive 

testing because the strain produced is less than 104%. 

Shear wave measurements using piezoceramic bender elements in a laboratory 

were first used by Shirley (1978) and Shirley and Hampton (1978). The bender element 
is a plate which protrudes cantilevered into a soil specimen and produces a shear wave 

from a function generator which propagates perpendicularly to the soil particle (Lacasse 

and Berre, 1988). The shear wave signal then is received by a receiving bender and is 

amplified and filtered by an oscilloscope. A computer is now used for data processing. 
Because the distance between the driving bender and the receiving bender is known, the 

shear wave velocity V, can be obtained using Eq. 2.9. Huang et al., (2000) successfully 

performed the bender element test*using existing dynamic triaxial testing system for the 
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determination of G.,.. In addition, Zeng and Grolewski (2005) measured G, � of 

saturated clay using the bender elements by accommodating them in an oedometer cell. 

The operation and interpretation of the bender element test have been described 

in detail by Viggiani and Atkinson (1995); Blewett et al., (2000); and Lee and 
Santamarina (2005). The modification of the bender element by wiring configuration, 
called bender/extender (Lings and Greening, 2001; Dano et al., 2003), can also be used 
for determining the shear wave velocity. 

Ismail and Rammah (2005) studied the use of a shear plate as a possible 

alternative to bender elements for measuring G, � because the bender elements have 

some physical disadvantages, i. e., they must be penetrated into a specimen and this 

process may disturb the soil fabric. They employed the shear plate alongside the bender 

elements to measure G�, ar on soft clay, un-cemented silica sand, and strongly cemented 

calcareous sand. The shear plate was made by cutting piezoelectric materials to the 

dimensions of 7x7x 7mm and coating them with non-conductive epoxy. Then, to 

accommodate the shear plate, it was cased with stainless steel having the diameter of 
15mm, 18mm long, and lmm thick, and glued to a lmm thick titanium disc. The result 

showed that the shear wave velocity measured by the shear plate is the same as 

measured by the bender elements, except for clay samples in which the bender clement 

yields better results. 

Employing Gm from measured travel time of shear wave velocity tested in 

laboratories in any geotechnical design must be done with caution because of the effects 

of sample size. To avoid unreliable results, ASTM D2845 (1997) recommends that the 

ratio of the length to diameter LID of the specimen should not exceed 5 to obtain 

reliable shear wave velocities. However, the routine tests in geotechnical laboratory 

always use a specimen with LID ratio ranging from 0.3 to 2.5 (Leong et a!., 2005). 

ASTM D2485 (1997) assumes that the specimen is an infinite medium. To 

eliminate wave dispersion for compression waves, the diameter of a specimen D should 

be greater than five times the wave length A (Eq. 2.24 and Eq. 2.25). Dispersions arise 

when the wave interacts with the boundary of the specimen causing continual partial 

conversion of shear wave to compression wave. ASTM also recommends that the 

wavelength shall be at least three times the average grain size (Eq. 2.26). Wave length 
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and recommendations from ASTM (1997) can be determined by the following 

equations: 

(Eq. 2.24) 

D 2: 5A (Eq. 2.25) 

A> 3d (Eq. 2.26) 

where, 
A= wave length, 

V, = pulse propagation velocity, 

f= natural resonance frequency of transducers, 
D= minimum lateral dimension of test specimen, and 
d= average grain size. 

(b) High Strain Test 

Since the beginning of liquefaction studies, cyclic triaxial tests have been used routinely 
for determining the cyclic strength of sand by which triaxial compression and extension 

are repeatedly applied to a specimen (Hosono and Yoshimine, 2004). However, the 
behaviour of the ground during earthquake shaking is far different from that in the 

cyclic triaxial test. The cyclic simple shear test was later introduced because it is 

believed that the apparatus gives strain conditions more representative of in situ ground 
during earthquake shaking. However, the cyclic simple shear has a problem of applying 

precise undrained and constant volume conditions because of the shorter height of the 

specimen as well as the boundary confinement condition. Using hollow cylindrical 

specimens for the cyclic simple shear test appears to overcome these difficulties because 

the height of the specimen is fixed, and the saturated specimen and inner hollow space 

are kept undrained. 

Despite some disadvantages, the stress controlled cyclic triaxial test has mostly 
been used for liquefaction studies because it is easy to conduct and inexpensive. 
Moreover, wide ranges of strains and strain rates can be employed, and a larger 

specimen can be tested with small modifications. In addition, because it has been used 
for many years with different soil types, the data obtained can be compared to others. 
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The typical procedures for a cyclic triaxial test are: saturation, consolidation (either 

isotropically or anisotropically), and applying cyclic shear stress at a given frequency. 

Generally, to interpret the result, four values are plotted against the number of load 

cycles N which are: deviator stress q, axial strain c. excess pore pressure ratio Au/a'3c, 

and deviator stress ratio q/p. The deviator stress q against axial strain ea and deviator 

stress q against mean normal effective stress p' diagrams are also plotted for the 

interpretation. 

The cyclic direct simple shear test (Song et al., 2004) can be divided into two 

types: (1) SGI and NGI type, and (2) the Cambridge type. It should be noted that they 

are designed to be able to conduct the testing under constant volume conditions which 

reasonably simulate undrained and pure shear. stress conditions which cannot be 

achieved in cyclic triaxial tests. In the torsional simple shear test, a hollow cylindrical 

specimen is consolidated at constant vertical and lateral stress (a'V and a'h), and then 

subjected to cyclic torsional forces in order to produce shear stress r on the horizontal 

planes of the specimen (JGS, 1998). 

It can be said that the most widely used apparatus in laboratories for 

determination of liquefaction potential of the soil is cyclic triaxial systems. Typically, 

the apparatus includes an actuator controlled by either computer- stress-controlled or 

strain-controlled loading. The system is designed to axially load cylindrical specimens 

which are sealed within a triaxial cell, and provide independent control of the pore 

water pressure within the specimen. For more accurate measurements an internal or 

submersible load cell can be used to overcome the friction of piston and effects of cell 

pressure, and displacement transducers are the standard. However, better testing results 

can be achieved by using local deformation transducers (Local LVDT) directly attached 

on the specimen. All the procedures can be controlled by a central data acquisition 

system connected between the computer and the triaxial system (Riemer, 2004). 

2.6 Mitigation of Liquefaction 

2.6.1 Principles of Liquefaction Mitigation 

If foundation soils, backfills, and fill materials are likely to liquefy during earthquakes, 
it may lead to disastrous consequences. Mitigation of the hazard must be considered 

carefully. For foundation soils and fill materials, structures may sink or float, depending 
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on the unit weight of the structure compared to the unit weight of liquefied soil, and 
large settlement after liquefaction is to be foreseen. For backfills behind retaining walls, 
the excess horizontal pressures from liquefied soils may damage the structures. Lateral 

spread also damages many structures by moving the buildings and bending piled 
foundations. 

Generally, if liquefaction is likely to occur, and the deformation and 
displacement are not acceptable, i. e., structures will damage or collapse if the soil is 

liquefied; further actions are needed. For example, either using more sophisticated 

theories and tools to validate the liquefaction potential or considering remediation and 

mitigation techniques should be examined. Other options are designing the structure to 

resist the anticipated deformations and choosing other sites. 

The basic principles of reducing the risk are increasing the shear strength and 

stiffness of the soil expected to liquefy. The other alternatives are improving the 
drainage condition and replacement. 

Many techniques have been used for mitigating the liquefaction. They are 

replacement of new fills, removal of water, soil compaction, chemical grouting and 
deep mixing, and thermal treatment (Sitharam, 2003). Among these, the ground 
improvement by compaction of potentially liquefiable soils has commonly been used. 
Recently, soil reinforced with geosynthetics has shown that it can be an alternative for 

the mitigation. 

When bridges, buildings, retaining walls, ports and harbours, and buried 

structures are being constructed in seismic zones, civil and geotechnical engineers must 

achieve the processes illustrated in Figure 2.15. For the first step, assessment of 

triggering of initiation of soil liquefaction, there have been some advances in recent 

years because of extensive studies and case histories. Several methods and techniques, 

both in the laboratory and in the field, have been developed and the findings are well 

agreed from many case studies. 

Once, if the liquefaction will occur, the next step is to assess the consequences 

of the potential liquefaction. If the post liquefaction strength and overall stability are not 

acceptable, then the next step is needed. The analysed deformation and displacement 

from step 3 are used to assess the consequences to structures. Finally, if all clues 
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indicate that satisfactory performance of structures cannot be counted on, mitigation 
techniques must be employed to minimise the hazards (Seed et al., 2003). 

1. Assessment of the likelihood of "triggering" 
of initiation of soil liquefaction. 

2. Assessment of post-liquefaction strength 
and overall post-liquefaction stability. 

3. Assessment of expected liquefaction- 
induced deformations and displacements. 

4. Assessment of the consequence of these 
deformations and displacements. 

5. Implementation (and evaluation) of 
engineered mitigation, if necessary. 

Figure 2.15 Key elements of soil liquefaction engineering (after Seed e! a/., 2003) 

2.6.2 Mitigation Methods 

Methods and techniques for mitigating the liquefaction of soils have been systematically 
classified by JGS (1998). They can be divided into 6 groups: (1) densifcation, (2) 

solidification and replacement, (3) lowering of the groundwater table, (4) dissipation of 
pore water pressure, (5) restraining shear strain, and (6) strengthening structures. 
Ground modification techniques and details can be found in Ilausmann (1990). 

The principle of densification methods for increasing the resistance against 
liquefaction is to reduce the volume of voids between soil particles. As a result, the void 

ratio is decreased and the stress state of deposits is changed. Soil stabilisation by 

chemical substances is in the solidification and replacement methods. Soil liquefaction 

resistance can be increased by mixing cement with sand. JGS (1998) reported that Akita 

Port sand with 5% of added cement shows up to four times increased liquefaction 

resistance. 
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Lowering of the groundwater table will have three effects: (1) soil above the 

ground water table will not be saturated, thus, it will not liquefy, (2) the effective 

confining stress of a target layer will increase, therefore, the liquefaction resistance will 
increase, and (3) the non-liquefiable layer increases, thus the influence from an 

underlying liquefied layer is reduced (JGS, 1998). During earthquakes the liquefiable 

soil might not liquefy if the excess pore water pressure dissipates simultaneously. This 

can be done by installing drains in sand deposits. As a result, the accumulation of pore 

water pressure may be delayed and soil will not liquefy. Restraining shear strain can be 

accomplished by using diaphragm walls and sheet piles. They will prevent the 

occurrence of liquefaction by surrounding the ground underneath a structure. 

Soil improvement methods are to prevent the occurrence of liquefaction while 

strengthening a structure is a means of minimising damages to structures in case of soil 
liquefaction. Examples of the structural strengthening are increasing the size of piled 
foundations and replacement with stronger materials. 

Recently, reinforcement techniques using geosynthetics have shown to reduce 
the liquefaction potential of soil (Vercucil et al., 1997). Krishnaswamy and Isaac (1995) 

analytically and experimentally evaluated the liquefaction behaviour of sand reinforced 

with woven geotextile, nonwoven geotextile, and coir, under triaxial stress conditions. 
The specimens were tested using stress-controlled cyclic triaxial with 1 lIz frequency. 

They concluded that the deployment of reinforcement significantly increases the 

liquefaction resistance of the sand. Such a result will be of benefit to liquefiable 

foundation soils, embankments, hydraulic fills, and retaining walls. 

2.7Sand-Tyre Chip Mixtures 

2.7.1 Waste Tyres 

Discarded tyres, a kind of solid waste from industrial development are becoming 

increasingly problematic. In 1996, the scrap tyres generated by the United States were 
260 million while Great Britain generated 23.4 million (North Carolina Department of 
Environment and Natural Resources). In Western Europe, the EU estimated that more 

than 2.5 million tonnes of post-consumer tyre material were produced annually (Khalid 

and Artamendi, 2004). As such, stockpiling and destroying this many are very difficult 

and would cause associated pollutions. Disposing of the whole used tyre into landfill 
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was prohibited by the new EU Landfill Directive in July 2003. In July 2006, the 

prohibition also included shredded tyres (Khalid and Artamendi, 2004). 

Because recycling waste tyres may cause consequent effects. Making use of 
them needs to be considered, and the solution must be sustainable. The solution should 

cover social, environmental, and economic sustainability. Details of sustainable 
development were given by Parkin et al., (2003). They use five capital frameworks to 

achieve sustainable development, which are: (1) natural capital, including soil, sea, air, 

and ecological systems, (2) human capital, including health, knowledge, motivation, and 

spiritual ease, (3) social capital, including governance systems, families, communities, 

and organisations, (4) manufactured capital, including existing tools, infrastructure, and 
buildings, and (5) financial capital, including money, stock, and bonds. 

2.7.2 Classification and Properties of Recycled Tyres 

Countries around the world are beginning to use shredded recycled tyres because of the 

availability of vast quantities and stockpiling causes environmental problems (noose et 

al., 1996). To make use of these waste tyres, shredders and cutters are needed to make 

them smaller, depending on the application. However, each country has different 

machines and different measurement systems. Therefore, it is essential to have a 

standard for classification of recycled tyres. 

For civil engineering purpose, the American Society of Testing and Materials 

(ASTM) published ASTM D6270-98, Standard Practice for Use of Scrap Tires in Civil 

Engineering Applications (ASTM, 1998). This document gives a guideline for civil 

engineering application of waste tyres. Table 2.4 shows names of different size in 

accordance with ASTM D 6270-98. 

The bulk and apparent specific gravity values of tyre shreds are 0.98 -1.06 and 
1.02 - 1.27 respectively (ASTM, 1998), compared to 1.13 to 1.36 by Edil and Bosscher 

(1994). It should be noted that the value varies depending on materials and 

manufacturing processes. If a larger size of tyre shred is to be used, materials belted in 

the used tyres should be considered in the determination of the specific gravity. The belt 

mostly used for reinforcing the tyre is steel, but glass fibre is also used. 
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Another important property of engineering materials is density. The dry density 

of tyre shreds depends on the compaction methods used. In a loose state in with no 

compaction, its density ranges from 341 to 489kg/m3. Compaction by vibration gives a 
density of 473 to 496kg/m3. At standard compaction and modified compaction, the 
densities are from 560 to 640kg/m3 and 660 to 685kg/m3, respectively (ASTM, 1998). 

The compressibility of material is important in geotechnical engineering in that 

it is used for the analysis of settlement. For tyre shreds, the compressibility on initial 

loading ranges from 7 to 20kPa and from 8 to 28kPa at 10% and 25% vertical strains, 

respectively (ASTM, 1998). However, it should be determined material by material 
because shape and size of shredded tyres play an important role in this property. 
Moreover, the type of machine used for recycling the tyre is not negligible. 

An important material property used in geotechnical engineering is shear 

strength. The shear strength of tyre shreds, in recent years, reported from several papers, 
indicates that the value varies widely. This is because each part of the world uses 
different base material for producing the tyre. However, almost every standard device in 

geotechnical laboratory can be used for determination of the shear strength; but, the 

engineer should be aware of size and boundary effects if large size of shredded tyres 

will be tested. Note that the larger specimen is often used for the purpose. 

Table 2.4 Size of recycled tyres (summarised from ASTM D6270-98,1998) 

Name Size Note 

Granulated Rubber below 425 µm to 12 mm also refer to particulate rubber 
Ground Rubber below 425 µm to 2 mm also refer to particulate rubber 
Powered Rubber below 425 µm 

Rough Shred between 50 x 50 x 50 mm to 
762x50x 100 mm 

Tyre Chips 12 mm to 50 mm most wire removed 
Tyre Shreds 50 mm to 305 mm 
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2.7.3 Shear Strength of Mixtures 

To determine the shear strength of the mixtures, there are two methods for mixing: by 

weight and by volume. It should be noted that in the field, the construction of road 

embankments always use the proportions of mixtures by volume. The reason is that the 

capacity of a tray is known. In laboratories, however, both methods have been used. 

All conventional geotechnical laboratory devices can be used to determine the 

shear strength and deformation characteristics of sand mixed with tyre chips; e. g., 

standard triaxial tests, cyclic triaxial tests, direct shear tests, and direct simple shear 

tests. However, engineers should be aware of the effect of size of tyre chips compared 

to the size of specimens (Zornberg et al., 2004). For example, the largest size of 

samples compared to the diameter of specimens should not exceed one-sixth. To 

overcome this limitation, larger diameter may be used if tested on sand-tyre chip 

mixtures. 

Unlike sands, the shape of the tyre chip varies widely depending on types of 

cutting machine. Tyre chips may have a shape which is square, parallelogram, cubic, or 

elongated. This cannot be neglected because the shape of tyre chips strongly influences 

the strength of the mixtures (Bergado et al., 2005). Therefore, the aspect ratio, n is used 

to demonstrate the shape of recycled tyre as: 

11= (Eq. 2.27) Wb 

where, 
lb = length of individual rubber, and 

Wrb = width of individual rubber. 

Youwai and Dergado (2003) performed triaxial tests on compacted shredded 

rubber tyres having a D10 of 5mm mixed with sands using a different ratio of mixtures. 

The size of specimens was 100mm in diameter and 200mm high. The average specific 

gravity of tyre chips was 1.22, which is 57% of that of sand (2.67). The ratios of tyre 

chips to sand were 20: 80,30: 70,40: 60, and 50: 50, by weight. The results showed that 

the peak internal friction angle varied from 30 to 34° with increasing proportions of 

sand in the mix. At vertical strain less than 10%, the relationship between deviator 

stress and strain was linear. At high confining pressure, no failures occurred even at a 
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strain greater than 20%. When the sand in the mixtures is greater than 30%, the 

deformation is significantly reduced. Mixing sand with granular rubber by weight was 

also studied by Ghazavi (2004) to determine the shear strength characteristics of the 

mixtures. 

Wu et al., (1997) carried out triaxial compression tests on 5 different shapes and 
sizes of tyre chips. The shapes of tyre chips were flat, granular, elongated, and powder. 
The sizes of tyre chips were 2,9.5,9.5,19, and 38mm for the particles having shape of 
powder, granular, elongated, granular, and flat. The specific gravity and density ranges 
from 1.08 to 1.18 and 505 to 600kg/m3. The friction angle from triaxial compression 

tests ranges from 45° to 60°. The maximum friction angle of 60° is obtained from 

elongated particles. Modulus of elasticity is from 350 to 820kPa. Similar parameters 

were also studied by Ghazavi and Sakhi (2005). 

Moo-Young et al., (2003) determined the physical and chemical properties of 
tyre shreds having particle sizes of 50 to 300mm using large scale direct shear 

apparatus. They found that the average specific gravity of tyre shreds ranged from 1.06 

to 1.10; the angles of friction and densities ranged from 15° to 32° and 349 to 394kPa, 

respectively. They concluded that compressibility increased as tyre shred size increased. 

The mechanical properties of tyre chips with sizes from 2 to 10mm were studied 
by Yang et al., (2002) using confined compression, direct shear, and triaxial tests. The 

average specific gravity of tyre chips is 1.15 (compared to ASTM 1.02-1.27). The 

friction angle from direct shear tests was found to be 32° at 10% displacement. In 

addition, the compressibility of tyre chips was quite lower than that of tyre shreds, 

which is similar to the studies by Moo-Young et al., (2003). This is because the initial 

void ratio of large-sized tyre shreds was 3, while the initial void ratio of small tyre chips 

is only 0.98. 

A torsional resonant column was used to study the shear modulus and damping 

ratio of sand mixed with granulated rubber by Feng and Sutter (2000). The proportions 

of rubber mixed with sand were 29,49,76, and 100%, by volume. The specific gravity 

of tyre chips and Ottawa sand from this study was 1.11 and 2.67, respectively. The 

specimen for resonant column test was 7cm in diameter and 15cm high. Shear modulus 

of the mixtures decreases insignificantly with increasing shear strain for 49% and 76% 
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