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SUMMARY

This research work is aimed at the development of simplified methods for the
design of semi-rigid steel frames. It is now widely appreciated that if the inher-
ent stiffnesses possessed by the commonly used beam-to-column connections can
be included in the design practice, the resulting structure will be more econom-
ical compared to those designed using the conventional ‘simple’ or ‘rigid’ frame

assumption.

Keeping the above objective in mind, an existing finite element computer
program dealing with a column subassemblage has been modified to facilitate
a behavioural study of flexibly connected steel frames. This ultimate strength

analysis program has the following features:

1. Includes material nonlinearity (including gradual spread of yield over the

cross section).
2. Includes geometric nonlinearity (initial stress and initial strain effects)
3. Full connection nonlinearity is taken into account
4. Initial member imperfections (both material and geometric) are considered

5. Includes cyclic loading-unloading behaviour of connections
The prediction of this program has been validated against available analytical
and experimental results. The results of two non-sway full scale frame tests and

four sway frame tests loaded cyclically, have been simulated. Good agreement

have been found between the test result and predicted behaviour.

xx1



After the necessary validation, this program has been used for a limited para-
metric study and general conclusions regarding the behaviour of non-sway flexibly
connected frames have been made. The main obstacles in the development of a
semi-rigid design method have been identified. Observations from the case stud-
ies have been collated with the findings of other researchers to develop simplified
methods to incorporate the semi-rigid joint action in the design of non-sway semi-
rigid frames. Examples have been worked and the results compared with those
obtained from rigorous analyses to demonstrate the validity of the simplified

approach.

Finally, general conclusions have been made and recommendations for further

research work have been put forward.

xxii



Chapter 1

Introduction

1.1 General Introduction

Many multistorey steel frame structures are designed on the assumption that
the connections operate in shear only. Although there is a general consensus
that many of these simple shear joints have the ability to transmit significant
moments, this ability is seldom utilised in design. The reason for this is the
absence of specific guide-lines and design aids to permit continuity of these so

called simple connections to be incorporated in design.

The leading codes of practice [1,2] recognize three basic types of beam-
to-column connections. Two of these types are the commonly designated ‘rigid
frame’ and ‘simple frame’ construction and the third is the ‘semi-rigid frame’ (par-
tially restrained) which assumes that connections between beams and columns
possess a dependable and known moment capacity and are intermediate in degree

between the rigidity of the rigid frame and the flexibility of the simple frame.



CHAPTER 1 INTRODUCTION 2

The assumption that the so called simple beam-column connections
are incapable of transmitting moments is not a realistic one [3,4,5]. All common
forms of beam-to-column connection possess some degree of rotational stiffness.
Figure 1.1 presents the moment-rotation characteristics of some common beam-
to-column connections. The true response of an ideal rigid and an ideal pin
connection would coincide with the vertical and the horizontal axis respectively
of figure 1.1. The actual response of any practical connection would be in between

these two extremes — and would be more appropriately categorized as semi-rigid.

Figure 1.2 illustrates the effect of end restraint on the behaviour of the
member under uniformly distributed load. In simple design, the beam would be
designed to carry a moment of wi?/8 at its midspan. If it were perfectly fixed at
ends, the design moment would be wi?/12 at the supports. For a semi-rigid con-
nection, the end and span moments are somewhat in between these conditions.
Depending on the stiffness of the connection, the reduction in the midspan mo-
ment below the simply supported value can lead to useful savings in beam weight.
Furthermore, the ratio of the midspan deflection for simply supported and fully
fixed beams is 5:1 (see figure 1.2) indicating that the potential for reductions in
deflection as a result of semi-rigid action is greater than that in design moments.
This is particularly important since serviceability rather than strength is often
the controlling limit state. Similar economies are also achievable in the case of
columns, because of better end restraint. It has been claimed (3] that weight
savings of more than 11 percent can be achieved in the case of columns alone if
realistic connection stiffness is considered in design; savings as high as 20 percent
in the case of beams in frames are also demonstrated [6]. Similar economies have
also been established elsewhere [7,8,9]. It should be emphasized that these are net

savings, since no change in construction practices is required. However, the sav-



CHAPTER 1 INTRODUCTION 3

ings due to the use of lighter member in case of a rigid frame design are sometimes
offset by the requirement for the complete joint rigidity. With a comprehensive
semi-rigid design approach the same joint as that used for simple design can be
utilized, the benefits arising because some allowance is made for the restraining
moment at the end of the beams which would otherwise have been neglected in
simple design. The research to explore the behaviour of flexible connections was
started in early twentieth century when Wilson and Moore [10] first investigated
the response of riveted connections. To date, many researchers have contributed
to a better understanding of connection restraint and its influence on the be-
haviour of beam and column frames. However, detailed dependable methods for
designing beams and columns with semi-rigid joints are still not available in the
leading codes of practice. To realise the potential structural economies of includ-
ing the beneficial effects of semi-rigid construction, design guide-lines suitable for

straightforward use by engineers are required.

1.2 Objectives and Scope of the Present Study

The main aim of this research work is to produce simplified design guide-lines for
the semi-rigid construction. Fundamental to the fulfilment of this objective is the
availability of well coded analysis programs or other tools capable of modelling
the physical problem in an efficient and accurate way so as to enable a systematic
study to be conducted. Such tools should ideally be able to handle the various
sources of nonlinearities, imperfections and a wide range of loading conditions.
A reasonably high level of confidence in predictiﬁg the physical behaviour is
an essential prerequisite which must also be satisfied. This can be achieved by

substantiating the predicted behaviour against the experimental evidence.
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At the University of Sheffield, a finite element computer program was
developed by Jones [11] to investigate the in-plane behaviour of a non-sway iso-
lated column with its ends connected to infinitely rigid supports by means of
flexible connections. Rifai [12] later developed a computer program to include
the effect of beam flexibility for the analysis of non-sway column subassemblages
— subjected only to loads parallel to the column. The subassemblage in this case
consists of one column and four beams with provision for semi-rigid joints at both
the ends of the column. Material and geometric nonlinearities were included in
the formulation and geometric as well as material imperfections were catered for.
The use of limited subassemblages to study the response of individual members
of the frame was arguably popular because of the economic advantages in mod-
elling the problem and the capabilities of readily available computers at that
time. However, the interaction of a number of local and global parameters may
sometimes vitiate the subassemblage method to reflect the true behaviour of the
overall frame action. The other program available in Sheffield to analyse flexibly
connected frames was SERVAR, developed by Poggi [13] in Milan, Italy. This fi-
nite element program can analyse any skeletal structure with flexible connections.

Though it is a well coded program, it has following limitations:
1. The nonlinear terms in the strain-displacement relationship have been ne-
glected.

2. Neither geometric nor material imperfections can be taken into considera-

tion.
3. Column bending about major axis only was considered.

4. A piecewise linear representation of the connection moment-rotation be-

haviour was assumed.
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Recognising the suitability of Rifai’s formulation it was decided to im-
plement it for the analysis of two dimensional behaviour of flexibly connected

steel frames in order to meet the objectives stated in the preceding paragraph.

The resulting finite element analysis program permits the prediction of
the deformation history and the ultimate load(s) under a set of proportional, pat-
terned or cyclic loads both in non-sway and sway modes. The analysis is based on
a tangent stiffness formulation of a beam element with three degrees of freedom
per node. Deterioration of the strength and stiffness of the material, connec-
tions and frame under increasing load are all catered for by using an incremental
Newton-Raphson iterative procedure. Material and geometric imperfections both
at local and global level, can be considered. Different constitutive relations such

as elastic, elastic-plastic with or without strain-hardening can be used.

The response of this program has been validated against the results
of two non-sway full scale frame tests under monotonic loading and four frame
tests in a cyclically loaded sway condition. A limited parametric study has been
conducted and general conclusions regarding the behaviour of flexibly connected
frames have been made. Observations made from this study, together with those
of other researchers, have been collated to aid the development of simplified

method of semi-rigid frame design.

1.3 Outline of the Thesis

Each of the individual chapters in this thesis is concerned with a specific area
and is presented sequentially to the achievement of the stated objectives of this

research work. A brief description of the contents of each chapter follows:
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Chapter 2 presents a review of the related research work in the field
of semi-rigid frames. Emphasis was given to the analytical work and to the

development of design methods.

In chapter 3, the basic formulation of the analytical model has been de-

scribed. Implementation of the various aspects of the program are also discussed.

The validation in the non-sway mode is presented in chapter 4. Com-

parisons with established analytical, numerical and experimental results are made.

Chapter 5 describes the implementation of an algorithm of connection
behaviour in a cyclic sway mode. Validation of the program under cyclic lateral
load history is shown in this chapter by comparing predictions against four half-

scale test results.

In chapter 6, a behavioural study of flexible frames has been presented
for a range of controlling parameters. The various implications for the semi-rigid

design are identified.

It has been already mentioned that the main objective of this study was
to develop methods of semi-rigid design which could be utilised by the practising
engineers. To this aim, chapter 7 provides some simplified approaches to the

semi-rigid frame design in the non-sway situation.

Finally chapter 8 summarizes the general conclusions from this study
and also identifies the topics which warrant further investigation for a decisive
conclusion to be reached. In order to facilitate fellow researchers, these aspects

have been collated in this final chapter as recommendations for future studies.
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Figure 1.1 Moment-rotation characteristic of beam-to-column connections

(a) extended end plate; (b) flush end plate; (c) seat and web cleats;
(d) flange cleats (e) web cleats.
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Chapter 2

Literature Review

2.1 Introduction

The true behaviour of structural frames lies between the two extreme cases of joint
response; the first being pinned, commonly referred to as ‘simple construction’
and the second is rigid leading to ‘continuous construction’. Considerable research
over the years has shown clearly that actual joints exhibit characteristics over a
wide spectrum between these two extremes. Structural frames with such joint
behaviour are classified under the heading of semi-rigid. In this chapter a brief
review of the previous work on semi-rigid joints, with particular emphasis on
the resulting member behaviour due to semi-rigid action, will be made. The

discussion in this chapter will be grouped into the following four categories:

1. Joint behaviour and its representation

2. Methods of analysis of semi-rigid frames
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3. Behaviour of members with semi-rigid joints

4. Design methods

2.2 Joint Behaviour and its Representation

Numerous investigations into the behaviour of beam-to-column connections have
been reported during the past sixty years or so. The flexural behaviour of a
connection is best represented by the relationship between M, the moment trans-
mitted through the connection, and ¢, the relative rotation of the two members
fastened by the connection. Most of the popular forms of connections such as web
cleats, flush end plates, extended end plates etc. show a nonlinear relationship
of M-¢ over virtually the whole range [14]. In order to include the effect of a
semi-rigid connection in analysis, it is important to model the connection M-¢
behaviour mathematically so that a reasonable estimate of the rotational stiffness

of the connection at any level of moment can be made.

Attempts to model connection moment-rotation response mathemati-
cally have been made by different researchers. These are summarized in tabular
form in table 2.1 [15], which also includes the relative advantages and disadvan-
tages of each model. It appears that the cubic B-spline represents the experi-
mental data points of connection M-¢ relationship most closely and provides the
rotational stiffness at any level of load most accurately. Jones [11] pointed out
that the polynomial representation may lead to erroneous slope of the M-¢ curve,

which is of utmost importance in any analysis.

In addition to the approach which seeks to mathematically represent
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the experimentally obtained connection behaviour (the M-¢ relationship), at-
tempts have also been made to develop methods for the prediction of M-¢ curves.
Such attempts include the use of simplified analytical, behavioural or mechanical

models to full numerical models using a finite element approach.

Nethercot and Zandonini [16] provide an in-depth summary of all such
methods currently available. It has, however, been observed that the ability to
predict the moment-rotation curve with good accuracy is rather limited. This
situation, coupled with the fact that test data for the full range of connection
parameters are not usually readily available to the designer, presents a severe
handicap for semi-rigid frame design to become a viable design alternative. Thus

further research is needed in the near future to bridge this gap.

2.3 Methods of Analysis of Semi-Rigid Frames

Although joint behaviour has long been recognised as an important parameter
influencing frame response, the traditional concept of frame analysis by either
pin or rigid joint assumptions still dominates design practice. As mentioned
earlier, although the leading codes of practice recognize the possibility of semi-
rigid action in frames, along with the two idealized extreme cases of pin and fully
rigid connections, simplified methods of analysing frames with such semi-rigid
connections are still not available to the designer. The subject has been under
investigation by many researchers in the recent past. Attempts to include semi-
rigid joint action in the analysis include a wide range of work; from modification of
traditional methods of analysis of rigid frames to the formulation of classical finite

element models. A brief review of this work is made in the following sections.
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2.3.1 Modification of the Conventional Methods

As long ago a.s 1942, the slope deflection equations were used to represent mem-
bers with semi-rigid joints at ends by modifying the co-efficients of the usual
rigid case [17]. The procedure is otherwise the same as the conventional slope
deflection method. The modified moment distribution method also follows the
same procedure as the conventional one, with the only difference being that dif-
ferent distribution and carry over factors are used with semi-fixed end moments.
The other basic methods like the Method of Three Moments and the Deformeter
Methods have also been modified to take account of the semi-rigid nature of the

beam-column connections and are described in detail in the reference.

In all of these modifications a linear connection stiffness was assumed,
which is taken as the initial slope of the connection M-¢ curve. Considering the
very nonlinear nature of the M-¢ curve, this simplification, however, remains a

formidable shortcoming,.

2.3.2 Computer Analysis of Semi-Rigidly Connected Plane

Frames

The application of computers has made it possible to represent the joint behaviour
in a more refined and accurate manner. Most approaches to the analysis of semi-
rigid frames have been developed with one or other of the two basic philosopies:
i] by introducing one or more discrete spring elements [18,19,20,21,22] to simu-
late the joint response (see figure 2.1). Each of these springs can be assigned a

predetermined force-displacement relation representing the axial, shear and flex-
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ural behaviour of the joint. Any type of constitutive law can, in principle, be
assumed: linear elastic, nonlinear elastic or inelastic (see figure 2.2). However,
research studies have shown that, for rectilinear frames, flexural behaviour of the
joint is the most significant one.

ii] by directly modifying the member stiffness relationships to account for the
partial rotational restraining effect of the connections [23,24,25,26].

The former approach has the disadvantage that the total number of degrees of
freedom required to model the deformed configuration of the structure increases
significantly. These approaches, because of their dependence on the availability
of computers, are more suitable for an academic setting than day-to-day design
office practice. The main features of some of the important developments in the

recent years are discussed here.

Ackroyd [18] developed a computer program for the analysis of flexibly
connected steel frames. Based on a secant stiffness formulation, this development
accounts for both material and geometric nonlinearities including loading and

unloading capabilities of nonlinear connection M-¢ behaviour.

Cosenza, De Luca and Failla [22] also developed a computer program
which utilizes the stiffness method of analysis and includes second order effects.
Semi-rigid joints were modelled as extra elements consisting of short rigid seg-
ments and springs with axial, shear and rotational stiffnesses (see figure 2.3).
Many alternative approaches for representing the connection M-¢ relationship
have been considered. The behaviour of multistorey flexibly connected frames
has been studied using this program and it was concluded that the use of stiffer

connections increases the critical load for the frame.

Anderson and Lok[27] developed a method of analysis to incorporate
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the influence of connection flexibility into the analysis of plane frames. Second
order effects were considered in this elastic analysis procedure. In the analysis
the rotations at any connections except real pins are initially assumed to be
zero. Using conventional rigid frame analysis, the displacement and rotations are
calculated and hence the member end reactions are obtained using slope deflection
equations. Connection M-¢ characteristics are then used to assess connection
rotations and these are used to amend the applied load vector. Using this new
vector of applied loads, a new vector of displacements and thus new member
end reactions are obtained. The procedure is repeated until the convergence is
achieved. The stiffness matrix at each iteration is kept unchanged and thus a

saving in computer time is achieved.

Chen and Lui [28] employed the stiffness method in which the element
matrices were derived on the basis that an element with two semi-rigid joints
at its ends is treated as a sub-structure. The sub-structure consists of three
sub-elements : two joint elements and one beam-column element (see figure 2.4).
Stability functions derived by Chen [20] were used to account for the presence
of axial forces in the beam-column elements and an incremental iterative type
of analysis was used. The M-¢ data for the connections were represented by an

exponential function.

Poggi and Zandonini [29] report the development of a program [13] by
modifying the program developed by Corradi and Poggi [30] to include the effect
of semi-rigid joints. In this program M-¢ data for the connection was modelled by
a series of straight lines. It is based on small deflection theory —which obviously
affects its performance for the analysis of flexibly connected sway frames, where

the occurrence of large displacements is commonly encountered. This analysis
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program includes neither material nor geometrical imperfections and is capable

of handling column bending about the major axis only.

Lee [23] developed a large-displacement inelastic formulation based on
the secant stiffness approach for the limit load analysis of planar frames with
partially restrained connections. It has been claimed that, as opposed to the
tangent stiffness approach, the use of a secant stiffness approach allows the use of
an increment size large enough to limit the required number of iteration cycles for
convergence. The analytical approach is based on the slope-deflection method in
which the equilibrium equations are written with respect to the deformed shape
of the structure [31] and involves the use of stability functions to reflect the effect

of member axial forces exactly.

Jones [11] developed a computer program to trace the load deflection
behaviour of an isolated column with semi-rigid joints up to its failure load. This
finite element program includes both geometric and material nonlinearities. The
column was assumed to be connected to infinitely rigid beams through semi-rigid
joints (ie beam stiffness were not included). A nonlinear M-¢ relationship was
utilised. Jones was the first to use the B-spline technique to model the connection
M-¢ relationship. He concluded that even the most flexible connections may

improve the buckling load of the column considerably.

Following Jones’ work, Rifai [12] developed a program to analyse a
beam-column subassemblage (figure 2.5). This finite element formulation again
considers both geometric and material nonlinearities; the influence of residual
stresses and geometric imperfections is included. This program can only han-
dle subassemblages of the fixed shape shown in figure 2.5. He concluded that

the stiffness of the beam and the performance of the joint stiffness both influ-
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ence the restraint for the column. The accuracy of the program was verified by

experimental work undertaken by Davison [32].

Anderson et al {33] extended a computer program originally developed
by Majid and Anderson [34] and based on the matrix-displacement method of
analysis to include the effect of semi-rigid connections which are treated as elastic
hinges. The nonlinear M-¢ curve is idealised as piece-wise linear relations and
successive estimates are made of the secant stiffness of each connection as the

iteration proceeds.

The methods of analysis mentioned here are only a few selected from a
much higher number of available techniques which vary in their level of refinement

and in their capability to simulate full physical behaviour accurately.

2.4 Behaviour of Members with Semi-Rigid Joints

Numerous studies on the behaviour of members with semi-rigid joints have been
carried out throughout the world. Only a selective mention is made here to

demonstrate how frame behaviour is affected by connection flexibility.

Ackroyd and Gerstle [35] studied a range of realistic building frames
to determine the effects of nonlinear beam-to-column connections and inelastic
member instability. Simple subassemblages from the frames were analyzed by
computer, and the results were represented in terms of two non-dimensional pa-
rameters, ¥ and p, as shown in figure 2.6. The following conclusions were drawn

from study:
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1. Excess connection stiffness, can in exceptional cases, cause a reduction in
the ultimate capacity of the flexibly connected steel frames due to prema-

ture column yielding due to gravity moments.

2. The parameter ¥ appears to be a reliable index for determining the suscep-
tibility of a frame to increases or decreases in the factor of safety against

collapse due to changes in connection stiffness, where ¥ is given by:

2
V= %G % M,,,Pth é’oa (%) 21)

where,

¥ = non — dimensional structure/ loading parameter

E = Young's modulus of elasticity
I.&Is = moment of inertia of the column and the girder respectively

M, = column top wind moment on subassemblage

P, = ultimate vertical load acting at top of each column

P, = ultimate girder mid — span load on subassemblage

Q = column top wind shear on subassemblage

h = storey hetght

r = radius of gyration of the column
ko = 1initial tangent stif fness of flexible connection
{ = bay span

and
n*El,
h2

(P +0.5P,)

P , where P, =

p = non — dimensional frame capacity =

Gerstle [36] studied frame behaviour under both gravity and combined

gravity plus wind loading with flexible connections. He concluded that girder
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design moments are highly sensitive to connection flexibility and column moments
are much less dependent on connection behaviour. AISC type-2 analysis (simple
framing/ wind connection method) consistently overestimates girder moments,

and underestimates column moments.

Shen and Lu [37] studied the behaviour of end restrained columns. The
analysis considers nonlinear material properties, loading, unloading and reloading
of yielded fibres, both geometrical and material imperfections and load eccentric-

ities. The following important conclusions have been drawn from their study:

1. Initial crookedness reduces the strength of the column and this reduction

is maximum for a A =1.2, where) is defined as A = I;‘ x L,/

2. The band width of the column curves decrease as the end restraint increases
and the maximum difference between the curves (ie. the maximum band
width) occurs at A value of about 0.9. This observation obviates, however,
the necessity for multiple column curves as suggested by SSRC, provided

that end restraint is taken into account.

Sugimoto and Chen [38] conducted an analytical study of the behaviour
and strength of symmetrically loaded wide-flange steel columns with small end
restraint by means of an approximate deflection method using a bi-linear represen-
tation of test data for the moment-rotation relationship for the beam-to-column
connections. They showed that their results were in good agreement with the
test results of Berquist [39] and the analytical prediction of Jones et al [40] whose
model is based on a B-spline representation of connection M-¢ relationship. It
was also observed that at or near the maximum load, P,,.;, the rotational stiff-

ness factor of the end restraint, Ry, lies in the linear elastic range for cases with
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slenderness ratio (1/r) between 20 to 120, while it is in the plastic range for 1/r
between 140 to 160. From the results of this study it was reported that the effect
of end restraint is more pronounced in weak axis bending than in strong axis

bending.

Gerstle [41] studied flexible frame behaviour by analysing a number of
subassemblages representing critical portions of typical unbraced multistorey steel
frames. He concluded from his study that connection stiffness would generally
lead to an increase in frame strength. However, he also noticed that for long
span frames only a few storey high, the over-stiff connection might result in a

reduction in frame strength.

Davison et al [42] used a finite element program [13] which resulted
in good agreement with experimental observations [43,44,45] of the behaviour
of partially restrained full scale non-sway steel frames. From their study, the

following important conclusions were drawn:

1. Load carrying capacity of the frame increases as the joint stiffness increases
but, after a certain critical value of the joint stiffness, it has virtually no

effect.

2. Even with the use of modestly stiff connections, a significant reduction in

column effective length occurs.

3. The effective length of a column is not only dependent on particular type
of beam-to-column connection; it depends on the location of the column as

well as the loading pattern.

Jones et al [46] report that, with the use of semi-rigid joints, the max-
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imum strength of slender columns are significantly increased, however for more
stocky columns this increase is less significant. In other words the strength raising
effect of end restraint depends on the relative stiffness of the connection and the
column. Table 2.2 shows some aspects of the results presented by Jones and later
discussed by Ackroyd et al [47]. It is evident that the presence of residual stress
significantly influences the effect of end restraint as does the relative stiffness of
the connection to column. It is also evident that the effect of end restraint on
the realistic column is to raise the strength by a relatively small amount (eg. 9%
as shown in table 2.2). It was observed in their study that a codified method of

estimating column strength could lead to erratic predictions.

Razzaq and Chang [48] studied the behaviour of isolated columns with
partial end restraint and initial imperfections. This finite difference approach
considers a linear pattern of residual stress distribution and elastic-perfectly-
plastic material behaviour. Both linear and bi-linear M-¢ relationships of the
connection have been modelled. Based on a limited parametric study it was
concluded that the end-restraint has a considerable influence on the behaviour of
crooked columns. The influence is however, more pronounced when both initial

crookedness and residual stresses are present together. .

Vinnakota [49] used a finite difference approach to study the problem of
an isolated column with end restraint. The analysis uses a linear, bi-linear or tri-
linear representation of connection M-¢ data and allows geometric imperfections
to be included. He constructed column strength curves for end restraint columns
and suggested the following formula for the effective length factor

T+ 2a

k,= ——— .
* n2i4da (22)

—_ C . . , :
where @ = £, where Cj is the linear connection stiffness.
L
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Simitses and Vlahinos [50] analysed the two bar L shaped flexibly con-
nected frame shown in Figure 2.7. Both linear and nonlinear representations of
M-¢ data were considered. The nonlinear relationship was modelled by using
a cubic polynomial and an incremental type of analysis was employed to tackle
nonlinearity in M-¢ relations. An increasing capacity of the beam column assem-
bly was reported with an increase in connection stiffness. It was also reported
that both column slenderness and the nonlinearity of M-¢ relationship of the

connection do not significantly affect the critical load.

2.5 Design Methods

Despite the fact that considerable progress has already been achieved in under-
standing the influence of semi-rigid joints on the behaviour of members, simpli-
fied tools for the realistic quantification of this influence are yet to be developed.
However, a brief review of the various suggestions for the design of members with

semi-rigid joint so far evolved, are made here.

2.5.1 Design of Braced Frames

In this section the available methods for the design of braced frames with semi-
rigid connections are reviewed. Plastic design methods are already well estab-
lished and explained in reference [51]. So far as the elastic designs are concerned,
there are two alternative approaches to semi-rigid design in the British Struc-

tural Steel Design Code [1]. The first is rather empirical, in which a conservative
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nominal allowance is made for the stiffness of the connections by a limited redis-
tribution of moment. In the second approach, the stiffness is represented by M-¢
relationships based on experimental evidence. These relationships are taken into
account during analysis and the frame’s components are sized on the basis of the
resulting moments and forces. Both approaches are delineated in reference [51],

indicating their relative advantages and disadvantages.

2.5.2 Design of Unbraced Frames

When a frame is unbraced it has been an established practice in some countries
to rely on the stiffness of practical connections to provide resistance to wind, even
though such restraint is ignored under gravity load. The resulting procedure is
known as the Wind Connection Method. Ackroyd and Gerstle [52] have studied
the results of frame analysis with realistic account being taken of the behaviour of
semi-rigid connections under both gravity and wind loading. Anderson et al [51]
observed that further studies should be carried out to provide guidance on the
extent to which sway deflections calculated by wind connection method are likely
to underestimate those given by exact analysis accounting for the flexibilities
expected from the actual connections. Such studies require sophisticated tools

capable of modelling physical problems efficiently.

2.5.3 Column Design: The Effective Length Approach

The modern tendency of designing individual components of a frame makes the
effective length approach a very popular one, so far as the design of columns is

concerned . Various codes [1,2] provide charts and nomographs for estimating the
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effective length of a column, considering the restraint provided by the surround-
ing members in a rigid frame. Satisfactorily accurate methods of determining
effective lengths of columns in semi-rigid frames are yet to evolve — although
the restraining effect of the semi-rigid joint results in an increased capacity of the

column is a very well established fact.

Wood [53] developed a method of estimating the effective lengths of
columns in a framework. Although his work mainly refers to rigid frames he indi-
cated the effects of semi-rigid joints as well. Referring to the work of Baker [54],

Wood [53] provides a formula for the effective stiffness of a beam with semi-rigid

142
=k | ——2— ;
b b(1+4a+3a2) (2:3)

connections:

where a = 0.5 (%)

ky is the beam stiffness with fixed joints

k; is the initial joint stiffness

and kj is the modified beam stiffness due to semi-rigid connection.

The value of « typically ranges from 1.0 to 2.5, suggesting @« = 5 for a very
flexible light joint, & = 1.0 for a fairly stiff joint and « = 0 for an infinitely rigid
joint. Figure 2.8 shows the effect of a upon kj. For high values of a (low values of
k;), ki = k;, implying that for light flexible connections, the connection stiffness

dominates and the far end condition is not important [55]

Taylor [55] tried to link the effective lengths of a column to both beam
sizes and the level of joint stiffness. The effective length factor was defined as
ke = (1 — e; — e3) where e; and e; relate to the degree of restraint at each end of

the column and are defined by

o ( 0.25% k, ) (2.4)

0.6 k. + X ke
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He developed this approach specifically for the case of top and bottom cleat
connections, assuming cleat sizes (and thus joint stiffnesses) to be proportional
to the beam’s elastic section modulus Z,, to fix the ratio of joint stiffness to beam

stiffness, leading to

_ ( 0.25% 7,

250 S ke + 3 kb) 7015 (25)

Assuming very stiff beams, Jones et al [40] suggested specific values of
effective length factor for some commonly used connection types. For example,
0.75 for web cleats and 0.55 for end plate joints. However in realistic situations
such specified values have little significance since actual end restraint for the
column depends on many factors like relative beam-to-connection stiffness, axis

of bending [56,57], slenderness ratio etc.

Lui and Chen [58] report that the effective length factor k. with a

flexible connection can be obtained as follows:

k.=1-0.017a > 0.60 (2.6)

C
My,

where o =
C=initial connection stiffness

M, = plastic moment capacity of the column.

Galambos [59] suggested that the influence of realistic beams should
also be taken into account while considering the restraint provided through the

connections to the column. He defined the relative rotational stiffness C* as
2E1,
Cr=—1—~ (2.7)
2E1
(1+%2)

(2E1,)/ Ly is the beam stiffness for the beams bent in single curvature with equal
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and opposite end rotations which is the most conservative condition; for other

real situation more appropriate beam stiffnesses may be used.

Introducing beam flexibility the Lui and Chen equation (Eq. no. 2.6)

can be rewritten as

k. = 1.0 — 0.017a" > 0.60 (2.8)

x __ C*
where o* = Mo

However, the method is workable only if the column has the same framing ar-
rangement both at the top and the bottom joints, a case which may not be true

in practice.

Bjorhovde [3] gave a detailed account for determining the effective
length factor for a column in a real frame taking column buckling into consider-
ation. He modified the SSRC G-factor [60] approach (which is meant for rigid

frames) in order to apply it for the semi-rigid frame case. Instead of computing

El
G as = (bﬁl ) (2.9)
(%)
he suggested that a reduced value of G as
D El
G, = __(Cfc ) (2.10)

Although G, is based on the initial slope of the M-¢ relationship, Bjorhovde
suggested that the resistance of the beam for which connection goes on loading
as the column buckles should be neglected. Thus, with G, factor known at the
top and bottom joint, the alignment chart of reference[60] can be used directly

to find the effective length factor.

Bjorhovde’s method can be used for the inelastic case by considering

the suggestions made by Yura [61]. However, Nethercot and Chen [15] have
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expressed the need for confirmation of the intuitive approach of including beam

flexibility as suggested in equation 2.7 above.

Davison et al [57] applied the principle detailed after Bjorhovde [3] in
the preceding paragraph to the results of their subassemblage tests. Satisfactory
agreement between the test load and predicted capacity of the column had been
reported, although they cautioned that a more detailed investigation is required

before adopting it for the purpose of design.

Jones et al [40] suggested a graphical procedure for determining the
effective length which uses the strength curve for two columns — one pin-ended
and the other semi-rigid jointed (figure 2.9). The length on the pin-ended curve
which gives the same strength as the failure load of the end restrained column
is defined as the effective length for the latter column. This method has been
applied by Sugimoto and Chen [38]. The approach seems sensible but requires
the column curve with the given end restraint to be available beforehand. Of
course it is not clear from reference [40] whether the column curve for the pin
ended column is based on the assumption of a perfect column or whether it has
similar imperfections as that considered in the case of restrained column (ie the
column in question). Chapuis [56] introduced the concept of crooked effective
length K ookeqa, in which he used the same approach as Jones [40] but in this case
the pin-ended column curve with which he compared the result of the restrained

column possesses the same degree of imperfection.

De Falco and Marino [62] suggested a modification of the girder stiffness
to include the effect of a semi-rigid connection and thus to enable the alignment
chart of reference [60] to be used. However, the procedure is based on initial

connection stiffness and the assumed boundary conditions for this development
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did not comply with those used in the development of the alignment chart. As
a result of this Driscoll [63] refined and extended the above approach. Utilizing
the matrix force method, he developed the force-displacement relationship of a
beam with semi-rigid joints at the ends. The rotational stiffness of the joint
was represented by the initial connection slope. Finally he developed with the
modified beam stiffness factor for the beams having semi-rigid connections at the
ends. If both the ends of beam have the same connection stiffness (ie Kg=K,)
then the relative stiffness (I/L) of the beam can be written as:

Case I: For use in general frame analysis:

, 3 I
Ky = (4(I(B+1)—(KB+1)) T (211)

Case II: For use in the G-factor approach in the sway case:

, 1 I
ky = (m) XTI (2.12)

Case III: For use in the G-factor approach in the non-sway case:

3 I
[ — —
ky, = (2 . 3) 7 (2.13)

where Kp = K, = 3Z(&l)

and 7 is the initial connection stiffness (see figure 2.10).

Driscoll [63] himself recognizes the shortcomings of using the initial
connection stiffness to represent the semi-rigid connection considering the highly

nonlinear nature of many M-¢ relationships.

All of the approaches mentioned above (except that of Jones) have one
thing in common — that is they are all based on the initial slope of the con-

nection M-¢ curve and are therefore less satisfactory for the determination of
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the true maximum strength of partially restrained columns. Reference [15] also
observes that the use of initial connection stiffness is correct for a bifurcation
type of buckling approach but, for a real column, the end deformation will occur
prior to the attainment of the maximum load — indicating a decrease in connec-
tion stiffness. Therefore, it is questionable whether the effective length factors
based on consideration of elastic buckling (as in the G- factor approach) are truly

representative of the restraining effects provided to real columns.

2.6 Concluding Remarks

The foregoing discussion presents an overall picture of the state of semi-rigid
design to date. Clearly, the production of simplified design tools are an essential
prerequisite, yet to be met, before it can be accepted as a viable design method
by the wider engineering community. Such simplified design tools will emerge
as a result of systematic study into the behaviour of semi-rigid frames. In order
to enable such studies to be made, well validated computer programs which can

model physical problems accurately are an essential research tool.

The computer programs described in section 2.2, may help to serve this
purpose but these programs have different levels of refinement in simulating the
physical behaviour in real structures. Various sources of nonlinearities and mem-
ber imperfections are the important consideration that any formulation should
ideally be able to cater for in an efficient way. Reference [51] expressed expecta-
tions of developing highly refined approaches that would make possible a proper

investigation of the behaviour of semi-rigid construction.
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Type of Model Reference | Year Advantages Disadvantages
1.Linear Baker 1933 1. Simple to use. Inaccurate at
Rathbun high rotation
2. Stiffness matrix values
only requires
initial modification.
2.Bi-linear Lionberger | 1969 1. Simple to use. Inaccurate at
& Weaver some rotation
2. Curve follows values
Romstad & | 1970 M-¢ curve more
Subramanian closely than linear
model.
3.Polynomial Sommer 1970 Produce a 1. Can produce
close approximation inaccurate (even
to shape of M-¢ data | negative) connection
stiffness
Frye & 1975 2. Nonlinear, hence
Morris requires iterative
evaluation.
4.Cubic B-Spline | Jones,Kirby | 1980 | 1. Produces a very | 1. Nonlinear, hence

& Nethercot

close approximation
to M-¢ data shape
2. Produces accurate
value of connection
stiffness.

requires iterative
evaluation.
2. Requires special
numerical proce-
dure for evaluation.

Table 2.1 Methods of modelling connection M-¢ data [15].
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Slenderness | Residual | Increase in
ratio stress strength®
100 none 56%
75 none 21%
75 considered 09%

29

%Increase in column strength is due to the end restraint provided

by a T-stub connection, w.r.t. a pin-ended column.

Table 2.2 Influence of slenderness ratio and residual stress on the

effectiveness of end restraint [46].
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Figure 2.1 The beam-joint model for various force components.
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Figure 2.2 Various representations of the joint behaviour.
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Figure 2.3 Semi-rigid beam-joint element by Cosenza [22].

OF: ¥ (@

Figure 2.4 Semi-rigid beam-joint element by Chen and Lui [28].
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Figure 2.5 Limited column-subassemblage considered by Rifai [12].

32
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Figure 2.6 Effect of connection stiffness on frame strength [35].
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L |

Figure 2.7 Flexibly connected frame analysed by Simitses et al [50]
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Figure 2.8 Effective beam stiffness with semi-rigid joints [54].
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Figure 2.9 Determination of column effective length [40].
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Figure 2.10 Measure of joint stiffness in Driscoll’s method [63].

35



Chapter 3

Finite Element Formulation and

the Computer Program

3.1 Introduction

The success of the finite element method in solving various physical problems has
resulted in its widespread use in structural problems. Although the analysis of
structures by the finite element method has become fairly common due to the
abundance of computers in the design offices, the major drawback lies in the
simplifying assumptions that are almost certainly have to be made in any such
computer model. Such assumptions normally include idealised behaviour which is
the basis of most of the available formulations. One of the important idealisations
commonly made in the analysis of structural frames relates to the behaviour of
the connections which are usually taken either as either perfectly hinged or rigidly

fixed. However, as mentioned earlier, the realistic behaviour of the connection

36



CHAPTER 3 FORMULATION AND THE COMPUTER PROGRAM 37

is semi-rigid and its inclusion in the analysis and design is advantageous in the

sense of reliability and economy of construction.

As already mentioned in the previous chapter, the effect of semi-rigid
connections on member stiffness can be accounted for in two ways. One is to
represent the connection stiffness by introducing discrete elements at the ends
of the member in the form of springs with flexural, shear and axial stiffness;
the other is to modify directly the member stiffness relationships to account for
the partial rotational restraining effect of the connections. The latter has the
advantage that the total number of degrees of freedom required to model the
deformed configuration of the structure decreases significantly when compared to

the former, if all the connections of a large structure are of a semi-rigid nature.

Rifai [12] derived shape functions for a beam-column element having
semi-rigid connections at its ends. He then implemented that formulation in the
analysis of a semi-rigid limited column subassemblage as described in chapter 2.
The author has extended this program to cope with the analysis of a full frame.
Detailed features of this program will be discussed later in this chapter. In the
next section a brief account of the formulation of the semi-rigid beam element is

presented.

3.2 Formulation of the Semi-Rigid Element

The beam-column element proposed by Rifai [12] has three degrees of freedom
associated with each node giving a total of six degrees of freedom per element
(see figure 3.1(a)). This prismatic element has, in general, two semi-rigid joints

at its ends. Elastic behaviour is assumed although the effect of loss of stiffness
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due to initiation and spread of yield is dealt with in an approximate method and

will be discussed later in this chapter.

3.2.1 Shape Function

Figure 3.1(b) shows the deformed configuration of a typical element with semi-
rigid end connections. The presence of the semi-rigid joints at nodes 1 and 2 will
cause these nodes to have two rotations at each location; one is just to the left
and the other is just to the right of the node. The difference between these two
rotations is the rotation of the connection ;. Thus referring to figure 3.1(b), if
6, is the rotation of the column centre line and @, is the rotation of the beam end
at node 1, then 6;; = 6, — 0; is the rotation of the beam caused by the flexibility

of the connection.

Written in terms of nodal displacements, the displacement of a general

point on the element can be expressed as:

Uy
s
ul [M 0 0 N, 0 01]) 6

{v}_[ 0 N3 N4 0 N5 Ne J Uy ( (31)
U2

02 y

where N; to Ng are the shape functions of the element. The shape functions N,
to Ng are defined in table 3.1, together with their rigid element counterparts, Ny
to Ng. With the substitution of the appropriate expressions for Nj to Ng, the
shape functions N; to Ng for a beam-column element with semi-rigid joint at its

end are obtained as [12]:

N] = 1—1' (32)
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N, = r (3.3)

N; = 1—0;3Lr—(3—20;3L)r*+(2—0;3L — 0;5,L)r* (3.4)

Ny = L[(1—0;ur — (2 —20;41 — 0;02)r* + (1 — 0,41 — 0;42)r°]  (3.5)

Ns = 0js1Lr + (3 —20;51L — LOjs3)r* — (2 — 0;51L — 0;5,L)r*  (3.6)
and

N6 = L[—0_,-61r bt (1 - 20_1'61 - j62)7'2 + (l ot 0j61 - j62)7'3] (37)

Now referring to mode shape 3 of table 3.1 the slope-deflection equation may be

used to write the following relationships:-

2E1 3

M1 = ——(—20]'31 - 0]‘32 + —) = Cj10j31 (38)
L L
2E1 3

M2 - T(—oj;;] - 20]‘32 + Z) = Cj20j32 (39)

where C};; and Cj; are the connection stiffnesses at node 1 and node 2 respectively
and % is, as usual, a measure of flexural stiffness for the element. Solving these

two equations for 6;3; and 60,32, the following may be obtained:

AB

O3 = lH 1 (3.10)
A B

Bi32 = }{ 2 (3.11)

Writing similar relations as in equation nos 3.8 and 3.9 for mode shapes 4, 5, and

6 the following relationships can be obtained:

A;B.
i = ;{3 (3.12)
_ ACh
b = (3.13)
Ois1 = O (3.14)

01'52 = 0_1'32 (315)
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o = 222 (3.16)
b2 = A;IB4 (3.17)
where,
Ay = 851 Ag = 421
Bl=2f_l+cj2 B2=%+Cj1
BS=§%I‘+C]'2 B4=%I‘+Cj1

and H = %AlAz + Ag(Cj] + Cjz) + Cj]Cjz

3.2.2 Strain-Displacement Relationship

The average strains at a cross section can be written as:

_ du 1 dv,, a2v]7T
€ = [—' (E + 5 %) ) ’_W] (318)

In the above expression, the axial component of the strain contains a nonlinear
term, which arises due to the elongation of the element caused by the deflection

v. Now strain, €, can be written as
eE=¢co+teL (3.19)

where € is the linear component of the strain and ¢y, is the nonlinear one.

Hence, it can be shown that [64]

_du
€0 = &
N

_ £ |[u

dz? v
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(
0
__{% Ny 0 0 N, 0 0]{01}
- -d% 0 N3 N4 0 N5 Ne U2
V2
\02J
(ul\
Vi
M 0 M 9 0 6
= = | ® onv oon T oem on |S L ¢
0 T & 0 & Tl | w
V2
\02)
= [Bo]é* (3.20)
and
1[ (&)
o=-{ F"}
It can be shown [64] that,
o 4 @ o g L
=-=2 = da = de | (g 21
der=-7-10 5 0 o 0 7o |4 (3.21)
dep = [BL)d{6°} (3.22)

Thus the two components of the strain displacement matrix [B] are identified as

[Bo] and [By)-
Once the strains are evaluated, the stresses may be obtained as
o = [D]{e} (3.23)

where 0 = [F? F*]T in which F? and F* denote force components in in-plane

axial force and bending respectively.

SHETF -
UNIY <

U, |
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and

o= % 5]

DrP and D* are the in-plane and bending components of the elasticity matrix [D].
The [D] matrix is assumed to be constant but the effect of yielding is taken into

account in an approximate manner which will be discussed later in section 3.3.2.

3.2.3 Element Stiffness Matrix

Following the standard procedure described by Zienkiewicz et al [64], the tangen-

tial stiffness matrix for the element is derived [12] as

T
l o dz + (NJCiNjy + N5CiaNjz) (3.24)

(Kel = [ 1BIID)B) do + [ L7

where,
Npu=1[0 42 —1+4% o 45 45]
Np=[0 & N o d 4 di]

and Cj;,Cj, are the stiffnesses of the connection at the ends 1 and 2 of the

element.

Now recognizing from equation nos. 3.19, 3.20 and 3.21 that

[B] = [Bo] + [BL] (3.25)
the above expression for the tangential stiffness matrix may be written as:
[K7] = [Kg] + [Kg] + [KL] (3.26)
where,

L
(Kg] = /0 [Bo"[D[Bo) dz + (NEC; Njs + N5CiaN;s)
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[Kg] = /(;L digg]a dz

Ko = [ UBIDIB + [BuTIDIBdl + (Bl ID)[Bulld

[KEg| represents the usual, small displacement stiffness matrix.

[Kg| is dependent upon current stress level, and in fact accounts for
the effect of axial force on the change of bending stiffness of the element, and is

known as the initial stress matrix or the geometric matrix [65)].

[KL] is due to large displacements and is variously known as the initial

displacement matrix or the large displacement matrix [64] etc.

3.3 Evaluation of Sectional Properties

Computation of the element stiffness matrix requires sectional properties to be
evaluated at element level. The important sectional properties that are to be
evaluated include axial and flexural rigidities EA and EI respectively. These
properties are in general evaluated at the nodes. Depending on the fact that
whether a particular node has yielded or not, the appropriate value of the modulus
of elasticity is taken for consideration. Thus the two case of an ‘elastic section’

and a ‘yielded section’ arise and are dealt with accordingly.

3.3.1 Elastic Section

At relatively low levels of load, when the section remains elastic, calculation

of the axial and flexural rigidities are carried out in a straightforward manner:
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FA=F[,dA

and

EI = E [, y*dA; if bending is about the x-axis
or

ElI = E [,z*dA;  if bending is about the y-axis.

3.3.2 Inelastic Section: Spread of Yield

As loading continues in an incremental analysis, some locations will be yielded
according to the assumed stress-strain relationship. As the yielding starts, it
will spread gradually over the cross section until the whole section is yielded. In
order to include this effect in the analysis an approximate procedure suggested
by Nethercot [66] was utilized. This procedure involves dividing the whole cross
section into a large number of sub-elements as shown in figure 3.2. Within the
limitation of simple beam theory, the total strain (including the residual strain)
in each of these sub-elements is computed as loads are incremented. This strain
is then used to check if that particular sub-element has yielded or not, and an
appropriate value of effective modulus of elasticity E.;s is assigned to that sub-
element. The axial and bending rigidities are then calculated by summing over
all the sub-elements. It should be noted that yielding over part of the cross
section will vitiate the a.ssumptiori of a prismatic section and the flexural rigidity
EI should refer to an axis passing through the centroid of the effective section.

Thus

N
=1

and
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N
El = ) E. ylAA;— ¥ Ay (3.28)
=1

Equation 3.28 is for bending about x-axis and, in both equations, N is the number
of sub-divisions in the section.

ST E! viAA;
Y= < and
Y= B, AL

A.sy is the area of the part of the section which remains elastic.

Taking advantage of symmetry, in the case of two dimensional analysis,
it is possible to carry out the above calculations for only one half of the section
(assuming that the residual stress pattern is also symmetrical) because in such a
case the section will retain symmetry about at least one of its initial geometric
axes of symmetry. Sectional properties for the total section are obtained by
simply multiplying this quantity by a factor of 2. This gives a very useful saving

in computer time.

3.4 Stress-Strain Relationship

As has been observed in the preceding section, the effective value of the modulus
of elasticity, F.ss, has to be evaluated, depending on whether the particular
section has yielded or not. It is now necessary to define a stress-strain relationship

of the material.

The stress-strain relationship of structural carbon steel and high strength
low-alloy steel are commonly approximated by an elastic-perfectly-plastic stress-
strain curve. A further simplification is sometimes introduced by the rigid plastic
representation, which assumes that there is no strain at a section, until the mo-

ment equals the plastic moment capacity of the section, after which unrestricted



CHAPTER 3 FORMULATION AND THE COMPUTER PROGRAM 46

plastic flow is allowed to occur in the section. The rigid-plastic representation
can be used when members are primarily subjected to flexural action. However, if
the members carry large compressive forces, the inclusion of elastic deformations
and instability considerations become important. This is especially true when
high-strength steel is used in the frame. In a general analysis scheme the need for
including elastic-plastic behaviour is therefore quite clearly evident. The results
in the elastic stage can be used to check the serviceability limit-states. On the
other hand, the plastic stage is used to estimate the overload strength and to
find whether or not the ultimate limit state concerned with structural safety is

satisfied.

Strain-hardening has considerable influence on the load capacity, espe-
cially on small structures. In the case of tall structures, however, the effect of

instability on the frame behaviour is far greater than that of strain hardening[67].

In the light of what has been mentioned above a general elastic-perfectly-
plastic stress-strain relationship with the option of strain hardening character-
istics is considered for the present case. Figure 3.3 shows typical stress-strain

relationship which can be adopted in the analysis.

The total normal strain at any point is calculated by adding the direct
axial strain and bending strain. In addition, if any residual strain is present in
the section, that is also added. Thus if €%, #® and €™ represent the average axial
strain, the curvature at the section and the residual strain at the point under
consideration respectively, then the normal strain at any point in the section is

given by

e=¢e* —y’ +¢ (3.29)
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where y is the distance of the point from the neutral axis.

It then becomes a simple task to check whether the particular location
in the section has yielded or not and an appropriate value of the effective modulus,

E.ss is chosen accordingly.

3.5 Inclusion of Initial Imperfection

In the case of a perfect frame with ideal loading conditions, there will be no
lateral deflection in the members of the frame until the bifurcation load is reached
and such a process will essentially lead to an eigen value analysis [68]. On the
other hand, in the presence of initial imperfections, such as geometric deviations,
residual stresses etc. and / or non-idealised loading conditions being incorporated
then, deflection will occur as soon as the load is applied. From a practical point
of view, all real structural members have some form of imperfection. Residual
stresses and initial out-of-straightness are the most common form of imperfection
which any general frame analysis program must include. In the following sections

inclusion of these two types of imperfection will be discussed explicitly.

3.5.1 Inclusion of Residual Stress

Structural steel shapes and plates contain residual stresses that result primarily
from uneven cooling after rolling. The magnitude and distribution of residual
stresses in hot-rolled shapes depends on the type of cross-section, rolling temper-
ature, cooling conditions, straightening procedures and metal properties [69)].

Cooling effects tend to produce patterned residual stress in the section, and the
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straightening process destroys the well-defined pattern, making the distribution
highly irregular in many practical sections. However, simple idealised patterns
are normally adopted for the inclusion of the effect of residual stress in the anal-
ysis as they generally represent the worst case which can exist. Such patterns
are based on experimental measurements. The various patterns of residual stress

distribution considered in the present program for I-shaped sections are:

e Parabolic distribution

e Linear distribution

e Rectangular distribution
The parabolic distributions of residual stresses across the flanges and the web of
I-sections are shown in figure 3.4 and these are generally accepted in the UK for

rolled sections. Young [70] suggested following empirical formulae to define the

controlling values of such a residual stress patterns:-

oy = 165 (1——1.2(2Af)) N/mm (3.30)
A
o = —100 (0.7+—"’) N/mm? (3.31)
24,
e = 10015+ —22 ) N/mm? (3.32)
v = P T 1204,) ‘

where A, is the area of the web and Ay is the area of one flange. Compressive

residual stress are considered as positive.

The linear pattern which is normally adopted in the USA for rolled

sections is shown in figure 3.5 with the following controlling values as suggested
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by Lehigh research [70,71}:

o; = 030, (3.33)
Ay

Af+ Aw (3.34)

Oy = —-0.3

A simple rectangular pattern (see figure 3.6) is usually assumed for welded sec-
tions. The areas in the immediate vicinity of the welds exhibit high tensile

residual strains due to the cooling of the weld metal and is given by:

or = —0.90, (3.35)

The residual stress elsewhere is assumed to be compressive and is given by
oc = 0.1a, (3.36)

All these pattern mentioned above are accepted by the present program. If neces-
sary by using a suitable multiplying factor the controlling values specified above
may be varied. In addition to the above mentioned well-known patterns two more
distributions may also be specified. The first one is a parabolic distribution with
the values of oy, o4, and o, being selected by the user. The other one accounts
for a more erratic distribution of residual stress in which the residual stress at a
number of specified points along the flanges and the web are given as input data.
Straight lines are then assumed by the program to obtain the residual stress at

other points in the section.

The distribution of residual stress in any section should be such that
static equilibrium of residual forces(F,) and moment(M,) about any axis is main-

tained (ie Y F, = 0 and 3" M, = 0). In the first two pattern described above
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the equilibrium check is automatically made by the program. Because of the
symmetry of distribution about either axis, the moment equilibrium is automati-
cally satisfied. It is only necessary to check the residual force. In the rectangular
pattern, the area around the weld should be pre-chosen in such a way that the
residual force becomes zero. In the last two patterns, since the values at the
key points in the pattern are chosen by the user, a complete check of the static

equilibrium must be ensured while selecting the values.

Once a residual stress pattern is chosen, the residual strain values at
different locations across the section are easily obtained by dividing the residual
stress by the modulus of elasticity. Use of equation 3.29 would then allow the

calculation of the total strain, €.

3.5.2 Inclusion of Geometric Imperfection

Practical columns possess some degree of initial imperfection, so its inclusion in
analysis is important. The inclusion of geometric imperfection makes the column
buckling problem one of a load-deflection type, as opposed to a bifurcation type

of stability problem for a perfect column.

Initial shapes in columns are commonly taken as half sine waves with
the specified central deflection as L/1000, where L is the length of the column.
In general, if &y is the initial central deflection, the deflection at any point along

the column (see figure 3.7) is given by:
8 = 8osin (%) (3.37)

Imperfections of type-I and type-II as shown in figure 3.7 are the local geometri-

cal imperfections, which arise from the initial out-of-straightness of the column.
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However, for frames, global geometrical imperfection resulting from out-of-plumb
of the frame which arise due to the erection tolerances, need to be considered as
well. This global geometrical imperfection is a rather new concept and has been
introduced in some recent code provisions [72],[73]. As shown in figure 3.8, this
is specified by means of an initial sway to be incorporated in the analysis or
by means of allowable tolerances. Although available experimental data on the
measured out-of-plumb of entire structures is inadequate, statistical evaluation
on actual structures by Beaulieu [74] and Lindner [75] form the basis of the Eu-
rocode recommendations (CEC,1984) which are as follows:

The initial lean angle, ¥ of the frame is given by

Vo 1

H = ﬁ'l‘]'f‘z (338)

'(/):

where r; = \/g and r, = % (1 + %),

H is the overall frame height(m) and n is the number of stressed columns in a

row.

Figure 3.9 shows one possible combination of the local and global im-

perfection [76].

In analysis, a set of imaginary lateral forces { Py} may be applied to
simulate the effect of initial geometric imperfection. This imaginary lateral force

vector {F,} is obtained as:
{Po} = [Ka}{6"} (3.39)

where [Kg] is the geometric stiffness matrix and {6*} is the initial nodal deflec-

tions.

The present program would accept local geometrical imperfections such
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as single curvature or double curvature shapes in columns and also the global

imperfection defined by equation 3.38 above.

3.6 Modelling of the Connection Behaviour

It has been shown in section 3.2 that the formulation of the semi-rigid element
stiffness matrix requires an account of the connection stiffness, which makes it
necessary to properly model and represent connection behaviour in the analysis.
The nonlinear connection M-¢ relationship has been approximated by the use
of either linear, bi-linear, multilinear, polynomial, exponential or cubic B-spline
models, the first being the most crude approximation and the last being the
most sophisticated representation. The important features of these models have

already been discussed in the previous chapter.

The present program utilizes a cubic B-spline [11] fitting through the
experimental data points of the connection M-¢ relationship and instantaneous
stiffness of the connection in any loading step is evaluated from the slope of the
fitted B-spline curve at the appropriate level of rotation or moment. Alternatively
a multilinear representation of the M-¢ relationship may also be accepted by the

program.
3.6.1 Unloading and Reloading of Connection Under Mono-
tonic Loading

One of the important characteristics of the semi-rigid connection is that the

connection may show alternate loading and unloading response even under a set
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of monotonic load increments. Thus the loading and unloading characteristic of

a connection must be incorporated in any proper analysis routine.

Available moment-rotation curves of connection tests under cyclic and
alternating loads [77], [78], [79], show a distinct linear range during unloading,
with the stiffness being equal to the initial loading modulus kq (see figure 3.10).
nonlinear behaviour sets in again after moment reversal leading to a strength

under reversed loading equal to that under monotonic loading.

Because of the absence of sufficient M-¢ data for unloading and reload-
ing conditions, one possible simplification for frames under monotonic loads could
be to use a linear unloading part as shown in figure 3.11. The start of unloading
may be identified by a decrease in connection rotation. After unloading linearly,
if the joint is reloaded, it can be assumed that it would follow the same linear
path (CB) up to the point of the first unloading (ie point B) and then follow the
nonlinear loading path BD as shown in figure 3.11. If unloading occurs again the

same procedure is followed.

3.6.2 Connection Behaviour Under Cyclic Loading

Systematic study on connection tests under load cycles are not very common
and only a limited information is available [78], [79], [80] on the basis of which
the behaviour of the connection have been modelled [80]. This model has been
implemented in the present program to enable the analysis of flexible frames in

cyclic sway modes. Details of this model are presented in chapter 5.
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3.6.3 Connection Offset Effect

The location of the connection in a frame in which the column bends about
its major axis is not at the intersection of the centre-lines of the corresponding
beam and column. Therefore an analysis, where members are represented by their
centre-lines, could produce erroneous results if connections are assumed to act at
the intersection of the centre lines of the beam and the column (see figure 3.12).
In such cases the connection properties are assumed to be concentrated at some
offset from the column centre-line. Rifai [12] studied the effect of connection
offset on subassemblage behaviour and concluded that, for major axis column
framing, the behaviour of a subassemblage is significantly affected if connection
offset is not considered in analysis and this is particularly true if the connection

is of flexible nature, as indicated in figure 3.13.

Rifai’s model for connection offset is shown in figure 3.14. This model
comprises of a normal beam-column element with a semi-rigid end, together with
a stiff portion with a length of D/2, where D is the depth of the column section.
The connection offset, i.e. the column segment between the column’s centre line
and the column’s flange, is assumed to have infinite flexural and axial rigidities
since the depth of the segment is very large. The internal node B can be con-
densed out [81] and consequently the analysis will not automatically yield the
deformations at node B which are important in calculating the internal forces in
beam BC. However since the portion AB is of large stiffness, it will only undergo
rigid body motion and hence the deformations at node B can be easily obtained

by a simple transformation.
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3.7 Computer Program

For the purpose of the present study, a computer program has been devel-
oped by modifying the subassemblage program of [12] for the analysis of planar
frames. This program has been run on the university’s IBM-3083 computer using
FORTRAN-T7T7 language. It uses an incremental-iterative algorithm for handling
the second-order elastic-plastic analysis of planar semi-rigid frames. Based on
the formulation detailed in the preceding sections, the program traces the full
load-deflection response and determines the ultimate load for the structure. The

following sections describe the important features of the present program.

3.7.1 General Layout of the Program

The computer program for the analysis of semi-rigid plane frames is based on
an incremental-iterative technique. The main steps followed by the program for
the analysis of a structure are shown in the flow chart of figure 3.15. The steps

involved are briefly discussed below:

Step-1: Read and Interpret Input Data
The input data which describes the problem is read and then interpreted in clear
terms so that any reader looking at the output can have an insight of the problem
being analysed. The input data necessary to define the problem can be classified

into three main groups, such as:

e General data
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e Section data

e Connection data

General data includes:

1. Geometry of the frame

2. Discretization of the frame

3. Boundary conditions

4. Analysis type and level of accuracy
5. Description of the applied loads

6. Specification of the imperfections
Section data furnishes following information:

1. Cross-sectional dimension of all members
2. Axis of bending

3. Material properties (stress-strain diagram)

Connection data supplies the B-spline co-eflicients for the M-¢ data of all the
connections used. B-spline co-efficients may be obtained using a NAG [82]
library routine available in the University’s computer network. Alterna-

tively a multilinear connection M-¢ relationship may be used.

A detailed description of the input data for this program is available in

reference [83).
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Step-2: Process Initial Imperfection
Geometric as well as material imperfections are processed in this step according
to the specified type of imperfection. The initial nodal coordinates along the

member and residual strains across the section are calculated.

Step-3: Load Vectors
The applied load is converted into a set of nodal generalized forces and assembled

to form the global load vectors.

Step-4: Stiffness Matrix and Boundary Conditions
The stiffness matrix is computed for each element using equation 3.24. The stiff-
ness of the semi-rigid end is evaluated following the connection M-¢ rule and
this stiffness is taken into account when the element stiffnesses are computed.
Following the standard transformation procedure, the element stiffness matrices
are transformed from local to global coordinates and assembled into the global

stiffness matrix. Boundary conditions are then imposed.

Step-5: Check for Stability
During each iteration before the solution of the stiffness equation is carried out,
the stability of the structure is checked by evaluating the determinant of the
structure stiffness matrix. A positive non-zero value of the determinant ensures

that the stiffness matrix is non-singular and the structure is stable.



CHAPTER 3 FORMULATION AND THE COMPUTER PROGRAM 58

Step-6: Solution of the Stiffness Equations
In this step the stiffness equations are solved to obtain the unknown nodal dis-
placements. The displacement values obtained from each iteration are added to

obtain the total displacement at any load stage.

Step-7: Member Forces
Once the displacements are known, the strains are evaluated using the strain

displacement matrix. Member forces are then obtained.

Step-8: Convergence Check
During each iteration in any load step, it is necessary to check the equilibrium
of the applied and resisting forces. If the difference is sufficiently small, then it
is assumed that convergence has been achieved for that load step and next load

increment is applied.

3.7.2 Computing Technique

The various steps in the computer program have been identified and described in
general terms in the preceding section. In this section computational techniques

involved in implementing some important steps will be addressed.



CHAPTER 3 FORMULATION AND THE COMPUTER PROGRAM 99

3.7.2.1 Computation of Element Stiffness Matrix

The element stiffness matrix is computed by adding the three components as

follows:-
[K7] = [KE] + [K&] + [K]] (3.40)

[KE] is the elastic stiffness matrix based on small deflection theory. [K(] is the
geometric stiffness matrix which depends on the axial force in the element and

[KL] is the large displacement stiffness matrix which depends on the deflected
shape at the start of the load increment. The mathematical expressions for each
of these components have been shown in equations 3.24 to 3.26 in integral form.
A numerical integration scheme was employed to evaluate these matrices. Four
gauss points along the element length were assumed in the scheme, so that the
cubic shape functions may be evaluated exactly. Elements which have semi-
rigid nodes require the connection stiffness to be evaluated. This is done by
determining the tangential stiffness, at the appropriate level, of the M-¢ curve of

the corresponding connection.

The element stiffness matrix evaluated in local coordinates needs to
be transformed into global coordinates before being assembled into the global

stiffness matrix. The transformation is carried out in the standard way [81], i.e.
[K7] = [T)7[K7I(T] (3.41)

where T is the transformation matrix defined by:

[ cos(a) sin(a) 0 0 0
—sin(a) cos(a) 0 0 0
0 0 0

[T) = (3.42)

cos(a) sin(a)
—sin(a) cos(a)

0 0

-0 O O O o

0
0
0
0

[== R R e R

0
0
0
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where a is the angle between the local and the global axes. Figure 3.16 shows
the local and the global axes for a general element and the local and global nodal

displacements.

3.7.2.2 Nodal Load Vectors

In the finite element analysis of structures using the displacement method, the
only permissible form of loading, other than initial stressing, is the application
of concentrated loads at the nodal points. Consequently it becomes necessary
for other forms of loading to be reduced to equivalent nodal forces, before the

solution can proceed.

The equivalent nodal forces for any element subjected to uniformly

distributed load of intensity,q can be formed as:
Fe = /L (V)7 qdz (3.43)

where F¢ = [Fy, F,.....,F,]T;and F: = [ N;gdz for i =1 ton;nis the number
of degrees of freedom per element.

For a concentrated load,P
Fe=[N]"P (3.44)

where F; = N;P for i =1 ton.

N; is evaluated for the value of x at which P is acting.

Using this standard procedure the equivalent nodal forces for any ap-
plied load can be worked out. The equivalent nodal load for each of the applied
loads is calculated and assembled into the global load vector after the necessary

transformation of the axes is performed.
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3.7.2.3 Solution of the Stiffness Equation

Once the stiffness matrix and the load vectors are assembled, the next step is
the solution of the stiffness equation for the unknown nodal displacements. The
nodal displacements cannot be determined uniquely without the substitution of
a minimum number of prescribed displacements to prevent rigid body movement
of the structure. Unless this is done mathematically, the [K7] matrix would be
singular, i.e. not possessing an inverse. The prescription of appropriate displace-
ments after the assembly stage will permit a unique solution to be obtained,
which means the equations are solvable if the boundary conditions are imposed.
In structural problems, the most common boundary conditions are those in which
some displacement components are restrained, i.e. §; = 0; where 6 indicates the
displacement and i corresponds to the particular degree of freedom. This condi-
tion can be achieved by assuming zero values in all but the diagonal element in
the row and column corresponding to the ith degree of freedom. The diagonal

element of the stiffness matrix is set to unity.

The system of equations is then solved by Cholesky decomposition [81].
As long as the structure is stable (i.e. positive non-zero diagonal elements in the

stiffness matrix) this method should yield the solution of the unknown variables.

3.7.2.4 Load Incrementation and Iteration Procedure

The way that nonlinear problems are tackled efficiently when using the finite
element method of analysis is by the use of an incremental iterative technique,
in which the external loads are applied in a number of increments. Within each

incremental step, load iteration techniques are employed so that the predicted
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response follows the actual response of the structure.

Incrementation of the load can be done to obtain any form of propor-
tional or patterned loading as will be discussed later in this chapter. The iterative
technique adopted here is a Newton-Raphson procedure. Because of the way the
section properties and internal forces are computed, it is necessary to keep the
number of iterations per load increment to a minimum and consequently the
choice of a modified Newton-Raphson procedure was not a favourable one, since
savings in computer time by a modified approach would have been wasted in
computing the section properties and internal forces for an increased number of

iterations.

At the beginning of each load increment the connection stiffnesses are
updated and the same values of the connection stiffnesses are used for the suc-

cessive iterations used in that particular load step.

Initially, a small displacement solution of the stiffness equation is ob-
tained for the first load increment with [Kg] and [KL] set to zero. The ele-
ment stress resultants are computed from the known displacements. The geo-
metric stiffness and large displacement stiffness matrices for the structure are
evaluated. The total resisting force is then obtained using the total stiffness,
Kr (= Kg + K¢ + K1) and the known displacements. The difference between
the resisting forces and applied forces represents a set of unbalanced forces for
the given configuration of the model. Knowing the set of unbalanced forces on
the model, the increment in nodal displacements can be obtained. The process
is repeated until the configuration of the model maintains equilibrium with the
applied loads to a sufficient degree of accuracy. The process is shown in figure

3.17.
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3.7.2.5 Convergence Criteria

Convergence of the numerical process to the nonlinear solution must be checked
after each iteration in order to ensure that the true solution is achieved. A global
convergence criterion is employed for unknown variables (displacements) as well
as the residual forces in each iteration. The numerical process is said to have
converged if the following condition is satisfied:

E?:l (X'.)2
?:l (K)2

x 100 < Tolerance (3.45)
In the above equation, n is the total number of degrees of freedom in the problem.
A tolerance of 1.0 (ie 1%) is considered to be adequate for most cases [84].

For checking unknown displacements X in equation 3.45 would mean the incre-
mental nodal displacements and Y denotes the total nodal displacements for any
load step.

For checking the unbalanced force vector, X and Y in equation 3.45 refer to the

unbalanced force and total applied force respectively [84].

3.7.2.6 Criteria for Critical Load

The load incrementation process described earlier is continued until the criti-
cal load level is reached; i.e. when the system becomes unstable. The critical

condition is identified in one of the following three ways:-

1. If the determinant of the global stiffness matrix is zero, the structure is
said to have reached a critical condition. If however, at any stage the
determinant is found to be negative, the program automatically steps back

two load stepsand reduces the increment size and in this way an adequately



CHAPTER 3 FORMULATION AND THE COMPUTER PROGRAM 64

accurate set of critical load values are obtained.

2. The second criterion uses the required number of iterations as an indicator
of an unstable state and is based upon the consideration that, as the load
level approaches the critical value, one or more out of balance member forces
may increase rapidly and fail to converge at all. Hence, if the number of
iteration cycles exceeds a specified value, the program will step back and

reduce the increment size.

3. In this third criterion, the value of the maximum relative drift, i.e. the
storey drift is used as an indicator of the critical state. Whenever the
relative drift is found to be larger than a specified limit, the program stops
further load incrementation and steps back to reduce the increment size

and proceeds as usual until failure.

3.7.2.7 Incrementing the Applied Load

The loading process is divided into a number of stages and within each load stage
a number of load increments of equal magnitude may be specified, or in any stage
some loads may be considered to be constant (i.e. maintaining the same value
as in the previous load step). This facilitates the application of proportional,

patterned or even cyclic loads.
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Mode | Element with Rigid Ends | Element with Semi-Rigid Ends
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86101 B52=(1-6;62)
1 1
6 .
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Ne=L(—r*+1°) N = (No(1 = 8;62) — Nabjen)

r = ¥, 0;as is the joint rotation at end b due to mode shape ‘a’

and 8, is the member end rotation at end b due to mode shape ‘a’.

Table 3.1 Mode shapes for elements with rigid and semi-rigid joints

at the ends.
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Figure 3.1 (a) Element degrees of freedom.

1 2
...... ]-...---.l E ?..-.g--.._..-_‘ O
'u 1 ! ' U2'

Figure 3.1 (b) Deformed shape of a semi-rigidly connected beam-column element.
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centroidal axis

Figure 3.2 Dividing the cross-section for calculating the properties of the section.
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Figure 3.3 Idealised stress-strain relationship of the material.
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Figure 3.4 Parabolic distribution of residual stress.
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Figure 3.5 Linear pattern of residual stress.
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Figure 3.6 Rectangular pattern of residual stress.
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Figure 3.7 Possible local imperfection types.
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Figure 3.8 Global geometrical imperfection for frame.
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Figure 3.9 Combination of local and global geometrical imperfections.
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Figure 3.10 Loading-unloading characteristics of flexible connections.

Figure 3.11 Simplified unloading model for connection.
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a) Actual beam-column joint.

o

b) Centre line model neglecting joint offset.

Figure 3.12 Actual joint versus analytical model.
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(b) Load-deflection curves for the subassemblage of (a) above.

Figure 3.13 Effect of connection offset [12].
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a) Actual beam-column joint.
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b) Centre line model with joint offset.

Figure 3.14 Joint offset model [12].
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Figure 3.15 Flow chart for the computer program.
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Figure 3.16 Local and global nodal displacements.
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Figure 3.17 Newton —Raphson procedure.
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Chapter 4

Verification of the Computer

Program in Non-Sway Mode

4.1 Introduction

In order to demonstrate the validity of the predictions of the present program,
it is necessary to make some comparisons of the predicted response with the
other established results. In this chapter, an account of such comparisons will be
made with reference to the non-sway case, whilst validation with the sway case
is dealt with in the next chapter. Comparison with some available analytical
work will be made first, followed by a further check against full scale frame test
results. Once necessary verification of the computer program has been carried
out, the program can be used for an extended investigation to study the influence
of various parameters, which would eventually obviate conducting extensive and

expensive experimental programs.

17
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4.2 Load Deflection Analysis

The computer program as described in the preceding chapter, can be used to
generate the complete load-deflection path for framed structures. The general
procedure for obtaining the load-deflection response in a second order analysis is
to apply load in an incremental fashion — allowing it to incorporate the changing

geometry as well as the presence of axial force.

4.2.1 Load-Deflection Response of a Perfect and Imper-

fect System

A complete load-deflection response of the non-sway portal frame shown in figure
4.1(a), is considered. Two concentrated loads of equal magnitude are applied
incrementally up to the failure of the frame. If the frame is geometrically perfect,
and if the loadings are such that no primary bending moments are present in
the members before buckling, there will be no lateral deflections in the members
until the load reaches the critical value, P,,. At the critical load, P,,, the original
configuration of the frame ceases to be stable and with a slight disturbance, the
deflections of the members begin to increase indefinitely. However, if the system
is not perfect, lateral deflections will occur as soon as the load is applied. The
latter system is suitable to trace a complete load-deflection curve. For the framed

columns of figure 4.1(a) three different cases have been considered:

1. Perfect system

2. Imperfect system — a sinusoidal initial shape of the column with an initial

deflection at column mid height equal to L/1000.
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3. Asin (2) with an initial deflection at column mid-height equal to L/10000.

A parabolic distribution of residual stress was assumed in all the members of the
frame of figure 4.1(a). The results of the three cases (1), (2) and (3) have been
presented in figure 4.1(b). For perfectly straight columns the behaviour represents
a case of bifurcation, where the columns remain perfectly straight throughout the
loading history and start to deflect without bound when the critical state has been

reached.

With a specified imperfection, the columns start to deflect with the
application of load and traces a definite load-deflection path — depending on the
magnitude of the imperfection as shown in figure 4.1(b). It can be noted that
whatever be the load-deflection path, the ultimate load carried by the column is

virtually the same, in all three cases.

The columns of the portal frame shown in figure 4.1(a) can be idealized
as a single isolated column as shown in figure 4.1(c). With an initial out-of-

straightness of the form of a half sine-wave defined by

Yo = 60 sin (%)

where & is the amplitude of the crookedness at the mid-height of the column and

L is the length of the column.

Writing the differential equation of equilibrium and solving with ap-
propriate boundary conditions it can be shown that the lateral deflection of any

general point at a distance z from the origin is given by [68],

P

P . T
V= (15,,) dosin ()

P.
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where P is the applied load and P, is the Euler buckling load.

At a load level of P=100 kN and an initial central deflection of L/1000, the
lateral displacement (relative) at the column mid-height is computed as 0.230
mm against the program predicted displacement of 0.235 mm, differing only by

slightly over 2 per cent.

4.2.2 Effect of Increment Size in a Load Deflection Anal-

ysis

As described earlier, the incremental itererative approach used here allows the
load increment size to be large enough not to become an economic hazard, in

terms of CPU time.

Figure 4.2(a) shows the result of the study by Tebedge and Tall [85]
emphasizing the effect of load increment size in a simple incremental technique. A
cantilever column with an initial out-of-straightness assumed as vo = (1—cos(%Z))
was analysed up to failure for a free end initial deflection value, vg, of L/500.
Clearly the results of Tebedge and Tall are improved as the load increments
become smaller. On the contrary, figure 4.2(b) shows the result of an incremental
iterative approach using the present program. The problem in this case involves
the analysis of the pinned portal shown in figure 4.1(a). Each column with a
specified initial out-of-straightness of L /1000 was loaded by a concentrated load
at the upper end. Use of three different increment sizes namely 10kN, 20kN, and
30kN produced essentially the same load deflection response. The displacement
plotted here is the lateral deflection at the middle height of the column. A

comparative estimate of the CPU time is also included in figure 4.2(b) for the
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three cases considered. The marked reduction in CPU time, to less than 49 per
cent of the reference level for a change in increment size from 10kN to 30kN was

observed without noticeably losing any accuracy.

4.3 Behaviour Under Uniformly Distributed Load

As no test result can be found for a frame with semi-rigid connection under
uniformly distributed loads attempts have been made only to demonstrate the
response of a simple portal frame subjected to uniformly distributed beam load.
Two idealized cases of joint behaviour are considered i.e. the rigid joint and the

pinned joint.

The non-sway portal frame of figure 4.3(a) was subjected to uniformly
distributed load up to failure. Two extreme joint conditions, namely the rigid
and the pinned have been considered for the beam-to-column connections. Com-
plete load-deflection responses for both of these cases were obtained. The load-
deflection response for the rigid case is shown in figure 4.3(b) and for the pinned
case is in figure 4.3(c). Both figures also include the responses obtained from
another program [86] available in the department, which is regarded to be a reli-
able code for the analysis of rigid frames. Excellent correspondence in the elastic
range can be observed between the results obtained from the two sources indi-
cating that the general procedures for uniformly distributed load representations
are reliable. However, in the inelastic region, the present program underestimates
the ultimate load when compared to the prediction of ref [86]. Since the mod-
elling of the inelastic action is approximate in the both cases some differences in

behaviour can be expected. This matter will be addressed later in this chapter
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in the context of comparison with the experimental results.

4.4 Comparison With Full Scale Frame Tests

In this section, comparison between the experimental and the analytical results
will be reported. Tests on full scale frames are expensive and are therefore limited
in number. There had not been any test results available for full scale semi-rigid
frames until 1986, when Building Research Establishment (BRE) in a joint project
with Hatfield Polytechnic and the University of Sheflield conducted a series of
five full scale frame tests to study the influence of flexible connections on the
overall frame behaviour. The two of these tests were conducted by Davison [32]
as the Sheflield University part of the study and are referred to as Sheffield
University Frame-1 (SUF1) and Sheffield University Frame-2 (SUF2). In the
following sections comparison of results of SUF1 and SUF2 with the predictions

of the present program are made.

4.4.1 Description of the Test Frames

SUF1 and SUF2 are two dimensional frames fabricated with the same sections
and connection components as previously used in the connection tests by Davi-
sion [32]. This was done in order to ensure that an appropriate measure of con-
nection stiffness could be accounted in the frame behaviour, from the replicated
connection tests. The main structural members were of the same size, 254x102
UB22 beams and 152x152 UC23 columns. In SUF1, the beams were connected

to the column flanges, while in SUF2 the beams were connected to the column
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webs. In both cases top and bottom flange cleat connections were used. Figure
4.4(a) and 4.4(b) show the layout of the frame as tested and as viewed from the
laboratory balcony. The frames were two bays in width, each 4.95 m wide and
three stories in height — each 3.6 m high. These dimensions were chosen in the
reference [32] as being representative of office construction and suitable for the

beam size selected as well as conforming the available space in the laboratory.

Both frames were tested in the non-sway mode. Out-of-plane buckling
and lateral displacements were prevented by bracing. Figure 4.5(a) shows the
beam, the column and the frame bracing positions. Each column had a fixed

base detail with a heavy base plate securely bolted to the strong laboratory floor.

Figure 4.5(b) shows the nomenclature used for the frames in general,
and will be referred accordingly in the remaining part of this chapter. Each
column and beam section was measured at regular intervals along its length.
Cross sectional dimensions and properties of the beams and columns as measured

before the actual test was conducted, appear in Appendix A.

Material properties like yield strength and modulus of elasticity varied
widely from section to section as listed in [32]. An average yield stress of 285
N/mm? and modulus of elasticity of 210 kN/mm? can be regarded as reasonable

for any interpretation of the test results.

Davison carried out residual stress measurements for a number of lengths
taken from the columns used for the frame tests. The results of these tests in-
dicated that residual stress distributions were rather erratic along the column
length and, as such, no set pattern could be selected as being representative

of residual stress in columns. The cause for this was attributed to the roller
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straightening process.

The test frame had initial deflected shapes as described in figure

4.6(a) and (b) for frame 1 and frame 2 respectively.

The loading system was arranged in such a way that each beam was
loaded independently at the quarter points by a spreader beam. Axial loads in
the columns were also applied independently to the heads of the column. The
frames were adequately instrumented in order to measure the applied loads, the
distribution of forces round the frame, the deflections and the moment-rotation
responses of the connections. A total of five main tests were performed on these
Sheffield University Frames SUF1 and SUF2. These tests have been referred to
elsewhere [87] in the generic name SUFxy. For example, SUF12 would mean
frame 1 test no. 2 and so on. A brief account of the procedures of two of these

tests, the results of which have been considered here for comparison follows.

4.4.1.1 Test Procedure for SUF12

In this major axis frame test (where the columns were bent about their major
axes) the columns were loaded to failure under a combination of beam loading and
column loading applied to the two three storey high columns as in figure 4.4(a).
The five beams of SUF1 were loaded incrementally to a level corresponding to the
unfactored dead loads. Beams 2, 3, 4 and 6 were again incrementally loaded to
levels corresponding to factored dead and imposed loads, while beam 5 was kept
at unfactored dead load. At the end of beam loading, direct axial loadings were
applied at the top of the column in positions 2 and 3 to 250 kN in five increments.

The column in position 2 was then loaded to failure while the load on column 3
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remained constant, after which column 3 was also incrementally loaded to failure.

The axial deformations on both columns were then released, the beam
loads reduced to 53 kN per beam and eventually all loads removed from the

structure.

4.4.1.2 Test Procedure for SUF22

This was a test where columns were bent about their minor axes. As in the case of
SUF12, the beam loadings were carried out in the same fashion. After the beam
loading phase, the three columns were loaded under axial deformation control
in three increments of 1.0 mm and the resulting applied loads were recorded.
Column 1 was then axially deformed to failure in successive increments of 1.0
mm initially and 0.5 mm near failure. Column 2 was then similarly loaded to
failure, after which the applied column loads and beam loads were removed, in

that order.

4.4.2 Comparison of the Test Result with the Prediction

of the Present Program

The tests described in the preceding section have been modelled by the present
program. For the analytical model the modulus of elasticity of the material was
taken as 210 kN/mm? and a yield strength of 285 N/mm? was assumed. The
cross-sectional dimensions for the members were taken as the average value of

the dimensions measured before the test.

The connections in the analysis were modelled as semi-rigid joints rep-
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resented by the B-spline fitting of the experimentally obtained moment-rotation
curves shown in figure 4.7. It should be mentioned here that the M-¢ relation-
ships shown here are the outcome of replicate connection test carried out by
Davison [32], before the frame tests have been conducted. Davison [32] and later
Mugisa [87], both analysed the results of the frame tests and concluded that
the connections in the frame behaved more or less in a similar fashion as they
did in the connection tests, a fact also corroborated in the 3-D test scheme by

Gibbons [88], especially in the case of a loading connection.

The loading pattern was chosen to be close enough to that adopted in
the test schemes. Tables A.1 and A.2 of Appendix A, show the beam loading
history of the major and minor axis frames respectively and table A.3 presents
the loading history for the analytical model. Comparison of the analytical and

experimental results on SUF1 and SUF2 are presented below:

4.4.2.1 Sheffield University Frame 1

The response of the beams of frame-1 under the beam loading phase appears
in figure 4.8(a) to 4.8(e). The load deflection curves obtained from the test
and analysis are plotted with the quarter point load value against the central
deflection of each beam. Deflection of the beams are reported relative to their

ends.

After the beam loading phase, columns in position 2 and position 3 were
loaded up to an additional value of 250 kN each. Load on the external column
was then held at 250 kN while the central column was progressively loaded to

cause failure. The central column was failed at an additional load of 550 kN -
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against a test failure load of 483 kN.

In a separate run, both of the above columns were loaded up to an
additional 250 kN each in the same way, after which the external column was
loaded up to failure, keeping the load on the central column at 250 kN. This
resulted in a failure load of 610 kN (additional) for the external column. The

corresponding failure load obtained from the test was 623 kN.

The latter scheme is slightly different from the test loading, in the sense
that during the test the central column was loaded up to 483 kN (which is the test
failure load) and then released to a value of 415 kN, while loading on the external
column was started to cause its failure. In order to check whether this difference
really matters or not, another run was made where the central column was loaded
up to 490 kN (loading up to a level of 250 kN column load on either column was
done as in the previous cases) and then the external column loaded up to failure.

This also produced the same failure load of 610 kN as in the previous case.

Table 4.1 compares the additional column load required to fail the
external and the central column of frame-1 with the corresponding test values.
Prediction of the computer program SERVAR, as reported in reference [32] is
also included in the table. The superiority of the present program is clearly
demonstrated. However, the factors which might have caused these differences

in failure load will be discussed later in section 4.4.3.

Figure 4.9 shows the comparison of the load-deflection response of col-
umn 7. The load transmitted to the column was plotted against its central
deflection. The difference in column response to the beam loading phase and col-

umn loading phase is clearly apparent. The predicted response is fairly close to
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the experimental results. During the column loading phase the prediction of the
displacements is slightly higher than that of the test. Similar behaviour were also

reported by Davison when he analysed the frame with the program SERVAR.

The bending moment distribution around the frame at a beam load
level of 54 kN per beam is compared in figure 4.10 with the bending moments
obtained from the test at or near the same applied load. A good correspondence

between the test and the predicted values can be seen.

4.4.2.2 Sheffield University Frame 2

A comparison of the predicted response of the minor axis frame with the test
result is reported here. The beam loading was applied in a similar way as in the
test SUF12, but the exact values of the applied loads in different stages appear
in table A.3. A comparison of these values with the applied test load (table A.2)
would show some difference, although this should not have any bearing on the

predicted response.

The responses for beams nos. 1 to 6 are reported in figure 4.11 (a)
to 4.11 (f). As in the case of SUF1, the load-deflection response reported here
shows the beam quarter point load as the ordinate and the central deflection on
the abscissa. Beam deflections are measured relative to their ends. The predicted
responses compare favourably with the measured responses, given the limitation

of the comparison made herein and which is discussed later in this chapter.

Upon completion of the beam loading, the external columns were loaded
up to a load of 150 kN each and the central column was loaded with 120 kN,

after which column in position 1 was loaded up to failure. A failure load of 540
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kN was observed. During the test the column in position 1 sustained a load of

451 kN.

When column in position 2 was loaded to failure (with loads on the
other two columns kept constant at 150 kN), a failure load of 470 kN was predicted

against an observed test failure load of 412 kN.

Table 4.2 tabulates the failure loads for both test and analysis for col-
umn in position 1 and 2. The predicted failure loads for both external and internal
columns were higher than the actual load sustained by these columns in the test.
For the external column the actual failure load was 84% of that predicted and for
the central column this figure was 88%. Considering the limitation of the present

comparison (see sec 4.4.3) this difference is not very significant.

The load-deflection behaviour of the column in position 1 is represented
by plotting the load in the top lift (column 1) against the central deflection of
the same column as shown in figure 4.12 (a). A close prediction of the column’s
central deflection is noticed during the beam loading phase and in the early part
of the column loading phase up to a load of 300 kN in the column, after which the
test column begins to soften rapidly leading to failure. However, the analytical
results show a rather stiffer response in this top lift column. The initial shape of
this column (see figure 4.6) coupled with the presence of any residual stresses in

the section might have contributed to its soft response in the test.

The load deflection behaviour of the central column is presented by
plotting the load against the central deflection of its middle lift (ie column 5)
in figure 4.12 (b), which shows good correlation between the predicted result

and the test performance. In the analysis this central column shows virtually
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no lateral displacement up to the application of unfactored dead load in all the
beams. After that, when the unsymmetrical loading has started, the column
started to deflect rapidly and continued to do so until the end of beam loading.
In the third phase of figure 4.12(b) the response of the column can be observed
under column loading which shows a fairly stiff load-displacement behaviour. On
the other hand, although the test response follows the same behaviour initially,
it tends to deflect more than its analytical counterpart. One of the reasons for
this can be appreciated by noting the actual initial shape of the test column as
shown in figure 4.6. For this particular column the initial shape was favourable

to the applied beam loading pattern.

4.4.3 Limitation of the Comparison

The comparison presented in the preceding section will now be examined in order
to establish the extent to which the finite element model developed here repre-
sent the physical tests. It must be emphasized that an exact reproduction (or
duplication) of physical tests by any analytical approach is never possible due to
the complexity of the problem, the variability of the physical parameters, and
the inevitable variation in material, fabrication process as well as measurement
during the test. However, sound judgement to interpret the acceptability of any
such result should be based on adequate consideration of the extent to which
the above mentioned factors have been nullified. In the context of the present
problem, an account of the factors that might have influenced the result is made

here:
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1. The physical properties of the cross-section as well as the material prop-
erties varied over a considerable range in the tests (see Appendix A). The
wide variability in material and member properties normally encountered
in practice are reflected. Although analytical modelling covering this vari-
ability is beyond the scope of this study, a knowledge about extent of this

variability would be helpful for the understanding of the results presented.

2. The moment-rotation behaviour of the connections are reported [32], [87]
to be similar in the frame and in isolated beam-column assembly. Based
on this premise, the analysis program utilizes the M-¢ characteristics of
the connections as obtained from the connection test [32], which was a
cruciform arrangement test and are therefore representative of the interior
column connections. However, as no relevant M-¢ relationship appropriate
to the external column connections (cantilever arrangement) were available,
the same behaviour has been assumed for all the connections irrespective

of whether it was an internal or an external connection.

3. Residual stresses present in the off-cuts of the column were heavily influ-
enced by cold straightening of the section [32]. As no well defined pattern
could be assumed, these residual stress were in fact not included in anal-
ysis. However, this should not be an important short-coming during the
beam loading and early part of the column loading, when all of the sections
remain essentially elastic. The early softening of the central column during
the test could be attributed to the presence of residual stress, which might
have caused an earlier onset of material nonlinearity and a corresponding

reduction in column strength.
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4. The initial shape of the columns were not straight, neither they were ini-
tially deflected in a fashion that could be included in the present analysis.

So in analysis, the columns were assumed to be initially straight.

5. The loads applied at the column head during the test were in fact act-
ing eccentrically due to the rotation of the column stub above top beam
level [32]. This will have induced some additional moment at the column

head, resulting in a lower test load than the analytical prediction.

4.5 Concluding Remarks

In this chapter the predictions of the computer program, described in chapter 3,
were compared with the available results. Comparison was made against analyt-
ical, numerical as well as full-scale test results in non-sway situation. Results of
the comparisons have been critically examined and discussed. It is found that the
prediction of the present program is reasonably accurate in representing the be-
haviour of flexibly connected frames. The program was, therefore, judged suitable

for conducting extensive parametric studies.
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Column Test | Present program | SERVAR
designation [32]

Ext. Col | 623 kN 610 kN 735 kN
Central Col | 483 kN 550 kN 609 kN

Table 4.1 Comparison of the additional column failure loads for SUF1.

Column Test | Present program | SERVAR
designation [32]

Ext. Col | 451 kN 540 kN N/A®
Central Col | 412 kN 470 kN N/A®

SDoes not allow a minor axis bending to be examined

Table 4.2 Comparison of the additional column failure loads for SUF2,
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Figure 4.1 (a) Pinned portal used to generate load-deflection response
for the column.
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Figure 4.1 (b) Load-deflection behaviour of geometrically perfect and imperfect
concentrically loaded column of figure 4.1(a).
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Figure 4.1 (c) Pin-ended idealized column with geometric imperfection.
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Figure 4.2 (a) Effect of number of load increments in simple incremental
technique (85].
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Figure 4.2 (b) Effect of increment size in the iterative incremental analyses.
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Figure 4.3 (a) Portal frame considered for comparison of the response of the
present program with that of the computer program INSTAF [86].
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Figure 4.3 (b) Comparison of the load-deflection response for rigid portal of
figure 4.3(a). '
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Figure 4.3 (c) Comparison of the load-deflection response for pinned portal of
figure 4.3(a).
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Figure 4.4 (a) Descriptioﬁ of test frame SUF1.
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Figure 4.4 (b) Description of test frame SUF2.
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All columns are 152x152 UC23
All beams are 254x102 UB22

(Dimensions are in mm)

Sec X-X

All columns are 152x152 UC23
All beams are 254x102 UB22

(Dimensions are in mm)

Sec X-X
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Figure 4.5 (a) Frame bracing locations (in-plane).

Position 1 Position 2 Postion 3
B1 B4
C1 C4 C7
B2 B5
C2 C5 Cs
B3 B6
C3 (o] Cs

Figure 4.5 (b) Frame nomenclatures.
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Figure 4.7 M-¢ behaviour of the connections used in the frame tests.
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Figure 4.8 Comparison of the beam load-deflection response for SUF1.
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Figure 4.8 Comparison of the beam load-deflection response for SUF1.

Load, kN
800

—— Test — Present Analysis
700

600

500

400

300

2001

100+ s End of beam load

0 0.5 1 16 2 265 3
Deflection, mm

Figure 4.9 Comparison of the column (C-7) load-deflection response for SUFI.
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Figure 4.10 Comparison of the bending moments around the frame for SUFI.



CHAPTER 4

Load,kN

70

40

30+

20

—+— Present analysis
—*— Test

o i 1 1 1 1

0 ] 10 16 20 25

Detisction, mm

{a) Beam 1

Load, kN

30

70

40 -

30

—— Test

—+ Present Analysis

0 1 1 1 1 1
0 5 10 15 20 25
Deflection,mm

(c) Beam 3

30

VERIFICATION IN NON-SWAY MODE 105

Load,kN
0

80

40}

30

—+ Present analysis
—*— Test

o 1 J Il 1 L
(o] [ 10 15 20 25
Detlection,mm

(b) Beam 2

Load,kN
0

30

60

40

30

—+ Present analysis
—— Test

o 1 1 1 1 A 1
[+] &5 10 15 20 25 30
Detlection,mm

(d) Beam 4

Figure 4.11 Comparison of the beam load-deflection response for SUF2.
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Figure 4.11 Comparison of the beam load-deflection
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Figure 4.12 Comparison of the column (C-1 and C-5) load-deflection response

for SUF2.
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Figure 4.13 Comparison of the bending moments around the frame for SUF2.



Chapter 5

Verification of the Computer

Program in Sway Mode

5.1 Introduction

In the preceding chapter the computer program described in chapter 3 was verified
by comparing the predicted response with the observed response for frames in
the non-sway mode. In a sway restrained case deformations are produced by the
gravity loading only. Such deformations are mostly independent of the secondary
effects (only P-§ effect is present but not P-A) and are associated with connection
behaviour which can be adequately represented by the simplified unloading model
adopted in chapter 3. But, in an unbraced frame, secondary effects are more
pronounced and connection loading-unloading characteristicneed to be modelled
in a more sophisticated way especially to handle cyclic loadings. Thus it is

necessary to adopt a proper connection model and to show the validity of the
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program in the following cases as well:

o Frames loaded by lateral loads
e Frames loaded with both vertical (gravity) load and lateral (wind) load.

e Frames loaded cyclically in the lateral direction to show reliability of the

program when connections operate by successive opening and closing.

Unlike for braced frames, the testing of full scale unbraced frames is
particularly rare because of inherent difficulties associated with the testing of
such frames, in particular testing up to failure could give a potentially dangerous
condition. The only known test scheme on flexible sway frames on half scale
experiments are due to Stelmack [89]. Results of the various tests carried out by
Stelmack at the University of Colorado hawbeen made available to the author by

the courtesy of Prof. K. H. Gerstle.

A brief description of the tests appears in the next section. A de-
scription of the analytical model and comparison of the predicted and observed
responses are made subsequently. The findings of this chapter will also highlight

the semi-rigid frame behaviour in cyclic loading cases.

5.2 Description of Frame Tests

5.2.1 General

Stelmack [89] conducted a total of ten tests on two different frame configurations,

a one-storey, two-bay frame and a two-storey, one-bay frame. Using these two
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geometrical shapes with various combinations of connection size and loading con-
ditions different tests were conducted. Table 5.1 summarizes the various tests,
and figure 5.1 and 5.2 show the geometric dimensions of the two configurations

considered.

The test frames were fabricated from beam and column members of
A36 steel W5 x16 wide flange (US nomenclature) sections. The column bases
were pinned. The particular arrangement made at the column base is shown in

figure 5.3(a).

The connections used in the frame tests were bolted flange cleat (top
and seat cleat as in US) connections. Some of the frames were tested with 1/2
inch thick angles while others had 1/4 inch angles (see table 5.1) made from A36
steel. Details of the beam-column connection are shown in figure 5.3(b). Tests
on the connections were performed by Stelmack in identical conditions to those
of the frame tests. The moment-rotation characteristics of these two connections
appear in figure 5.4 and figure 5.5. The tri-linearization parameters as proposed
by Stelmack on the basis of four preliminary frame tests are also shown in the

corresponding figures.

The cyclic lateral load was applied statically to the frames, i.e.the rate
of application was slow enough so that dynamic effects need not be considered.
Some of the tests were performed with lateral loads only, while some included
both lateral and gravity loads (see table 5.1). The gravity load of 2.4 kip (10.68

kN) each were applied at locations shown in figures 5.1 and 5.2.
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5.2.2 Choice of Tests for Comparison/Validation Pur-

pose

As already mentioned that a total of 10 tests were conducted for various combi-
nations of frame configuration, connection size and loading history. Attempts to
model all of these tests analytically is neither possible nor warranted under the
purview of this study. The author therefore made a choice of four tests from the
reference, namely test-1, test-6, test-9 and test-10 and these will be referred by
the aforesaid names for the remainder of this chapter. These tests were chosen
because an in-depth description of these four tests was readily available in the
reference [89] and they covered the whole spectrum of essential variables. Two
of these tests are on one-storey, two-bay and the other two tests on two-storey,
one-bay frames having combination of 1/2 inch and 1/4 inch connections and

with and without gravity load.

5.3 Analytical Modelling of the Test Frames

A description of the analytical modelling of the test frame is given in this section.
The frame dimensions and the finite element idealizations for the one-storey, two-
bay frame and the two-storey, one-bay frame are shown in figures 5.6 and 5.7. The
column feet were assumed to be frictionless pins. The value of the elastic modulus
was assumed to be 20000 kN/cm? (29000 ksi) as supplied by Stelmack. The
member flexural rigidity was computed as EI=17550000 kN-cm? and an area of

A=30.19 em?2 was taken from the tabulated standard cross-sectional dimensions for

W5x16 sections. Since no measurements of the actual cross sectional dimensions
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of the test members were reported in the reference the standard dimensions have
been assumed for the members from the AISC manual [2]. No mention of
the initial frame member shape was made in the reference, so members were
assumed to be initially perfect. As mentioned in chapter 3, in the present program
connection stiffnesses are evaluated only at the beginning of any load step, while
this should be satisfactory for monotonic loading scheme, special attention is
needed if cyclic loading is used. However, this problem can be avoided if at the
point of each load reversal, the load steps are kept fairly small. This technique

is illustrated in figure 5.8.

5.4 Modelling of the Connection Behaviour

As stated in chapter 3, the present program utilizes a B-spline curve fitting
through the experimental M-¢ data points and calculates the stiffness of the
connection at any load level tracing the full nonlinear path of the connection
behaviour. Unloading of the connection takes place depending on the loading
pattern or as failure is approached and consequently an unloading stiffness is re-
quired which is evaluated as being equal to the initial stiffness of the connection.
While this approach will handle most monotonic loading schemes (whether grav-
ity or lateral wind load), special routines are necessary to deal with the cyclic

loading pattern as adopted in Stelmack’s test program.

Moncarz [90] used a tri-linearized model for the connection M-¢ re-
sponse in his linear elastic frame analysis program. The analytical prediction of
the Moncarz’s program was verified by the test results of Stelmack. For this rea-

son the author decided to implement Moncarz’s connection model in the present
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program to enable the analysis of frames subjected to cyclic loading patterns.
Moncarz’s model was based on the assumption that the basic connection param-
eters required for analysis can be obtained from monotonic connection behaviour.
The three stiffnesses k;, k2, k3 and two limiting moment values M,; and My that
are necessary to define these stiffnesses are shown in figure 5.9. The model makes

the following assumptions:

1. Equal positive and negative branches of the initial response curve
2. Unloading will take place elastically with modulus &;.
3. Equal positive and negative strength envelopes.

4. Constant elastic range, equal to twice the initial elastic length [M,,] in one

direction.

The moment-rotation hysteresis showing these characteristic assumptions appear
in figure 5.10. In order to simplify the analysis piece-wise linear segments are
used to represent the connection M-¢ behaviour. This connection behaviour is
shown in figure 5.11. Figure 5.12 shows the connection model response to an

arbitrary load history.

Under a general cyclic loading, the moment-rotation path traversed
by a typical connection under the assumption above and shown in figure 5.12
is explained below. The connection starts from a zero moment at the elastic
stiffness k; and continues to load at that stiffness up to a moment of M. If it
starts unloading at any point 1 (below M,;), it would unload, elastically through
the origin, back to a point say 2. If the load is reversed now the connection will

move towards the first quadrant maintaining the stiffness of k; up to M. If the
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loading continues in the same direction past M,,, a stiffness of k; is assumed, until
the moment reaches a value of My. Now, say the load is reversed from point 3,
elastic unloading (with a modulus = k,;) will take place until the moment drops
by twice the value of M. If it goes further the stiffness of k; is assigned. At
point 4 (say) if the load is reversed unloading will take place in a similar fashion
to that of unloading from point 3. If the loading is in the same direction and
continues past My, a stiffness of k3 is assumed until the load is again reversed
at point 5 (say). The unloading response from point 5 is similar to that from
4, i.e.unloading at k; for a distance of twice the elastic limit M,; and then by
stiffness k; until the lower bound stiffness of k3 is reached. The elastic unloading

to point 7 and back to point 8, through point 6 is simple to follow.

The connection model proposed by Moncarz was confirmed by the work
of Marley [80]. Figure 5.13 shows the measured and the analytical moment-
rotation curves for a pair of 4 in x 4 in x 1/2 in angles, 5 in long, connected by

3/4 in dia A-325 bolts to W5x16 members.

5.4.1 Connection Data

Marley [80] carried out a study on 1/2 inch and 1/4 inch top and seat angle
connections with W5x16 members (connection and members similar to those

used in Stelmack’s test frame). His study showed that:
1. There is no apparent difference between the response of an interior and an
exterior connection.

2. There is no apparent difference in the response of a connection whether it

is loaded symmetrically or anti-symmetrically.
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Therefore, he postulated that a single set of connection parameters (M, My,
ki, k2, k3) may be used for a connection in any analysis regardless of its loading

or location within the frame.

Stelmack [89] carried out 4 preliminary frame tests (two with 1/4 in
connections and two with 1/2 inch connections). The average values of the con-
nection parameters (My, My, ki, ka, k3) are thus obtained by Stelmack and
are shown in figure 5.4 and figure 5.5 for 1/4 inch and 1/2 inch connections re-
spectively. Stelmack’s chosen connection parameters are shown with the bounds
provided by Marley [80] in figures 5.14 and 5.15 in order to demonstrate possible
scatter in connection response that might occur in the actual tests. Marley ob-
served that initial stiffnesses of the connection vary within a factor of two among

the replicates.

5.5 Comparison of the Test Results and the

Analytical Predictions

A comparison of the analytical prediction and the test results for tests 1, 6, 9,
and 10 will be reported in this section. In each case, a brief description of the test
will be given first, followed by presentation of test and analytical results. Since
only the hard copies (Graphical) of the test results were available to the author,
and not the explicit test results, it was deemed appropriate to present the results
of the test and the analysis on separate sheets in general. This certainly would
avoid the clumsiness considering the complicated nature of the loading, but still

providing the necessary information to the reader. However, some segments of
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test and analysis results will be shown on overlay plots at an enlarged scale.

5.5.1 Comparison with the Result of Test 1

The frame geometry of test 1, as appears in figure 5.1, is a two-bay, one-storey
configuration. The connection was of 1/4 inch size (see figure 5.1). There were no
gravity loads applied during the test and the lateral loads were applied cyclically.
The load history consisted of cycles of equal positive and negative magnitudes of
Q beginning at 0.25 kip (1.11 kN) and increasing to 0.5 kip (2.22 kN) increments
to 3.0 kip (13.34 kN). The + 2.0 kip (8.90 kN) and + 3.0 kip (13.34 kN) cycles were
repeated twice in the test to examine the stability of the cycles. The load values
specified were only nominal, since during the test if it so happened (observed)
that the required load value was likely to cause a displacement much larger than
the anticipated value, then further increase in load was stopped and load was
reversed to continue the cycle. For this reason the applied load cycles in the test
were symmetrical only in a nominal sense. The £3.00 kip (13.34 kN) was actually
+3.0 kip and -2.51 kip.

The analytical simulation of the load cycles were, however, perfectly
symmetrical, i.e.they matched the nominal load values designated in the test and

not the actual test values.

The test results in the form of lateral load vs.lateral displacement at the
1st floor level appears in figure 5.16. The predicted load-displacement behaviour
for the same frame is shown in figure 5.17. Comparison between these two figures
reveals that the predicted response matches the actual response very closely.

As no gravity loads were applied in this test and the members were meant to
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remain elastic, the only source of nonlinearity is due to the connection M-¢
behaviour. Since the connections in the analytical model were represented by a
series of straight lines to simulate the true nonlinear M-¢ behaviour, the predicted
response tends to follow distinct linear ranges of stiffness — as opposed to the
smoother behaviour observed in the test. However, despite this difference, the
deformations are predicted quite accurately, as can be seen by comparing the
deflection values in almost all the controlling points. Reference [89] notes that
beyond a displacement of 1 inch, the test response was somewhat softer because

of the ‘kinking’ action of the connection.

The repeated cycles of £ 2.0 kip and =+ 3.0 kip were found not surpris-
ingly to be 100% stable in analysis and they were also reasonably stable during

the test.

One other feature of the test needs to be mentioned here, that is the
test was conducted to a deformation many times the allowable value of the ser-
viceability limit specified by the most codes. The allowable lateral deflection of
h/300 corresponds to a deflection value of 0.22 inch or 0.56 cm for this frame .
This bound is achieved within the first 3 cycles. Because of the clumsiness of
the load-deflection loops in the initial cycles of the test and analysis it was felt
necessary to show a comparison of the test and analytical prediction at or near
the L/300 limit in a magnified scale. This is done by an over-lay comparison
of the first 4 cycles of the test and analytical load-deflection loops as shown in
figure 5.18 (a) to (d). In cycles 1 and 2, elastic unloading takes place both in
analysis and in the test, within the initial stiffness (k;) range of the connection.
The analytical model simulates a true replica of the actual frame behaviour as

can be seen from the indistinguishable test and analytical response in these two
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initial cycles.

Cycle 3 marks the onset of nonlinearity in the analytical as well as in
the test load-deflection response. Because of this nonlinearity, inelastic unloading

took place. The predicted loop matches closely the observed test response.

Load cycle 4 produces a deflection more than twice the allowable limit
(L/300). Given the various approximations involved in the analytical model and
also considering the non-ideal response that might have been observed in the
test, the correspondence between the test resultsand the predicted results are

very satisfactory.

5.5.2 Comparison with the Result of Test 6

The frame configuration for test-6 was a two-bay, single-storey frame as shown
in figure 5.1. The angle connections were 1/2 inch thick and gravity loads were
applied on both bays. The lateral load cycles were started with = 0.5 kip, and
then cycled at the following values: + 1.0 kip, & 2.0 kip, & 4.0 kip, £ 6.0 kip, £+
8.0 kip, + 10.0 kip and =+ 4.0 kip. The lateral load was then increased to +8.0 kip
and back to -2.5 kip, where gravity loads were removed, and two final cycles were
applied between +6.0 kip and -4.0 kip. As mentioned before, these values are
only nominal values. In the analytical modelling, however, these nominal values

have been simulated.

The load displacement response for this test is shown in figure 5.19 and
the corresponding prediction appears in figure 5.20. The load history in this case
is quite complicated so is the load deflection response. There have been quite a

number of sharp discontinuities in the test response beyond a load of 6 kip (26.69
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kN) which was reported to be due to bolt slip in the connections. It was observed
that the bolt slip occurred resulting in the sudden drop in load and the bolts then

became bearing connectors as a result of which the load picked up again.

In the initial cycles, the correspondence between the test and the pre-
dicted response is very good. The enlarged plot of the predicted load deflection
relationship is in figure 5.21 for the initial 5 cycles i.e.up to a load of £6.0 kip
(26.69 kN). Table 5.2 compares the controlling deflection values between the test
result and the predicted results for these 5 cycles. Within the range of + 6.0 kip,
the deflection reaches some 4 times the allowable value of L/300. It can be seen
from figure 5.21 and table 5.2 that predicted response matches the test response

quite accurately.

Beyond the range of 6 kip, the test response is softer than the analytical
model. Larger deformations resulted from bolt slip which occurred during the
test and some discrepancy in the predicted and observed response are noticed
in the later cycles. It can be seen that unloading stiffness, in the test, is not
elastic for as long as is predicted. This makes the predicted response stiffer in the
negative side resulting in a predicted negative displacement much less than the
test value. This error is carried forward as load is applied again in the positive

direction.

The connection model adopted here assumes a fairly long (constant)
elastic unloading irrespective of the location of the point of unloading. Although
this assumption gives satisfactory results up to a deflection many times the L/300
limit (in this particular case 4 times), unloading from a point after a certain
plastic deformation, as appears from the test result, seems to have a smaller

elastic segment. No specific pattern can be identified here and further studies are
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needed to confirm this behaviour.

5.5.3 Comparison with the Result of Test 9

This test involved the two-storey frame with 1/2 inch thick connections. No
gravity load was applied. Lateral loads were applied at both floor levels, (see
figure 5.2). At the 1st storey level, the lateral load cycle began at + 1.0 kip and
increasing by 1.0 kip up to £ 5.0 kip. The load at the 2nd storey level was one
half the load at the 1st storey level, i.e. £ 0.5 kip and increasing by 0.5 kip up
to 2.5 kip.

The test load-deflection responses for 1st and 2nd storey levels are
shown in figures 5.22 and 5.23. Corresponding responses as predicted from the
present program appear in figures 5.24 and 5.25. In these figures the load cor-
responds to that applied at the particular storey level, not the total load. Both
test and analytical models show a linear response up to a load of 2.0 kip at the
first storey and 1.0 kip at the second storey. The measure of frame stiffness is

correctly represented in the analytical results.

Comparison of figures 5.22 and 5.24 for 1st storey and figures 5.23 and
5.25 for 2nd storey would show that the test response and the predicted response
are quite close. The unloading points in both positive and negative ranges for

both the stories matched well.

To present the comparisons in a more specific way, the 2nd storey load-
deflection plots for cycles 2 and 3 and 1st storey load-deflections for cycles 4
and 5 are presented in an enlarged scale in figure 5.26(a) to (d). It may be of

interest to note that the h/300 limit is 0.56 cm for the 1st floor and 1.12 ¢cm
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for the 2nd floor — as shown in figure 5.26. Since the load applied at the first
storey was always twice that applied at the top storey, the responses at these
two levels were comparable in both test and analysis. This leads to the fact that
if cycle 2 predicts a response close enough to the test response for the 1st floor
then it follows that correspondence between the test and analytical response at
the second floor level will also be close. Figure 5.26 reveals how the predicted
response compares with the test response for cycles 2, 3, 4 and 5. It can be seen

that there is a satisfactory match up to a deflection well beyond the allowable

deflection limit of h/300.

Two important features can be observed. The first is that up to a
working range the connections exhibit a linear response. The second is that the
tri-linearized connection model captures the actual response quite satisfactorily,

even in the case of cyclic loading.

5.5.4 Comparison with the Result of Test 10

This test was again on a two-storey frame with 1/2 inch connection as in test
9 but this time gravity loads were applied to the first level. As shown in figure
5.2, two gravity loads of 2.4 kip (10.68 kN) each were applied at the 1st storey
beam, prior to the application of any lateral loads. Unlike the previous tests, a
large lateral load of 5.0 kip (22.24 kN) was applied to the first level (2.5 kip at
the top level), unloaded back to zero, and then cycles of load were applied to +
2.0 kip, £+ 3.0 kip and % 4.0 kip. After reaching -4.0 kip two cycles were applied

from -4.0 kip to zero and then loaded to -5.0 kip, and finally back to zero.

In modelling this test, gravity loads were applied to the third points of
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the 1st storey beams. Lateral loads were then applied at both storey levels in
the same way as in the test program. The cyclic loading could not be achieved
as in this case instability occurred at a load of 2.1 kip (9.319 kN) at the top
storey, 0.4 kip (1.8 kN) short of the maximum 2.5 kip (11.12 kN) applied during
the test to the top storey level. The comparison of the load-deflection responses
between the test and the prediction from the present program for 2nd and 1st
storey levels appear in figures 5.27 and 5.28. These figures show that initially the
predicted response matches the actual response by a one to one relationship up
to a displacement of approximately L/300, the allowable deflection limit. Corre-
spondence between the test response and the predicted response is still very good
up to deflection 7 to 8 times the allowable value. Beyond this displacement the
analytical model failed due to elastic instability. The complete load deflection
responses for 1st and 2nd storey levels of this frame test are shown in figure 5.29

and 5.30.

Unlike test 9, this test had gravity loads applied on the 1st storey beam.
These gravity loads caused axial loads in the columns and also would tend to cause
overturning (the P-A effect). The test result reported in the reference has been
compared with the prediction of the Moncarz [90] program, which is a 1st order
analysis formulation and assumes linear behaviour only. The test results have
been reported to have compared accurately with the prediction of this program
right up to the end of the 2.5 kip load applied at the 2nd storey level (5.0 kip
at the Ist storey level). This suggests that, for some reason, the test frame was
getting some resistance to csuderbalance the second order effects. The present
analytical model assumes the bottom supports of the frame to be frictionless pins
- an ideal situation never met practice. However, to gain an insight into what

extent the test condition might have differed from the assumed analytical model
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— a few trial models were analysed by the author. The parameters for these trial
modekare described in table 5.3. Figure 5.14 shows how the M-¢ response of one
of the extreme trial models compare with the bounds suggested by Marley [80]. It
appears from table 5.3 that with a column bottom stiffness of 125 kN-m/rad, the
trial model 4 can sustain the test load without an instability mode of failure as
reported in the preceding paragraph. The comparison of the predicted response
for the trial model no 4 and test response for the 1st and the 2nd storey levels

are shown in figures 5.31 and 5.32.

The present analysis considers second order effects that are produced
by the presence of axial force and also by the vertical loads acting at the displaced
joints. The structure in this case, under both gravity and lateral load, undergoes
a displacement which is more than 7 times the working sway limit (see figures
5.27 and 5.28), are bound to have the destabilizing effect of P-A. For a frame,
the ultimate capacity is reached when the combination of axial force and joint
displacement reduce the stiffness of the structure so that the frame becomes

unstable.

Although the full simulation of the load history for this test could not
be made, it can be seen from figures 5.27 and 5.28 that the present program can
predict the sway deformation up to a deflections many times the normal allowable
limit. Therefore, in the light of what has been argued in the preceding paragraph,

the prediction of the present program may be regarded as satisfactory.
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5.6 General Discussion on the Comparison

The analytical prediction of the load-deflection response for the frames of tests
1, 6, 9 and 10 have been presented and compared with the test response. While
the analytical models have been constructed from the information available to
the author — there are some points which need to be mentioned for a proper
understanding of the extent to which the comparisons made in the preceding
section can be regarded as satisfactory. Following are the areas in which the test

condition may be different from the analytical model:

1. All connections, irrespective of their locations, are assumed to be behave
in a similar way— which may not be the case in test situation. The possi-
ble scatter in the connection behaviour as shown in figures 5.14 and 5.15,
suggests that the connection parameters can be quite different in any par-
ticular test, than those assumed in the analytical model. It is important to
note that the scatter shown in figures 5.14 and 5.15 is a measure of possible

variation in replica connection tests.

2. Actual measurements of the member sizes were not available and standard

section sizes have been used, with uniform member properties.

3. No member or frame imperfections were reported — consequently perfect

members and frames have been used.

4. The bases of the columns were devised to act as frictionless pins (see fig-
ure 5.3(a)). It is not unlikely that some restraint may be present there.
However, the initial analytical model assumes the column base as perfectly

pinned.
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5. The connection model itself is based on certain simplified assumptions.
Although based on experimental evidence, these assumptions need further
examination. One possible difference that appears from the comparison
presented in the previous section is that the stiffness of the connection
response after a load reversal depends upon the location in the load history
of the reversal. For example, the stiffness of a connection after load reversal
seems to depend upon the amount of plastic strain that it has undergone.
After a high displacement the length of elastic unloading decreases, and
thus the test response is significantly softer (see test 6; unloading after a
load of +8.0 kip). However, no specific pattern for a general behaviour can

be identified and the adopted model may be considered satisfactory.

6. The amount of experimental error — some 10% has been estimated in the

strain gauge reading had been mentioned in the reference.

Having mentioned these shortcomings, it can be concluded from the results pre-
sented in the previous section, that the analytical capability developed here pre-
dicts satisfactorily accurate behaviour for flexibly connected sway frames under

either monotonic or cyclic lateral load.

5.7 General Observations for Frames Under Cyclic
Loading
The results of Stelmack’s test scheme together with the analytical prediction

presented in this chapter gives an insight into the behaviour of flexible frames

under cyclic lateral loading in particular and lateral loading in general. A number



CHAPTER 5 VERIFICATION IN SWAY MODE 126
of distinctive features can be identified which are discussed here.

For the structure considered here the response of the connections, at an
allowable deflection limit of L/300, remains fairly linear. This fact is important
in making any simplification to the nonlinear connection behaviour, at least for

the working range.

Even though the connections were flexible, the repeated load-deflection
loops are found to be very stable. This means that thereare no incremental
deflection effects as load cycles are repeated, a behaviour which is very important

considering the flexible nature of the connection.

The assumption made by Marley regarding the connection model pro-
duces reasonably good results, with the only discrepancy arising from the fact
that the length of elastic unloading was smaller than that assumed in the con-
nection model — especially when load reversal took place after a fairly high load

level.

The lateral drift of a frame under a set of loadsis highly dependent on

the stiffness of the connection.

5.8 Concluding Remarks

In this chapter an algorithm for the modelling of the connection behaviour un-
der cyclic loading has been implemented. This addition enabled the computer
program described in chapter 3 to be used for analysing the flexibly connected
frames under cyclic loading arising either due to the wind or pseudostatic seismic

action.
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Four half-scale tests conducted in the University of Colorado under a
cyclic loading history have been analytically modelled and the responses com-
pared. A satisfactory correlation between the test results and the analytical pre-
dictions have been observed. General comments on the behaviour of the flexible

frames under cyclic loading have also been made.
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TEST | I-Storey | 2-Storey | Conn. Angle Gravity

No. 2-Bay 1-Bay Thickness Loads

1 Yes — 1/47 No

2 Yes — 1/47 Yes

3 Yes — 1/47 Yes

4 Yes - 1/47 Yes, 1 bay only
5 Yes — 1/47 0

6 Yes - 1/27 Yes

7 - Yes 1/47 No

8 - Yes 1/47 Yes, 1st level
9 — Yes 1/27 No

10 - Yes 1/27 Yes, 1st level

Table 5.1 Summary of the tests conducted by Stelmack [89].

ycle No. | Load Value | Deflection 1n cm
kN Test T Present
| 0.5 0.165 0.166
-U.9 -0.165 1 -0.141
2 1.0 0.305 0.285
-1.U -0.300 | -U.281
3 2.0 0.619 0.598
-2.0 -0.619 | -0.619
! 4.0 1.27 1.373
-4.0 -1.40 -1.41
) 6.0 1.95 1.918
-0.U -2.38 -2.326

Table 5.2 Comparison of the controlling deflection between the test-6
result and the prediction of the present program for the first 5 cycles.

Trial Col. Base Mutiplying factors for | Comments
No. | Stiffness kN-m/rad | &, k, k3
1 50 0.8510.75 2.5 Failed at 2.25 kip
at the 2nd storey
2 100 0.8 [ 0.70 3.0 Failed at 2.5 kip
at the 2nd storey
3 120 0.7710.70 3.9 Not failed but stiffer
response compared to the test
4 125 0.75 [ 0.70 3.4 Not failed; response matches
the test result

Table 5.3 Parameters for the trail model for test 10.
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Load Steps deliberately kept small.

Load Steps
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Figure 5.8 Load reversal technique.
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Figure 5.9 Moncarz’s connection trilinearization model [90].
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Figure 5.11 Analytical connection representation.
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Figure 5.12 Connection model response to a general loading history [80].
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Figure 5.13 Comparison of the predicted and measured response (80].
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Figure 5.14 Comparison of Marley’s 1/2 inch connection results with the
trilinearized representation of M-¢ characteristics. '
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Figure 5.15 Comparison of Marley’s 1/4 inch connection results with the
trilinearized representation of M-¢ characteristics.
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Figure 5.18 Comparison of the measured and predicted load-deflection response
for the initial four cycles of test-1.
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Figure 5.26 Comparison of the predicted and measured load-deflection response

for different cycles of test-9.
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Figure 5.27 Comparison of the predicted and measured load-deflection response
for the second storey of test-10.
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Figure 5.28 Comparison of the predicted and measured load-deflection response
for the first storey of test-10.



149

VERIFICATION IN SWAY MODE

CHAPTER 5

‘[68] 01-159% Jo £o103s §s1y oY} 10] SAIND JusIIe[dSIp-PRO] 1S3, 63°C 21In31 ]

luo ‘yuswade|dsiq
cl ol
!




150

VERIFICATION IN SWAY MODE

CHAPTER 5

‘[68] 01-1591 Jo Ka103s v:ogw 9y} 10} 9AIND Juvwde[dsIp-pro] 153, (0g'G 24N

o ‘yuawade|dsiq
4\ ot 8
[ A S

!

1 |
E
you!

Abrd

"
N7l



CHAPTER 5 VERIFICATION IN SWAY MODE 151

Load, kN
25
20
151
L7300 Limit
10 L‘ﬂ
S5 .
—+—  Trial Mode! 4
—— Test
G ruL 1 ! 1 Jl i 1 1
0 1 2 3 4 5 6 7 8

Deflection, cm

Figure 5.31 Comparison of the first storey load-deflection response between the
test result and the analytical prediction assuming the parameters
of table 5.3.

Load, kN

2
10+
8 -
6 L300 Limit
i
4+
2+ —+ Trial Mode! 4
— Test

(1) &8 1l 1 L 1 1 A

0 2 4 6 8 10 12 14

Deflection, cm

Figure 5.32 Comparison of the second storey load-deflection response between the
test result and the analytical prediction assuming the parameters of table 5.3.



Chapter 6

Behaviour of Semi-Rigid Steel

Frames

6.1 Introduction

The computer program, described earlier in chapter 3 and subsequently validated
against full scale test results in chapters 4 and 5 for non-sway and sway cases
respectively, has been used for conducting a parametric study. The main aim of
this parametric study is the identification of the most influential design param-
eters. Once this has been done qualitatively, the basis for design guide lines for

semi-rigid frames can then be developed.

The study described in this chapter is based on realistic connection
data. Three types of flexible connections are used, namely flange cleat (FC),
flush end plate (FEP) and extended end plate (EEP) connections. The connec-

tion responses used were those obtained by Davison [32] who made observations

152
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on the behaviour of the connections in isolated tests and also as components
in subassemblages and full frames. He found that connections in the frame or
subassemblage behave more or less in the similar fashion as they do in the iso-
lated connection test. In this study attempts have been made to consider the

parameters in the typical range that are normally found in the building frames.

The next section describes the parameters varied in the study. Impor-
tant results are then presented followed by detailed discussion and finally the

design implications of the findings are set out.

6.2 Scope of the Parametric Study

The parametric study was limited to a 3-storey, 2-bay non-sway frame as shown
in figure 6.2. The beams were all 254x102 UB 22 and the columns were 152x152
UC 23. The reason why these particular dimensions were selected is that for this
combination of beam and column a consistent set of data exists [32]. From a sur-
vey [91] of over 550 tests world-wide, no other combination of beam and column
were found for which M-¢ data for different types of connection are available.
It was initially envisaged that connection stiffness would be a primary influence
on the frame behaviour and therefore an important requirement for any design

method.

6.2.1 Connection Details

The moment rotation relationships of the connections used are shown in figure

6.1. The program utilizes a cubic B-spline curve fitted through the experimental
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data points, from which the connection stiffness may be evaluated at any load
stage. In addition to the three connections, idealized rigid and pinned connection

were also included in the analytical programme.

6.2.2 Geometric Dimensions

The geometric dimensions of the frame in figure 6.2 were varied over the range
shown in table 6.1. The study consisted of the following 3-stage variation of the
parameters.

Stage-1: For a beam span of 5.0m and the storey height hy = h; = h3 = z, where
z was taken as 3.6m, 5.6m and 7.5m. The effect of the three connection types
described earlier, and the perfect rigid and pinned connections have been studied
for each of these cases giving a total of 15 cases. Each of these cases were studied

with following combination of imperfections:

1. Perfect column
2. Lehigh type residual stress in column
3. Initial geometric imperfection (L/1000)

4. Combination of both (2) and (3) above.

Stage-2: This is the same as stage 1 with the only difference being that h, =
hs =3.6m was kept constant, while h, was varied. Three values of h, were
considered and they were 3.6m, 5.6m and 7.5m.

Stage-3: Unlike the two previous stages, in this stage beam spans were varied.
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Beam spans of 6.0 and 7.0m were associated with three different storey heights

(h1 = hy = h3 = z), while = was taken as 3.6m, 5.6m and 7.5m.

6.2.3 Load Combinations

Four different loading conditions , types A, B, C and D have been considered

which are shown in figure 6.3. A description of the various loading types follows:

In loading type A, concentrated beam loads were applied at the quarter
points of each beam up to a value of 27kN (F}) each, in sequence-1. In sequence-
2, the loading in beams no. 1,3,4 and 5 were increased by a further 22kN (F3)
each, while no additional load was applied in the remaining beams. The loading
pattern was chosen to produce the most onerous effect of beam loading on the
middle lift of the central column. Load sequence 3 starts with an axial load of
50kN in the top of the central column. This load was continued to be incremented

until failure.

Type B loading corresponds to beam load only case, where the beams
are loaded in the same way as described in loading type A, with the difference
that the loads in the second sequence were continued until failure occurred. No

column loads were applied in this case.

In loading type C, purely in academic interest, only column load was

applied on the top of the central column, and increased to failure.

In contrast to the sequence of type A loading, in type D the axial column
load on the central column was applied first up to a value of 450kN. Then, in

sequences 2 and 3, beams were loaded in the same fashion as in sequence 1 and
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2 of loading type B until failure.

6.2.4 Imperfections

Two types of imperfection have been used in order to study the influences of the
imperfection on the strength of the semi-rigidly connected frames. The first is the
geometric one using a sinusoidal shape for the column and the second is material
with Lehigh type [ 71] residual stress pattern being adopted. Two shapes of
geometric imperfection, shape-1 and shape-2 are shown in figure 6.4. Unless
mentioned specifically, the term geometric imperfection, in this chapter, would
refer to shape-1. A value of central deflection of L/1000 has been used as this is
commonly specified by the codes of practice 1], [2]. The residual stresses found
in the rolled sections are often quite random in both magnitude and distribution.
The actual distribution of residual stress in the flange of a wide-flange section
falls between the parabolic and the linear stress distribution [92]. Figure 6.5
shows if the controlling residual stress values at the flange tips are both taken as
0.30,, then the linear pattern would produce the most onerous effect [93]. For
this reason the linear pattern of residual stress with the controlling values shown

in figure 6.6 has been used in this study.

6.2.5 Material Properties

An elastic-perfectly-plastic material behaviour was assumed in the analysis. Strain
hardening was neglected as it has virtually insignificant influence on the load ca-
pacity of the tall structures such as those considered under the purview of this

parametric analysis. The yield stress was taken as 285 N/sq. mm and the mod-
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ulus of elasticity was assumed to be 210 kN/ sq.mm.

6.3 Influence of Connection Stiffness on the

Behaviour of Frames

6.3.1 General

The important results of the parametric study are presented here to demonstrate
how connection stiffness influences the overall behaviour of the frame. In pre-
senting the results, the principal aim will be to identify the influential parameters
which may have implications in the development of any design method for semi-
rigid frames. Unless otherwise specified, the discussion in the remainder of this

chapter will be on the stage-1 frames subjected to type-A loading.

6.3.2 Ultimate Capacity of Semi-Rigid Frame

The strength capacity of the frames of stage-1, subjected to loading type-A are
shown in figure 6.7, against the corresponding connection type. In represent-
ing the connections along abscissa, non-numeric connection nomenclatures have
been used. This has been done deliberately to avoid any misrepresentation of the
connection by a numeric index (initial connection stiffness, for example), until
a convincing conclusion is reached regarding the suitability of such a numeric
index which could represent the connection performance. The effect of various
parameters on the connection performance in the frame can be seen clearly in

figure 6.7, in which the additional column loads carried by the frame are shown
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against the connection types. Results of the frames with three different storey
heights are included in these figures. Figure 6.7(a) shows the frame strength for
a perfect system, i.e. members are free from geometric as well as material im-
perfections. It can be observed that the strength increasing effect of the stiffer
connections is more significant for slender frames. For the shorter storey heights
considered (those typically found in building frames) connection stiffness seems
to have virtually no influence on the strength. Although surprising, this is quite
conceivable, because the particular loading adopted here causes a column fail-
ure and the column in these cases being fairly stocky sustained a load which is
very nearly close to its squash load. On the other hand, it can be seen from
the figure that with higher storey height, the frame strength was low with pin
connections and shows an increase in strength when stiffer connections are used.
Another important observation from figure 6.7(a) is that with stiffer connections
the shorter frames sustained lower load than the corresponding value with pin
connection. This can be explained by noticing the distribution of internal forces
in the members. For example , the axial force and the bending moment values in
the lower lift of the central column for the different cases discussed in figure 6.7
(a) are shown in figure 6.8 (a) and (b). The values shown in figure 6.8 correspond
to the end of sequence 2 for type-A loading. It can be seen from figure 6.8 (a)
and (b) that the stiffer connections have attracted higher forces in the central
column and the adopted loading type in this case was such that failure was in
that particular column, as a result of which the beneficial effect of the connec-
tion stiffness has been suppressed, at least in terms of strength capacity. For an
external column , however, the share of beam load will be correspondingly less.
The loss of strength for an increased connection stiffness has also been reported

in the work of Davison et al [42] and Ackroyd et al [35].
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Figure 6.7(b) records the frame responses where Lehigh type residual
stress has been assumed in the column. The pin connected frame suffered some
loss of strength due to the presence of residual stress, but when any form of
connection stiffness was present, the frame has sustained practically the same
load as that of the corresponding perfect frame. With the presence of residual
stress the onset of inelastic action in the column occurred much earlier in the
loading sequence as can be seen from figures 6.9(a) and (b) which shows the
variation of the column top end moment (left hand ordinate) and the column
EI ratio (right hand ordinate) with the axial stress carried by the column, C6,
of 3.6m storey height frame and with flange cleat connection. The EI ratio, in
the figure presents the column's instantaneous flexural stiffness as a fraction of its
elastic flexural rigidity. It can be seen that when the column is free from residual
stress it remained elastic until it had sustained an axial load as high as 0.93 o,
and with a co-existing moment of considerable magnitude. On the other hand
when residual stress is present inelastic action in the column started at a level
of 0.61 oy, whence column stiffness starts to degrade. Consequently the column
end moment also started to be shed and the columns in this case were called
upon to resist a lower moment associated with a given value of axial load (albeit
with a corresponding lower EI ratio). As a result of this action, at failure, the
frame with residual stress in the column carried virtually the same load as the

one without any residual stress.

In figure 6.7(c) the corresponding features associated with geometric
imperfection in the column are shown. In this case, for the two shorter frames
considered, the ultimate loads are slightly lower (especially when some form of
connection is present) than those shown in figure 6.7 (a) for a perfect frame.

However, it can be observed that the slender the frame is the more vulnerable to
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geometric imperfection.

Figure 6.7(d) presents a more practical case , when the columns are
subjected to both geometric and material imperfections. It can be seen that the
presence of both imperfections is not synergistic and loss of strength is not too
alarming as long as some form of connection is present. Research on isolated
columns, of course, reported the diminishing effect of the connection stiffness
when associated with imperfections [4]. The present findings with framed column
of practical slenderness range, however does not show any serious detrimental
effect on the strength due to the presence of imperfections, particularly when
connection stiffness of some form is present.

Summary of Observations on Figure 6.7:

For frames loaded in a manner that failure is due to column instability following
observations can be made:

1. Within the practical range of frame slenderness, connection stiffness does not
improve the frame strength, provided the loading is such that a column failure
occurs. This finding is in agreement with the observation of Jones et al [4] on
isolated columns, that most significant improvement in column strength for an
increased connection stiffness occurs for column of slenderness beyond practical
range.

2. The deleterious effect the imperfection produces on frame strength is greater
for a pinned frame. Connection stiffness, of whatever magnitude, reduces this
effect.

3. The combined effect of both imperfection types are not additive in the frame
of shorter storey height ( that normally found in building frames) when some

form of connection is present.
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Figure 6.10 shows the same results (of figure 6.7), but in a different
form, in order to delineate the imperfection sensitiveness of the frame for differ-
ent types of connection. Figures 6.10 (a) to 6.10 (d) show the cases of Pin, FC,
FEP and EEP connections respectively. In these figures the additional column
load (that applied in load sequence 3 of type A loading) required to cause failure
is plotted against the column slenderness ratio L/r, where L is the length of each

column (storey height). The four cases shown in figure 6.10 are:

1. Perfect Column
2. Column with Lehigh type residual stress
3. Column with initial central deflection of L/1000 and

4. Columns having both (2) and (3) above.

It can be seen quite clearly from these figures that with the use of stiffer con-
nections, the scatter between the failure loads of the perfect and the imperfect
frames becomes less pronounced. In a simple frame (pin connected) the geometric
imperfection has more effect on more slender frames. The presence of residual
stresses has only a moderate effect on the frame strength. Figure 6.10 (b) shows
that within the typical slenderness range that are found in building frames, the
mere presence of a connection is sufficient to narrow down the detrimental effects
of the imperfections on the frame strength, as demonstrated here with a flange

cleat connection.

With a flush end plate connection, figure 6.10 (c) shows more or less

similar behaviour as for the flange cleat connection. Figure 6.10 (d) shows a more
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uniform behaviour for the entire range of slenderness considered which means
that the connection stiffness, in this case, is sufficient to offset the effect of the

imperfections.

For all the four cases presented in figure 6.10 it can be observed that,
for the shortest frame (h=3.6m), the presence of both types of imperfection is

not additive as is the case with taller frames.

Figure 6.11 presents the frame response for type B loading. As defined
earlier in section 6.2, type B loading refers to the patterned beam loading con-
tinued until the failure. No direct load on the column was applied. The ordinate
in figure 6.11 represents the magnitude of each of the two concentrated loads at
failure in any of the heavily loaded beams. The abscissa represents the particular
connection type. Results of all the three storey heights considered in this study
are shown in figure 6.11. No imperfection was considered in the members. Unlike
the results of type A loading (shown in figure 6.7 (a)), the increasing stiffness
of the connection in this case has led to higher failure load with the exception
of the rigid connection case. As failures in this case are located in the beams,
the frames sustained higher load as long as the connection moment relieved the
span moment. However, with rigid connections, large moments are built up at
the beam ends and the frame failed at a lower load. This behaviour may be
due to the fact that since an elastic-perfectly-plastic material behaviour has been
assumed in the analysis, when the moment in a section reaches its full plastic

capacity the structure is said to have failed.

In the next case the hybrid loading type-D was considered in which
a column load of 450kN was applied incrementally on the central column and

patterned beam loads were then applied as in sequence 1 and sequence 2 of type
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B loading. The values of the individual loads on the beams at failure, are shown
against the corresponding connection types in figure 6.12. Results of all three
different storey heights are included. As in figure 6.11 the values in the ordinate
refers to the value of a single load, on any of the heavily loaded beams at failure.
The application of column load ( of the order of 0.5 Py) has again resulted in
failure in the column. The consequence is that higher connection stiffness has
caused higher forces in the column, which eventually suppressed any strength

increasing effect due to an increased connection stiffness.

Figure 6.13 presents a case where a concentrated load is applied on
the top of the central column. This is a case of pure academic interest, rather
than a practical one. For the frame with a storey height of 3.6m the column
carried the full squash load for all the five connections considered. The frames
with 5.6m storey height and with pin and FC connections also sustained the full
squash load. However, the same frame with the even stiffer FEP, EEP and rigid
connections carried a little higher load than the column squash load Py. This
is because of the fact that as the connection-to-beam stiffness increases relative
to the column, part of the load is carried through the beam to the two external
columns, allowing the central column to take some more load. The tallest frame
with storey height 7.5m has columns which are rather slender (L/r= 115.3) and
with pin connections it carried a load of 520kN increasing to the full squash load
when FC connections were used. Further increases in connection stiffness (with
FEP, EEP and rigid connections) led to a load higher than the squash load in

the same way as explained in the preceding case.
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6.3.3 Flexible End Moment and Its Distribution to Col-

umn Ends

The nomenclature ‘Flexible End Moment’ (FLEM) for flexible or partially re-
strained (PR) frame derives from its similarity with Fixed End Moment (FEM)
for fixed or rigidly supported member, and has been used in the literature [94].
In other words FLEM refers to the moment that develops at the end of the beam,
which is connected to a column by means of a flexible connection. In this section
the results of the parametric study relating to the development of FLEM will be
presented. Consideration will also be given to the distribution of this FLEM to
the column ends. For the sake of brevity the results of stage-1 subjected to the
type-A loading scheme on perfect frames will be presented in detail and reference

will be made to other cases as appropriate.

6.3.3.1 Beam End Moment

The variation of the beam end and span moment with the applied beam load is
presented first. Figures 6.14(a), (b) and (c) show the beam moment for beams
number 1, 2 and 3 respectively for frames with the flange cleat connection and
subjected to type-A loading scheme. The effect of the nonlinearity of the connec-
tion response is clearly evident when examining the end moments and significant
differences in the performance of internal (right hand end) and external (left hand
end) ends of the beam are noticeable. As will be seen later in section 6.4, that
internal connection undergoes a smaller rotation than its external counterpart for
a given load level and thus operates at higher connection stiffness. Beams no. 1

and 3 were loaded up to the full designated value i.e. two loads of 49.5 kN each
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(99 kN on each beam), whereas beam no.2 was loaded up to 27kN (54 kN on the
beam). As the beams were loaded, the connection attracted moment initially at
a high rate and then at a gradually diminishing rate, reaching a limiting value
of end moment. Consequently the development of span moments were initially
modest but after a certain stage, when the end moments had reached their lim-
iting value, virtually all the moments due to the applied load were developing
in the span (centre). Figures 6.15 and 6.16 represent the cases of frames with
flush end plate and extended end plate connections respectively. The general
behaviour is more or less as that described in figure 6.14 for the flange cleat
connection. The limiting moment that developed at the beam end appears to be
the full capacity of the connection for the interior end, and approximately half
of that value for the exterior end. Also it can be observed that connections in
the lower floor beams provide more restraint than those of the top most floor.
However, some interior connection might have behaved differently just because
of the particular loading adopted, i.e. after the commencement of differential

loading in the adjacent beams.

6.3.3.2 Column End Moment

The column in a frame carries moment as well as axial load induced by the beam
loading. An assessment of the column end moment is, therefore, an important
step in any refined column design procedure. The parameters which control the

transfer of moment from the beam end to the column end will be identified here.

Figure 6.17 presents the moment at the top of column C6, plotted
against the effective connection stiffness, C* for frames with 3 different storey

heights, each having 3 different beam-to-column connections. The parameter C*
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as defined by Bjorhovde [3] is as follows:

%Ih_
C*'= —2— .

0+ -
The moment shown in the figure corresponds to the end of beam loading phase.
In the computation of C* used in figure 6.17 a secant stiffness (based on 10 mil-
lirad rotation) has been used to represent the connection stiffness. The basis of
this secant stiffness will be discussed later in this chapter. For a given beam
span, beam depth and connection, increasing the column length has the implica-
tion of reducing the column stiffness. Viewed from that perspective, figure 6.17
would indicate that for a given beam-to-connection stiffness, the more slender
the column, the smaller will be the moment transferred or the smaller will be
the moment developed at the beam end, since it will be shown later that column
moment is a direct consequence of the beam end moment. Also it is noticeable
from the figure that the effect is progressively greater for stiffer connections. This,
however, leads to the fact that restraint provided by a connection, depends not
only on the stiffnesses of the beam and the connection, but also on the stiffness of
the column to which the beam is connected. Consequently it becomes important
that any basis for the design of semi-rigid frame or the classification of connec-

tions should take this into consideration. In the next chapter a proposal for the

development of such a basis will be presented.

6.3.3.3 Column Moment: A Fallacy of So Called Simple Design

Figures 6.18 to 6.20 present the moment attracted at the top end of column C6
against the applied loads. The abscissa of these figures set an arbitrary scale,
in which stages 1, 2 and 3 refer to the last three load steps during the beam

loading phase (i.e. sequence 2) of type A loading. Results from frames with
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the 3 different flexible connection types (described earlier in section 6.2) appear
in figures 6.18, 6.19 and 6.20 in succession. Also included in these figures are
the approximate moments (dashed line), based on fixed eccentricity of beam
reactions — as suggested by the UK code of practice [1] for simple design. The
solid lines represent the results of rigorous analysis by the present program
for the different column lengths considered. For all the three types of connection
considered the column moments developed were proportional to the applied beam
loads. However, it must be borne in mind that this proportionality is not valid for
the entire loading history, as has been seen in figures 6.14 to 6.16, for the beam
end moments. Nevertheless, the essential message of is that, at relatively high
levels of loading, the column moment is directly proportional to the magnitude of
beam loading and the stiffer the column the higher will be the moment attracted
into the column. Another important fact that is revealed here is that even a
flexible connection like the flange cleat produces higher column moments than
those estimated by a nominal 100 mm eccentricity (from the face of the column
in major axis bending). Similar quantities for an external column (lower end of
column C2, in this case) are presented in figure 6.21. Only the results relating to
the frame with storey height e<'1ua1 to 3.6 m are shown. The behaviour of other
frames having different storey heights retained more or less the same pattern
as shown for the interior column (see figure 6.18 - 6.20). Although the load
stages designated 1, 2 and 3 of figure 6.21 and those of figures 6.18, 6.19 and
6.20 represent the same loading stage, the internal columns were subjected to
balanced loading up to a level of 54 kN per beam and consequently are subjected

to a smaller moment.
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6.3.3.4 Distribution of Beam End Moments in the Column

The beam end moment plus the moment produced by the eccentricity of the
beam end shear constitute the total moment to be considered in the column.
It is conventional to apportion this moment to the upper and lower column in
proportion to their respective stiffnesses. Figures 6.22 (a), (b), (c) and (d) show
the distributions of moment in the columns at joints J2, J3, J5 and J6 as beam
loads are applied for a frame with 3.6 m storey height and flange cleat connections.
The disparity in the distribution of moments in the adjoining columns (of a
junction) of apparently equal stiffness is due to the particular deformed shape of
the columns as produced by the adopted loading type (type-A). Figure 6.23 shows
the exaggerated deformed shape of the columns at two different stages. Initially
at a beam load value of 27 kN each, the external column tends to form a double
curvature shape in the upper lifts (figure 6.23(a)). Accordingly the stiffnesses of
the columns in the adjoining storeys vary depending on the conditions at the far

end.

The central column does not show any bending up to 27 kN load (i.e.
up to the end of symmetric beam loading). As the load sequence 2 proceeds,
all three lifts of the central column tend to bend in single curvature. The end
of column C4 at junction J4 simulates a virtually no rotation situation, because
of symmetric loading on the adjoining beams. So at junction J5, column C4 is
stiffer than column C5. Similarly the lower fixed end of column C6 makes it
stiffer than its immediately upper counterpart column C5 at J6. This explains,

therefore, the distribution of the column end moments at junction J5 and J6.

The distribution of the moments at the end of column at junction J2,
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J3, J5 and J6 for frames with FEP and EEP connections are shown in figures
6.24 and 6.25 respectively. The general behaviour in these two cases is similar to

that shown in figure 6.22 with respect to the FC connection.

6.4 Connection Rotation at Failure

For non-sway frames failure is dependent on many factors including loading type,
frame geometry, member sizes etc. In this section the development of connection
rotation with the applied loading is discussed with particular emphasis on the
level of connection rotation at failure. Figures 6.26 to 6.28 record the variation
of the column load against rotation of the connection for all the three connection
types considered. All three figures refer to the frame with 3.6m storey height. The
column load shown, refers to the column immediately below the corresponding
connection. The rotation of connections no. 1, 2, 5, and T'are shown, from which
it can be seen that 1 and 5 are external connections whereas 2 and 7 are internal

connections.

The overall behavioural pattern for flange cleat, flush end plate and
extended end plate connections are similar, although the stiffer connections have
suffered relatively smaller rotations. At the top level, connection no. 1 has
undergone slightly more rotation than connection 2 because of the flexibility of
the external column, at the end of beam loading. At the 2nd floor level again the
external column suffered slightly more rotation than the internal one, at a load
level prior to the commencement of differential loading in the adjacent beams.
Connection 5, being associated with beam 2, started to unload when the loading

on B2 was ceased.

** Connections 1 and 2 are at the left and nght ends of beam B, connections 3 and 4 are at the left and night ends of beam B4 and so on.
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Both the internal connections shown in these figures, started to unload
with the commencement of the load on the internal column. This phenomenon is
well explained elsewhere [12,20]. However, the phenomenon of moment shedding

is discussed in the next section.

Having seen the progression of the connection rotation with increasing
load, it is now proposed to examine the level of connection rotation at the failure
condition for the various cases studied under this parametric study. Tables 6.2 to
6.5 present the percentage of cases, corresponding to a certain range of rotation
at failure for the three different types of connection considered. For this purpose
rotation of connection no. 7, which is liable to be highest rotation among the
internal connections considered here. Table 6.2 summarises the results of
stage-1 parameters with type-A loading scheme. The statistics shown in this
table also include the cases with imperfections as described in section 6.2. It can
be seen that the maximum rotation at failure was below 10 milli- radian even with
the rather flexible flange cleat connection. This rotation was much less with flush
end plate and extended end plate connections. For given connection types, the
presence of imperfections (material or geometric) does not significantly influence

the level of rotation at failure.

Table 6.3 shows the corresponding statistics for stage 2 frames, which
shows the effect of variation in slenderness of the upper and lower column with
respect to the connection under consideration. These figures, when compared
with the figures of table 6.2 (perfect conditions only), show a slightly higher level
of rotation. However, in most cases failure occurred at the vacinity of a connection

rotation of 10 milli- radian.

Tables 6.4 and 6.5 present the level of connection rotation for the stage-
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3 cases where beam spans of 6.0 m (span/depth = 23.6) and 7.0 m (span/ depth
= 27.6) were used. The figures in these tables indicate that increased beam
flexibility would result in a higher connection rotation at failure. With the 6.0 m
beam span most of the values of connection rotation at failure were around 10 to
12 milli-radian. However, with the 7.0 m beam span, connection rotation much
higher than 10-12 milli-radian range was observed, especially with the flange cleat
connection. It must be emphasized that this particular beam was too slender to

be used with such a flexible connection in any practical structure.

The findings presented in tables 6.2 to 6.5 clearly demonstrate that the
connection rotation level at failure in a practical non-sway structure is unlikely
to be greater than 12 milli-radian and depending on the connection stiffness this
rotation could be even less than 5 milli-radian. So a general recommendation of
connection rotation level may not be appropriate for all connections, although a

maximum limit of 12 milli-radian seems justifiable, for non-sway cases.

6.5 Moment Shedding and the Effect of Initial

Geometric Imperfection

The phenomenen of moment shedding has been well described by different re-
searchers [95,96,97]. In the context of semi-rigid frame response a clear under-
standing of this phenomenon is essential, since the selection of a suitable value
of moment is a prerequisite for any column design procedure. Also, the presence
of initial geometric imperfection may play an important part towards control-

ling the magnitude of this moment. In this section a number of case studies



CHAPTER 6 BEHAVIOUR OF SEMI-RIGID FRAME 172

will be presented to delineate the effect of geometrical imperfection on the value
of column moments in general, and on the phenomenon of moment shedding, in
particular. Before these results are presented a brief account of the previous work

on moment shedding reported by other researchers is made first.

During the verification of their analytical model Poggi and Zandonini [95]
used Davison’s subassemblage tests [32]. The dimensions and loading pattern for
one of the tests (ST8) are shown in figure 6.29(a). The symmetric beam loads
were applied first, after which axial loading on the column was applied and con-
tinued until failure. The non-dimensionalized load vs. moment plot in figure
6.29(b) shows the development of moment in the beam ends and the column end
at the top joint. It can be seen that failure occurred when the column axial load
was in the vicinity of 0.62 o,, suggesting an elastic instability mode of failure.
Analytical prediction closely matched the test results and no sign of moment

shedding was observed.

Chen [96] analysed a portal frame in a non-sway condition and under
proportional beam and column loading using two different proportions of beam-
to-column load as shown in figure 6.30(a). In the first case beam loading was
deliberately kept small in order to keep the beam section elastic, while in the
second case a relatively higher beam loading was applied so that inelastic ac-
tion could begin in both the beam and the column simultaneously. Using three
different connections, flexible, stiff and rigid (figure 6.30(b)), an elasto-plastic
analysis was carried out up to failure for each loading case mentioned above. The
moment-load plots for these cases are shown in figure 6.31(a) and (b) . It was
concluded in the reference that moment shedding commences as soon as inelastic

action begins in the column while the beam remains wholly elastic. Also it was
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observed that, the more flexible the joint, the later will be the commencement of
moment shedding. On the other hand, no moment shedding occurs if yielding in
the column is accompanied by yielding in the beam, since their relative stiffness
will remain more or less unchanged. The same reference also showed the effect of
applying column load after the application of beam loading for the simple portal
frame shown in figure 6.32(a). It has been reported that the magnitude of the
column end moment (due to beam loading first) decreases as the column axial
load increases, except for the very flexible connection, as shown in figure 6.32(b).
It can be seen that even for the rigid connection, when the moment shedding ef-
fect is most pronounced, the rate of decrease (shedding) is very small. Rifai [97]
reported a decrease in column end moment with the gradual plastification of the
column as axial load was applied on the column subassemblage of figure 6.33 (see
figure 6.34(a)). This matches the observation of Chen as reported earlier. Ri-
fai [97] also reported a dramatic decrease in column end moment as axial column
load is applied after the application of beam load on the subassemblage beam

(see figure 6.34(b)).

Having set out this background attention is now focussed on some of
the examples studied by the author using the present program. Various loading
schemes have been considered in combination of two geometric imperfections
(shape 1 and shape 2, see figure 6.4). The results indicate that the presence of an
imperfection affects the moment values in the column. Loading types A and B are
the same as described in section 6.2 earlier and having an imperfection pattern
as shown in figure 6.4. Loading types Al and Bl refer to the same sequence of
loading as in A and B but a direct opposite pattern of beam loading was applied
in these cases. Beams no 3 and 5 were subjected to a load value of 27 kN (54 kN

on beam) after which loading on these two beams were discontinued. Loading of
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the remaining beams were continued until the commencement of column loading
(in type A1) or up to the failure (type B1). Loading Al and Bl has the same
implication of loading type A and B but opposing the direction of initial geometric
imperfection shown in figure 6.4 (i.e. the dashed line). In the following section a
clockwise moment in column end is regarded as negative. Figure 6.35 shows the
column force against the column top end moment for column 6. The three distinct
parts of the force-moment relationship shown correspond to the three phases of
the loading adopted. The initial segment up to a force value of slightly below
200 kN presents the response to the symmetric beam loading phase where no
moments were attracted in the column when no imperfection was specified. The
column imperfection has drawn a slight moment (of the order of 0.014 M,,). In
the second phase when beams were loaded unsymmetrically the column attracted
moment at a dramatic rate. In the final phase when the column axial load was
applied, only a moderate amount of further moment occurred at the column end
and prior to failure, shedding of this moment took place as the plastification
in the column began. This general pattern was observed in the all four cases
reported in figure 6.35. Thus the effect which an initial imperfection produces on
the magnitude of column end moment is not a significant one. The interesting
point that can be observed from this figure is that, depending on the loading
pattern and the direction of the initial shape, the presence of initial imperfection
can in fact reduce the column end moment instead of increasing it. In figure 6.35
the column end moment for loading type A is less for the imperfect case than that
in the case of the perfect one. However, loading type Al produced more moment
when associated with column imperfection compared with the case of a perfect
column. Figure 6.36 records the force-moment relationship for the same column

(column C6) but with loading type B and B1, each with and without column
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imperfection. The initial response, in this case, is similar to that explained in
connection with figure 6.35, the only difference being that the column moment
continued to build up as beam loads are continued. The beam finally failed and

as the column was elastic no sign of moment shedding was observed.

The two cases presented here refer to the response of column end mo-
ment. The corresponding central moments for the same column (C6) are shown
in figures 6.37 and 6.38. Once again, depending on the loading pattern and direc-
tion of initial imperfection, the magnitude of the moment at column centre could
be more or less than the corresponding values for a perfect column system. Figure
6.39 explains the way moments are induced in the column due to imperfections
for type A and type Al loading. As initial geometric imperfections are modelled
by applying a set of nodal force as shown in figure 6.39(a) the direction of the
column end moment will be as shown. Although the initial imperfections were
chosen to give the most unfavourable condition for type A (or B) loading, it only
produced an unfavourable moment at or near midspan and the column end (top)
moment was relieved. On the contrary, for type Al (or Bl) loading (for which
the imperfection was in opposite direction) the moment at or near the column
centre was reduced due to the presence of imperfection while the end moment

was aggravated.

The other important feature of figure 6.35 which needs to be discussed
here is that the response of column as the transition from a beam loading to
column loading occurs. References [96] and [97] reported moment shedding
to occur as soon as the column load was applied after the application of beam
load had stopped(see figures 6.32(b) and 6.34(b)). References [95] and [32] on

contrary, did not observe the column end moment to reverse as the column axial
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load was applied (see figure 6.29(b)). Figure 6.35, however, is in line with the
observation of the latter references where moment shedding occurred only at
the commencement of inelastic action in the column (see also figures 6.31(a),
6.34(a)). In order to clarify these rather paradoxical observations three different
beam loading patterns (see figure 6.40) have been considered on the frame each
of which was subjected to axial load on the either central column or the external
column on the left. To economise on computer time beam loads were restricted to
18 kN (ie. 36 kN per beam), after which column load was applied. The resulting
member end moments at joints J1,J2 and J3 on the external column and J4,J5
and J6 on the central column are shown in table 6.6 and table 6.7 respectively.
Upon application of the column load, the end moments on the beams (connected
to the column being loaded) are relieved (reduced) in all the cases, irrespective of
the loading pattern adopted and also independent of the location of the column
(external or internal) being loaded. As the external moments in all the joints
remain the same as prior to the application of column load, the changes in the
beam moments have to be balanced by a corresponding change in the column
moment. In tables 6.6 and 6.7, AM refers to the change in moment due to the
application of a 50 kN load on the column after beam loading has stopped. It
can be seen that to maintain the joint equilibrium the column end moments are
either increased or decreased. In the external column most of the cases show
a decrease (underlined figures in the table 6.6), but in the case of the internal
column only three cases (out of a total 9 cases shown) can be identified where

column moments have been declining as the column load was applied.

Now it is clear that, in a frame when column loads are applied following
beam loads, moment shedding is not a necessary phenomenon and even when it

occurs the rate of decrease in moment may be very slow.
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6.6 Conclusion

In this chapter a limited parametric study concerning the behaviour of a semi-
rigid frame to various loading arrangements, frame geometry, connection stiffness
and presence of imperfections has been presented. The sensitiveness of these
parameters has been identified and the implications discussed. However, some

most significant conclusions are summarized here.

1. The use of stiffer connections may increase or decrease the frame strength,
depending on the frame geometry and the particular loading type adopted.

However, stiffer connections would result in less deflections.

2. Practical connections tend to reduce the framés susceptibility to strength
loss due to the presence of imperfections when compared to ideal pin con-

nections.

3. The strength increasing effect of the stiffer connections is more significant
for slender frames and for shorter storey heights (those typically found in
building frames) connection stiffness seems to have virtually no influence

on frame strength.

4. The presence of both material and geometric imperfections together is not

synergistic for semi-rigid frames.

5. The normal initial geometric imperfection (L/1000) affects the column mo-

ment only moderately.

6. The exact sequence of the application of the beam load and the column
load, in general, does not appear to have any significant bearing on the

load carrying capacity of a semi-rigid frame.
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10.

11.

12.

Interior connections, in general, tend to undergo less rotation than the
exterior ones and under the symmetric condition draws higher moment

that the exterior end.

For a given connection-to-beam stiffness, increasing the column slenderness

will decrease the end moment developed.

The concept of a fixed eccentricity of the beam end shear to estimate the
disturbing moment in the column could in some cases grossly underesti-
mate the column moment and this end moment is in fact a function of the

stiffnesses of the beam, the column and the connection.

For non-sway frames, the maximum connection rotation at or near the fail-
ure can be taken as 12 milli radian for most frames of reasonable dimensions
— although a value of 10 milli radian can be considered adequate for most
practical purposes. This rotation level is not very sensitive to the presence
of imperfections. However, for stiffer connections a failure rotation less than

5 milli radian has also been observed.

The phenomenon of moment shedding in columns may occur either due to
degradation of column stiffness due to the initiation of inelastic action or
due to the application of column load after beam loading phase. However,

it is not a necessary phenomenon.

From the view point of the designer, the moment shedding phenomenon
need not be a consideration in design since the rate of decrease in moment

in a framed column was found to be insignificant, even if it occurs.
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Stage | Beam Span (m) | Storey Height (m)
No. Lb h] hg h3
3.6 3.6 3.6
1 5.0 5.6 5.6 5.6
175|175 7.5
3.6 | 3.6 3.6
2 5.0 3.615.6 3.6
36|75 3.6
3.6 3.6 3.6
3 6.0, 7.0 5.6 5.6 5.6
751175 7.5

Table 6.1 Range of geometric parameters considered.

Imperfection | Conn. Cases with Failure Rotation

Type 0-5 5-10 10-12 12-

mrad | mrad | mrad { m rad

FC 0 100% 0 0
Perfect FEP |33.33% | 66.67% 0 0
EEP | 100% 0 0 0
Residual FC 0 100% 0 0
stress FEP |33.33% | 66.67% 0 0
present EEP | 100% 0 0 0
Geomet. FC 0 100% 0 0
imperfect FEP | 33.33% | 66.67% 0 0
column EEP | 100% 0 0 0
Both Geomet. | FC 0 100% 0 0
& material. | FEP [ 66.67% | 33.33% 0 0
imperfection | EEP | 100% 0 0 0

Table 6.2 Percentage of cases (Stage-1) for different levels of failure

rotation.

179
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Imperfection | Conn. Cases with Failure Rotation
Type 0-5 5-10 10-12 12-
mrad | mrad | mrad | mrad
FC 0 66.67% | 33.33% 0
Perfect FEP 0 100% 0 0
EEP | 66.66% | 33.33% 0 0

Table 6.3 Percentage of cases (Stage-2) for different levels of failure

rotation.
Imperfection | Conn. Cases with Failure Rotation
Type 0-5 5-10 10-12 12-
mrad | mrad | mrad | mrad
FC 0 0 33.33% | 66.67%
Perfect FEP 0 33.33% | 66.67% 0
EEP 0 100% 0 0

Table 6.4 Percentage of cases (Stage-3: 6.0 m beam span) for different

levels of failure rotation.

Imperfection | Conn. Cases with Failure Rotation
Type | 0-5 5-10 10-12 12-
mrad | mrad | mrad | mrad
FC 0 0 0 100%
Perfect FEP 0 0 33.33% | 66.67%
EEP 0 100% 0 0

Table 6.5 Percentage of cases (Stage-3: 7.0 m beam span) for different

levels of failure rotation.

180
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Load | Joint no | Stage of M, AM M, My AM
case Col. Load
Before 5.18 -6.42
1 After 5.05 -6.29
-0.13 +0.13
Before 1.77 -4.97 | -4.08
1 2 After 7.67 -4.90 | -4.05
-0.10 (+0.07+.03)
Before 6.85 -4.65 | -3.47
3 After 6.80 -4.62 | -3.45
-0.05 (0.03+0.02)
Before 4.95 -6.28
1 After 4.80 -6.13
-0.15 +0.15
Before 1.084 -1.181 | 0.162
2 2 After 0.796 -1.029 | -0.298
-0.288 (40.152+.136)
Before 7.18 -3.61 | -4.93
3 After 7.11 -3.53 | -4.94
-0.07 (0.08-0.01)
Before 5.76 -7.10
1 After 5.64 -6.98
-0.12 +0.12
Before 8.33 -5.36 | -4.33
3 2 After 8.24 -5.30 | -4.30
-0.09 (40.06+.03)
Before 7.47 -5.02 | -3.80
3 After 7.42 -4.99 | -3.78
-0.05 (0.03+40.02)

Table 6.6 Change of beam and column end moment due to application

of column axial load in external column.
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[ Load [ Joint no | Stage of M, My, AM M., M, AM
case Col. Load
Before 14.07 | -13.95 -1.24
4 After 13.88 | -13.76 -1.24
(-0.1940.19) 0.0
Belore 13.00 1 -13.32 0.014 [ +2.13
1 5 After 12.95 1 -13.18 0.0138 | 0.215
(-0.14+40.14) (-0.002+.002)
Before 13.80 | -13.49 -0.12 [-0.183
6 Alter 13.74 1-13.43 -0.12 [-0.183
(-0.0640.06) (0.00+40.00)
Before 3.84 | -7.98 0.48
4 After 3.56 | -7.80 558
(-0.2840.18) +0.10
Belore 2.06 1 -9.21 4.93 3.97
2 5 Atter 1.74 -9.11 4.63 4.09
(-0.3240.1) (+0.10+.12)
Belore 3.10 1 -5.89 4.17 2.97
6 After 3.04 | -8.82 4.19 2.94
(-0.0640.07) (0.02-0.03)
Betore 5.36 | -7.51 3.49
4 Affer 510 | -7.28 3.52
(-0.2640.23) +0.03
Before 8.05 | -4.58 -2.00 |-2.798
3 5 After .87 | -4.40 -2.00 [-2.798
: (-0.18+0.18) (0.040.0)
Belore 4.485 1 -8.905 1.65 412
6 After 44251 -8.79 1.58 4.135
(-0.0640.115) (-0.0740.015)

Table 6.7 Change of beam and column monents due to the application

of the axial column load in the central column.
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Moment,kN- cm X1000

—*= Flange Cleat
—+— Flush End Plate
—¥— Extended End Plate

1 1
0 0.02 0.04
Rotation,radian

0.06 0.08

Figure 6.1 Moment-rotation relationship of the three connections considered.

[J4]
[J1] B1 B4 [J7]
C1 C4 Cc7 h3
[J5] Y
[J2] B2 B5 [J8]
c2 C5 Ccs8 h2
[J6] B
[J3] = =5 [J9]
C3 C6 Cc9 h1
o
Lb Lb

Figure 6.2 Frame geometry and designation of the members.
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Figure 6.3 Loading types used in the parametric study.
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Figure 6.5 Column strength curves for two different patterns of residual stress [93].
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Figure 6.7 Frame strength for different conditions (type-A loading).
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Figure 6.8 Internal force distribution in column C6 at the end of beam loading

phase (ie end of sequence 2).
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Figure 6.10 Effect of imperfection on frame strength for different connection
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Figure 6.11 Variation of frame strength for different connection types
(type-B loading).
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Figure 6.12 Variation of frame strength for different connection types
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Figure 6.13 Variation of frame strength for different connection types

(type-C loading).
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Figure 6.14 Variation of beam moments for frame with flange cleat connections

(storey height = 3.6 m).
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Figure 6.15 Variation of beam moments for frame with FEP connections
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Figure 6.16 Variation of beam moments for frame with EEP connections
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Figure 6.18 Column (C6) end moment for the last three load stages in the
sequence-2 (connection type FC).
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Figure 6.19 Column (C6) end moment for the last three load stages in the

sequence-2 (connection type FEP).
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Figure 6.20 Column (C6) end moment for the last three load stages in the

sequence-2 (connection type EEP).
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Figure 6.21 Effect of connection-stiffness on column moment.
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cleat connection (3.6m storey height).
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Chapter 7

Simplified Design Approach for

Non-Sway Semi-Rigid Frames

7.1 Introduction

The discussion in this thesis so far has been restricted to the prediction of frame
response by using a computer program which includes various sources of nonlinear
effects. Such results are useful to understand the importance of various secondary
effects, and to determine the strength and failure modes of the structures. This
approach, however, is well beyond routine design office practice. As a consequence
it becomes imperative that results of such a rigorous method of analysis be cast
in a form such that the general conclusions may be drawn for design purposes.
Therefore, this chapter is devoted to the formation of simplified design guide-lines

for semi-rigid frames, one of the principal objectives of this research work.

The reason for the general reluctance in using the semi-rigid concept
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in design is because of the fact that the designer lacks two things:

1. Sufficient knowledge of the behaviour of the connection in terms of strength

and stiffness.

2. A simple practical method of analysing semi-rigid frames.

The former is actually an impediment to the latter. In order to pave the way
for the development of a simplified design method the main bottle-necks for
such development will be identified first. The appropriate representation of the
connection performance will be addressed and finally proposals for new simplified
design techniques will be presented followed by worked examples to demonstrate
the validity of the proposed method. However under the purview of the present
research programme, only sway prevented cases have been considered and the

discussions in this chapter relate only to non-sway frames.

7.2 Semi-Rigid Connection Behaviour: Impli-

cations for Design

7.2.1 General

It is now a well established fact that all types of practical steelwork connections
possess some ability to transfer moment. The degree of this ability depends on
the connection type, connection size and bolt size as well as bolt arrangements.
Since the early attempts of studying connection behaviour, it is known that the

relationship between connection moment and connection rotation is nonlinear.
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Considerable research effort to quantify the effect of the physical connection pa-
rameters on this relationship have been made all over the world. This chapter
focusses on the primary obstacles in the formulation of design guide-lines for
semi-rigid frames and identifies the gap in the available information which in turn
exposes the potential research need. From a world-wide survey [91] of connection
moment-rotation relationships, the principal parameters which control the M-¢
characteristics are identified here— which eventually points to the information nec-
essary for a realistic design method to evolve. Almost all the publications on this
topic are limited to studying the effect of various connection parameters on the
moment-rotation characteristics with results obtained from a single source, where
tests may suffer set-backs (either compensating or cumulative) due to identical
arrangements of testing. Here attempts are made to focus the influence of various
parameters — from a global view point. Representation of nonlinear connection
behaviour by a simpler one is thought to be the first step for the development
of any design method. It will be shown how this can be done. Attention is also
drawn to the EC-3 [98] recommendation for the classification of joints on the

basis of the connection M-¢ relationship.

7.2.2 Connection M-¢ Relationship

The single most important consideration of any semi-rigid design is the con-
nection behaviour represented by its moment-rotation characteristic. This is the
relationship between the moment transmitted by the joint and the rotation of the
beam relative to the column (see figure 7.1). Although connection rotation has
been variously defined [7], [99], [100]; the procedure for a correct measurement

of the connection rotation is given in [100].
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Attempts to study the connection behaviour dates back to early 1900’s
when Wilson and Moore [10] carried out tests on riveted joints. Since then a
considerable number of tests on connection have been carried out — the primary
objective of all of which were to identify parameters influencing the M-¢ be-

haviour. These are discussed below.

One important feature of the connection M-¢ characteristics that is
required in any analysis is the connection stiffness which is the slope of the con-
nection moment-rotation curve. The nonlinear nature of the connection relation-
ship suggests a progressively lower value of connection stiffness as the rotation
increases — a feature of great significance in any analysis. Thus care must be
exercised in representing connection stiffness in the analysis. Some early mod-
els utilized a linear stiffness based on the initial tangent stiffness. Although
instantaneous stiffness in an incremental analysis would be the ideal solution,
a multilinear representation of the M -¢ relationship may also be satisfactorily
used [4]. Nevertheless, the important parameters affecting the connection rigidity

are identified [4,99] as:
1. Depth and length of the connected beams
2. Type and size of the fastener
3. Thickness of the connection components
4. Physical properties of angles, members and fastener material
5. Whether connected to column web or column flange or girder web

6. Local beam flange buckling

7. Column web yield
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8. Column stiffener yield
9. Beam and column contact during deformation

10. Connection gauge

Although attempts to numerically simulate connection M-¢ behaviour have been
made [5] [101] [102], their use is still limited, particularly for the lack of autho-
ritativeness in predicting the true behaviour under a set of general conditions.
Jones [11] had shown the inadequacy of some of the empirically predicted M-¢
relationships. To date the only dependable (though expensive) way of obtaining
connection M-¢ relationship for subsequent use in analytical procedure is the full

scale physical testing.

Despite the availability of a large body of M-¢ data obtained from the
tests on connections all over the world, their appraisal on a common yardstick is
difficult by the fact that non-standard connections as well as non-standard testing
procedures have been adopted. This makes the prediction of member behaviour

with similar other connections a difficult task.

7.2.3 Present State of Information

In this section an account of the inconsistencies of the available information
pertaining to the M-¢ relationship of a connection is given. Nethercot [103], Kishi
et. al. [104], and Structural Stability Research Council [105] provide information
on the moment-rotation data of typical connections. Results of the connection
tests so far carried out in different part of the world are now embodied into a

computer data-bank [91] at Sheffield. This holds a collection of some 550 datasets,



CHAPTER 7 SIMPLIFIED DESIGN APPROACH 221

involving commonly used connection types. It was originally thought that it could
be used to provide an on line information to be utilized in research institutes
and design offices. That expectation however, could not be achieved for two
reasons. Most of the tests so far conducted furnish information that  for some
reasons or other are inconsistent for design practice, as will be shown later. The
second reason is related to the non-standard practice of connection detailing. For
example, to carry the same load, different designers may come up with different
dimensions even if both choose the same type of connection. These similar but not
identical connections, might have different moment-rotation responses, depending
on different bolt size and spacing, plate sizes, and angle sizes. The sensitivity of
the moment rotation relationship with the various connection parameters will be

shown later.

Figure 7.2 in effect compares the moment rotation relationship for four
flange cleat connections [108] with one flush end plate {106] and one extended end
plate connection [107]. Important parameters for these connections are given in
tables 7.1 and 7.2. It can be seen that the flush end plate connection may have
a smaller stiffness than the flange cleat connection, depending on dimensions of
the connected member as well as connection elements. So it is important that,
while considering connection stiffness, all the variables that effectively control
connection behaviour must be borne in mind. It is totally wrong to judge a
connection stiffness purely the basis of a given connection type, rather it is the M -
¢ curve of the connection that provides the information relating to its performance

in the structure.

Figure 7.3 shows clearly the discrepancy between the available test data

and the realistic information needed in design [109]. The beam and column sizes
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used in the tests conducted so far are not representative of those used in practice
in multistory construction. This omission needs to be rectified since even identical
connections would produce different moment rotation relationship if connected
to different beam and column sizes and any design taking connection restraint
into consideration must be based on appropriate representative behaviour of the

connection moment-rotation relationship.

Figure 7.4 presents the results of the same four flange cleat connec-
tions [108] (see table 7.2). From a survey of 63 different available test results on
flange cleat connections these four results are selected here to show how beam and
column sizes influence the moment-rotation relationship for a connection which
have nearly the same connection elements. It is surprising to note that, from the
survey of the available tests it appears that not a single test scheme was planned
in order to quantify the effect of beam and column sizes on the moment-rotation
behaviour of a connection in which connection parameters were kept constant
while beam and column sizes were varied. Details of the various parameters used
for these tests are in table 7.2. Curves 1 to 4 in figure 7.4 are the M-¢ relationship
for tests for which relevant test parameters are shown against serial number 1 to
4 in table 7.2. In this table, the equivalent British sizes of universal beams and
columns are also indicated where a close enough section is available in both US
and British practice. This is repeated in subsequent tables. Tests no.1 and 2 (as
designated in table 7.2) have all identical parameters except two, the beam size
and the angle length. It has been established elsewhere [7] that angle length is
not an important parameter in controlling the M-¢ behaviour of a connection.
Thus the only effective variation between tests 1 and 2 are the beam sizes. It is
apparent from figure 7.4 that connection stiffness depends to a significant extent

on the size of the beam and the column to which it is connected. Tests no. 3
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and 4 of table 7.2 also signify this fact. Table 7.3 describes the features of two
different tests by Hechtmann [108]. The moment rotation relationship for these
two cases are presented in figure 7.5. This particularly shows the effect of beam
size on the connection stiffness. From the limited information no trend could be
established to extrapolate the M-¢ relationship for the nominally same connec-
tion connected to different member sizes. To this end further study is needed in

determining the quantitative effect of the member sizes.

The observations made in the preceding paragraphs quite appropri-
ately suggests that the information available to hand from the test results does
not place the designer in a position of practising semi-rigid design. Since for a
sound, viable design, the designer must have all his choices or options open in
choosing member sizes and connections. However, if the M-¢ relationship for the
chosen members and connections, remains inaccessible to the designer, he will
not be encouraged to use any new approach and would rather continue to de-
sign structures by the conventional methods. Table 7.4 presents the summary of
available test results [91] for the four commonly used type of connections showing
number of tests carried out for both major and minor axis bending of the column.
Clearly information about connection performance for column minor axis bend-
ing has not kept pace with that of major axis flexure. Information regarding the
test arrangement, ie whether cruciform, cantilever or extended cantilever could
not be obtained from reference [91]. It is appreciated that it is unlikely that
balance will be kept among these three categories of test arrangements, whilst
the importance of using relevant connection information in the practical situation
of either external or internal column is a vital one. It appears that a concerted
effort to obtain the M-¢ relationships for the commonly used connection types is

required and, to this end, standardization of connections would be advantageous.
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Standard testing and reporting of the standardised connections on an interna-
tional basis would allow the consistent exchange of information among different
research groups which will bridge the gaps in the available information so as to

provide a uniform basis for the evolution of semi-rigid design.

7.2.4 Reliability of Connection Response and Its Impli-

cation

The available moment-rotation information for a connection is often based on
one single test. Fabrication differences and field conditions are likely to result
in some degree of variation in connection performance. Figure 7.6 shows M -¢
curves from replicated tests of top and seat angle connections performed under
laboratory conditions [110]. Considerable random scatter can be observed and it
was reported that the initial stiffness varied within a factor of two. Conditions
in the field might cause a scatter greater than those shown in figure 7.6. It
will be shown later in this chapter that overall structural response is not very
sensitive to a certain degree of variation in the M-¢ behaviour of the connection.
This demands that extreme accuracy in representing connection behaviour in the
analysis is not warranted. On the other hand, the designer must have confidence
in the extent of variation the designed structure is likely to suffer due to an
anticipated level of variation in the connection response. This aspect is discussed

by considering the following 3 cases.

Nethercot et al [8] showed that for a 10 per cent shift in M-¢ curve,
the response of the beam was almost unchanged as shown in figure 7.7. It can

be seen that the shift in load displacement response due to 10 per cent shift in
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connection M-¢ relationship is insignificant.

Using the present program the 3- storey, 1-bay frame of figure 7.8 was
analysed with three different connection stiffnesses. The first connection (C)
used was assumed to have a linear stiffness of 1803 kN-m/rad. The other two
connections (designated as Cjp and Cy) considered here were 10 times and 20
times stiffer than the first one. Table 7.5 presents the results of the analyses for
the above mentioned frame with two different span lengths of 5.0 m and 6.5 m.
The moment and deflection values shown in table 7.5 correspond to the top floor
beam at a uniformly distributed load of 15.6 kN/m. All three beams were equally
loaded and their behaviour were more or less similar to those shown in the table

for the top floor beam.

The column subassemblage of figure 7.9(a) was analysed to develop the
column strength curves for three different connections whose M-¢ relationships
are shown in figure 7.9(b). Figure 7.9(c) shows that the column strength curve
with connection types 2 and 3 are virtually coincident and only a small difference
in strength can be observed for the column with connection type 1, although the

M-¢ response of the connection 1 falls far short of that of connections 2 and 3.

The three cases mentioned above clearly demonstrate that the overall
frame response is not very sensitive to the precise M-¢ relationships of the con-
nections. The second of the three cases presented above categorically shows that
a variation in connection stiffness by a factor of 2, does not make any appreciable
difference from a practical view point and the predicted response will
be well within the range of tolerance that is accepted in engineering practice.
It is found that, if a connection response in the actual structure is stiffer than

that assumed in design calculation, the beam deflection is overestimated at the
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expense of under-estimated moments at beam end. Nevertheless, as long as their
variation in the assumed and actual M-¢ response is not dramatic the designer
need not worry about the safe performance of the structure. Thus the semi-rigid
provision of BS 5950 stipulation that inclusion of connection flexibility in the
frame design must be based on the experimental evidence of a M-¢ relationship
is satisfactory. In the next section it will be shown how the nonlinear M-¢ re-
sponse of the connection can be represented in a simpler form so as to enable its

use in a design office context.

7.2.5 Simplified Representation of the Connection Re-

sponse: Linearization of the M-¢ Relationship

Perhaps the most seemingly intractable obstacle in the development of a semi-
rigid frame design method is the nonlinear nature of the connection M-¢ relation-
ship. Although this nonlinearity is easily taken into account using an incremental
technique in a computer program, this is not suitable for the routine practical
design and therefore some simplified representation of this M-¢ behaviour which
would provide results of acceptable accuracy is very much warranted. Represen-
tation of the connection stiffness by the initial tangent of the M-¢ relationship
has been proposed by many researchers. Bjorhovde [3] showed that the support
rotation of simply supported beams of practical dimensions (laterally supported
W18X50 sections in A36 steel with a 25 ft span and subjected to a uniformly
distributed load up to the allowable level) would typically be equal to 0.0092
radians. Use of a semi-rigid connection, he observed, would certainly cause a ro-
tation less than this figure. At such a low level of rotation it was claimed that the

over-estimation of the restraining moment by the use of initial tangent stiffness is
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likely to be small (see figure 7.10). Figure 7.11 shows the actual frame response
determined by constructing a beam-line. The estimated moment M, based on
the initial connection stiffness is higher than the actual moment M,,. It can be
seen that the discrepancy between M), and M,, is dependent on the beam line.
For a rather flexible beam (a flatter beam line) M}, will move close to M,, which
implies that for some frames this approach will give better results than for the
others. However, at factored loads or near failure, appreciable unconservative
behaviour would be predicted if one uses this approach. A conservative approach
would use more flexible connection response, which immediately suggests the
choice of a secant stiffness. The use of a linear secant stiffness would require the
definition of a level of rotation or moment to be used. As shown in chapter 6, in
most non-sway frames of practical dimensions failure takes place with a connec-
tion rotations of around 10 milli radians. Thus the use of this rotation level, for
determining a secant stiffness seems a reasonable lower bound approximation. A
secant stiffness corresponding to a rotation of 10 milli radian £}° has also been
suggested elsewhere [112]. Figure 7.12 illustrates this stiffness for a range of three
different joints. Although for relatively stiff semi-rigid connections, the rotation
at failure could be much less than 10 milli radian, k}° might cause an unduly con-
servative result. An alternative simplification of this situation could be the use
of beam line as shown in figure 7.13. A beam line intersects the vertical axis at a
moment value equal to the end moment of a fully rigid beam and the horizontal
axis at a rotation value equal to the rotation at the end of a simply supported
beam. For a simply supported beam subjected to uniformly distributed load and

equal end moments at its end, the end rotation is given by,

wl3 MEf

$=54El ~ 2EI (7.1)
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This is a linear relationship between the moments and the rotations at
the ends of the beam. A similar relationship for any loading type can be eas-
ily written. As shown in the figure 7.14, this approach to a secant stiffness will
provide a much closer representation of the actual connection response than the
k}® approach. Later in this chapter (see section7.3.2) it will be shown that a se-
cant representation of the connection stiffness by a beam-line approach produces

results that are satisfactory for practical purposes.

7.2.6 Limitation of the Secant Stiffness Approach

It has been shown in the preceding section that the secant stiffness based on the
beam line approach can be a suitable substitute to the actual nonlinear connection
response for the routine design practices. The secant stiffness is a lower-bound
approximation of the connection stiffness as opposed to the upper bound repre-
sented by the initial connection stiffness. For a frame, a lower stiffness causes a
higher deflection than the actual value and the connection would have to transmit
a higher moment due to gravity loads than that accounted for in design. Zoe-
tomeijier [113] has shown that in calculating the stability of the frame the use of
secant connection stiffness provides a safe approximation, as long as the ultimate
moment capacity of the connection is not assumed to be greater than the point
of intersection of the secant stiffness with the actual moment rotation curve. He
also showed that as long as the connection has sufficient rotation capacity for the
assumed failure mechanism to be reached, using a lower stiffness than actual will
not be unsafe. Therefore, the M-¢ characteristics has to intersect the beam-line,

otherwise it will imply that there is insufficient rotation capacity available.
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7.2.7 Classifying the Joint as Semi-Rigid

In the conventional analysis of a structure, where perfect pins or perfect rigid
connections are assumed, real connections seldom show such idealized behaviour.
It is customary to regard connections such as an extended end plate as rigid
and a web cleat connection as pinned, although it has been shown that actual
performance of the connection should be judged by its M-¢ relationship. This has
been correctly appraised by the EC-3 [98] in its attempt to classify the beam-to-
column joints as rigid, semi-rigid and pinned. However, the EC-3 classification
takes only the influence of the beam and the connection into account and therefore
disregards the role of the column stiffness. In the next section (see section 7.3.2)
it will be shown that the overall extent of the semi-rigid effect is dependent on

the stiffness of the beam, the connection and the column.

7.3 Semi-Rigid Action in Non-Sway Frames:

Simplified Approach

7.3.1 General

Various codes of practice recognize the inherent advantage of semi-rigid design
without actually specifying how this advantage can be practically incorporated
in design practice. In the preceding section it has been shown that the main
requirement for the development of semi-rigid design method is the formulation
of design methods which will be simple to use but, at the same time, will give

reliable results. The underlying assumption, however, is that the designer has the
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connection M-¢ relationship at his disposal. To this end the discussion here will
be limited to predicting the first order elastic behaviour, although the general

principles for a plastic design method will be identified.

7.3.2 Basis for Semi-Rigid Design

In design terms the semi-rigid action in frames implies an interaction between
the beam, the column, and the connection. Incorporation of the joint character-
istics in the analysis becomes important if the strength and/or stiffness of the
connection is less than the strength and / or stiffness of the beam [113]. If a
joint characteristic is taken into account it has to be considered in relation to the
strength and the stiffness of the corresponding beam and column. The following
section is intended to demonstrate how the relative stiffnesses of these interacting

components influence the overall frame behaviour.

7.3.2.1 Interaction between the Beam, Column and Connection

The semi-rigid action in a frame is dependent on the interaction of the stiffness
of the beam, the column, and the connection. Figure 7.15 is used to explain why

the interaction of all three components is an important consideration.

A beam of stiffness k; has connections of stiffness k; at its ends. Figure
7.15(a) shows the hypothetical case where the connection is attached to fric-
tionless pins. Figure 7.15(b), on the other hand, shows that the connections
transmitting the forces to a fully fixed support. In the first instance the beam is
effectively a simply supported one, while in the second case, the beam’s behaviour

will be completely dependent on the connection stiffness k;. Figure 7.15(c) repre-
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sents the real situation where the beam is connected to a column of finite stiffness
via the connection. This situation is in between the two extreme cases of (a) and
(b) mentioned above. Consideration of column stiffness (k.) becomes vital in this
case, as the behaviour will be dependent on kj, ks, and k.. Thus in a practical
frame design or analysis all three stiffnesses influence the response. The exact
determination of the extent to which these factors govern the frame behaviour
could lead to a daunting task for every day design office practice. However, a
practical solution could be achieved if non-dimensional design aids are developed
for a range of magnitudes of k;, k;, and k.. In order to make progress in this
area a limited parametric study has been conducted, which is described in the

following section.

7.3.2.2 Parametric Study

As already pointed out, the purpose of this parametric study is to find out how
the relative stiffness of the beam, the column and the connection control the
overall behaviour of the frame. In this instance, this study is limited to the
three storey non-sway frame shown in figure 7.8. Three different beam spans
were considered namely, 5.0m, 6.5m and 8.0m. All three stories were of equal
height and kept constant at 3.5m for all cases. Three different universal beam
sections and four different universal column sections were used. These covered a
beam span to depth ratio from 14.0 to 31.5. The dimensions of the beams and
columns used in this study are shown in table 7.6. Seven different connection
stiffnessswere considered including ideal pin and ideal rigid connections. The
combination of the above variables gave a total of 252 cases. All three beams

at the different storey levels were incrementally loaded by uniformly distributed
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loads up to a value of 24 kN/m. Since only the role of the relative stiffness of
the beam, the column and the connection in the elastic range was considered
in all cases, loading was continued up to this value, which was taken as the
design ultimate load (based on the capacity of the beam, B1 for a 5.0 m span).
Assuming a combined load factor of 1.5, the working load can be assessed as
16 kN/m. Based on the discussion of section 7.2.5, the connection stiffness in
each case was represented by a constant stiffness as shown in table 7.7. These
stiffness values are assumed to be representative of the secant stiffness at working
load as determined by the beam line approach. The discrepancy that is apparent
here (due to the different size of the beam and so the different location of the
beam-line) has been ignored as was the difference in connection behaviour due
to the variation in beam and column sizes. This will not affect the validity of the
conclusions drawn regarding the effect of the relative stiffness of the beam, the

column and the connection.

7.3.2.3 Limitation of Using Linear Connection Behaviour

In this section, the effect of using linear behaviour of the connection, instead of
the actual nonlinear behaviour is examined. It is assumed that connections B
and C have the M-¢ relationship as shown in figure 7.16 when connected to beam
B1 and column C1. The beam line at working load of 16.0 kN/m gives the secant
stiffness (see figure 7.16) kg= 674 kN-m/radian and kc= 1803 kN-m/radian for

connections B and C respectively.

The frame described above, with a span of 5.0 m and beams B1 and
column C1 was analyzed for both connection type B and connection type C.

The loading is uniformly distributed load acting on all three beams as described
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above. The actual behaviour (full nonlinear) of the connections in both cases
was incorporated in the analysis for comparison with the results of the linear

representation of the connection stiffness.

In table 7.8, the average stiffness values for all the connections of the
frame are shown as the load is incremented from zero to the designated value.
Results of using both connections B and C are included in the table. The ratios
kpi/kp and k¢;/kc record how the instantaneous stiffnesses (kp; or k¢;) at various
load levels compare with the secant stiffnesses at working load level (kg or k¢).
In the case of connection B this ratio is 7.50 initially at zero load level and 0.24 at
the ultimate design load level. This means that a linear secant stiffness underes-
timates the connection performance in the initial loading stage and overestimates
it at or near the ultimate load. What follows is that, at the working load level,
an average effect is produced which is fairly close to the actual behaviour. Figure
7.17(a) shows the development of the moments at the mid-span and at the ends
of the top floor beam for connection type B. Results of using a secant stiffness
determined by the above mentioned approach gives acceptable agreement with
that obtained by considering the actual nonlinear connection behaviour. Similar
favourable agreement can be observed in the load- central deflection response of

the same beam as shown in figure 7.17(b)

Figures 7.18(a) and (b) present the similar responses with connection
type C. Table 7.9 compares explicitly the corresponding values at working load
(on which the secant stiffness is based) and at ultimate load. The difference in
the deflection and moment values obtained by linear approach are within 2-3 per

cent of that obtained considering the actual behaviour of the connection.
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7.3.2.4 Presentation of Results

The results of the cases analysed will be presented and discussed here and, unless

otherwise stated, the behaviour of the top floor beam will be discussed.

A set of typical results is assembled in table 7.10 for the 5m span frame.
At working load level, the beam end moments are tabulated as a percentage of
the free moment (simply supported span moment) for various combinations of
beams, columns and connections. The figures in table 7.10, are indeed a measure
of restraint to the beam. Connections designated as B, C, D have stiffness values
listed in table 7.7. Connections B, and C;q are ten times stiffer than connection

B and C respectively whilst connection Cyg is 20 times stiffer than connection C.

In table 7.10, connections are arranged from lower to higher stiffness
from left to right as are the beams; ie. the smallest one, B1 is on the extreme left
and the largest one, B3 is at the extreme right. Column sizes increases downwards

from C1 to CA4.

A close inspection into the table reveals that, for a given connection
and column, increasing the beam size makes the connection less effective. Again,
for a given connection and beam, increasing the column size will increase the
overall restraint to the beam. This increase in restraint is more significant for a
moderate to stiff connection than for a relatively flexible one. For example, for
connection type B, connected to beam B1, changing the column from C1 to C4
would cause a mere 2.5 per cent shift in the end moment, whereas for connection
Bio (which is 10 times stiffer than B) the same change would inflict an 17.2 per
cent increase in end moment. This figure would be much higher for an even stiffer

connection. This leads to the conclusion that any attempt to assess the restraint
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provided by a connection must incorporate the relative stiffness of the beam and

column and linked with the connection stiffness itself.

The values of table 7.10, together with the corresponding values for
the frames with 6.5 m and 8.0 m spans can be best studied by plotting them
in a non-dimensional form. Figures 7.19 and 7.20 are two such plots with con-
nection to beam stiffness, (E_Ik;L_)b in the abscissa and non-dimensionalized end
moment (Mg/Mprgg)as ordinate. The graphical software package [114] used
here restricts a maximum of eight relationships to be compared in one plot, so a
selection has to be made from the available beam to column stiffness ratios shown
in table 7.10. Figure 7.21 presents a selection of %/%;f ratios selected from the
two preceding figures and shows the same relationship in terms of a more uni-
formly spaced beam to column stiffness ratio. Despite the fact that these data
were generated from the analysis of cases with different values of span/depth ra-
tio, they show very good correlation between the curves representing the various
beam-to-column stiffnesses. This figure can actually be used as nomographs for
determining the moments in a frame subjected to uniformly distributed load,
taking into account the relative beam-to-column stiffness and also the stiffness of
the connection. From the known values of stiffnesses of the connection (linear se-
cant) and the beam, the abscissa of the nomograph is entered and then choosing
the appropriate curve for k,/k. the end moment is obtained from the ordinate.
The data of figure 7.21 corresponds to the top floor beam. The beams in the
lower floors will receive higher restraint as depicted in table 7.11. The quanti-
ties compared in table 7.11 are the beam end moment (MEg), the span moment
(M,pan) and the central deflection (4;) of the beam . The three example cases

shown in table 7.11 are randomly chosen. It will be shown later how the same

nomograph (like that of figure 7.21) can be used for the beams and columns at
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different locations by selecting the appropriate stiffness coefficient.

7.3.2.5 Estimation of Moment for a General Loading Type

The previous section has demonstrated that, for semi-rigid frames subjected to
gravity uniformly distributed load, the estimates of bending moment can be made
possible via the use of nomographs developed from a series of case studies. Al-
though the same principle should be valid for any loading types, it is neither
practical, nor possible to foresee the full range of circumstances that may arise in
practice. Therefore, for a general purpose it is necessary to devise design method
which is free from any set of conditions. McCormick [115] has shown that the

end moment of a beam, for any loading condition, is given by

ME—(1+%+%) (7.2)
where,
MFp is the fixed end moment, ks is the beam stiffness,
k. is the column stiffness, k; is the joint stiffness;

If certain assumptions are made regarding the deformation of the frame members,
explicit expressions for the terms in the right hand side of equation 7.2 can be
derived. For this purpose following assumptions are made:

i) For an exterior column the point of inflection is at the mid-height.

ii) For an interior column, the deformation will be dependent on the frame ge-
ometry (symmetric or not) and the loading. For a perfect symmetric case zero
flexure in the interior column can be assumed but the most onerous case will be
a single curvature bending caused by a chequer board pattern of loading.

iii) The fixed end moment at the interior end can be computed by assuming the
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far end pinned and the fixed end moment at the exterior end can be computed
by assuming the far end fixed.

In the line with these assumptions, explicit conditions that would arise at various
locations are discussed below:

Beams with far end at external column

ky = QETIi and M} = Fized End Moment x 1.5

Beams with far end at internal column

ky = 3%"‘ and Mg = Fized End Moment

Top storey columns

— 6EI
k.= %

Middle storey columns

ke = (&h&)u + (ﬁhlg)l

The connection stiffness, k; can be taken as the secant stiffness based
on an appropriate beam line as described in section 7.2.5. Appendix B contains
worked examples on the basis of the above approach. Four examples on two
different frame configurations have been considered. The results obtained by
this approach have been compared with the results of rigorous analysis using the

present program and were found to be satisfactory as can be seen in Appendix

B.

7.3.2.6 Beam Deflection at Serviceability

One of the major obstacles for the use of semi-rigid design is that the sagging
deflection may be excessive when compared to those resulting from rigid design to

meet the requirement of the serviceability limit state. The simple beam deflection
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is 5 times as great as the rigid beam deflection (see figure 7.22 ) which indicates the
potential advantage of limiting the deflection if the inherent semi-rigid connection
stiffness is taken into account. From strength considerations it is contemplated
that the use of semi-rigid design will lead to lighter beams (than those used
for simple design) but it must be ensured that the serviceability requirements
are also met. In the foregoing sections methods to assess the bending moments
in semi-rigid frames under gravity loads have been developed. To check the
serviceability condition, it is important that the designer be able to assess the

deflections without resort to the complexities of a rigorous method of analysis.

Figures 7.22 (a) and (b) show the well known central deflection equa-
tions for a beam subjected to uniformly distributed load with the extreme support
conditions of simply supported and fixed ends. The elastic deflection for a sim-
ply supported beam is five times as great as that of one fixed at both ends. The
fixed supported beam has at its end a moment Mg as against zero end moment
for a simply supported beam. The partially restrained beam of figure 7.22(c)
has an end moment Mpg which is less than the fixed end moment Mp. Clearly
the deflection of a partially restraint beam épr would be greater than é;ze4 but
smaller than §,,. Therefore, from the known values of é,,, 64izea, Mr and Mppg

it is possible to scale épg by employing elastic principles as follows:

Mg — Mpr

MF (63.9 - 6_fiz'ed) (73)

Opr = Ofiged +

Now the above equation will give the deflection of a beam with partially re-
strained ends. The calculation of d,,, 67izea and MF is fairly simple. Calculation
of Mpgr can be accomplished using the approach described earlier. For the com-

putation of the deflection of semi-rigidly framed beams the above equation must
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be modified because of the effect of column flexibility. For a framed beam, the

deflection equation for serviceability conditions are:

M, - M

bsr = brigia + M. = (6pin — brigid) (7.4)

where,

M, = Beam end moment for rigid frame analysis

M,, = Beam end moment for semi-rigid frame analysis

8,in = Beam deflection for pinned or simple frame

8rigid = Beam deflection for rigid frame

Computation of M,, can be performed by the method described in the preceding
section. M, is the limiting case of M,, and so can be computed by the same
method by assuming a high value of connection stiffness. Neglecting the axial
column deformation é,;, can be approximated by the same formula (see figure
7.22) as 8,,. The value of §,;5i4 can be computed by using the slope deflection

equation [116]:

A l Mgy
— , — — —
0A—0A+L+3EI (MAB 5 ) (7.5)

The relevant terms in equation 7.5 are described in figure 7.23. Equations can be
written for the beam and the column end rotations 6, and 6,3 respectively (see

figure 7.23(b)) and for a rigid frame,

021 = 023

The resulting value of A which is obtained from solving equation 7.5 is 6,igi4.
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Should the above approach of computing 4,44 prove to be tedious, the
designer could easily use a linear elastic frame analysis program to obtain &,4i4.

It is hoped that every design office should have access to such program nowadays.

7.3.2.7 Example of the Calculation of Deflection

The nomograph of figure 7.21, together with the procedures described in the
previous section, will now be used to obtain the central deflection of the top floor
beam of the frame (span = 5.0m) shown in figure 7.8. The beam section is Bl
and the column section is C1 as listed in table 7.6. The central displacement at
a load intensity of 24.0 kN/m is computed as follows:

E=210 kN/mm? 6, =225  =3.342cm

8rigid = 1.91cem (from rigorous analysis)

M, = 26.78 kN-m (using the nomograph)

For Connection ‘B’

k;=674 kN-m/rad, ks = Efi‘l=1168.65 kN-m/rad, k.= %=741.06 kN-m/rad
£=0.576 k=1.58

using figure 7.21, M,,=0.11 Mprgg = 8.25 kN-m/rad.

The computation of the deflection for connection types B, By, C,Cyo,Czo and D
(using equation 7.4) are shown in table 7.12. Also included in that table are the
deflections computed by using the present computer program. It can be seen that
the predicted displacement by the above approach is very close to that obtained
by the rigorous analysis. Thus it appears the method described can be justifiably

used for the computation of elastic deformation of the beams of semi-rigid frames.
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7.3.2.8 Moments in the Column

In chapter 6, it has been shown that for partially restrained (or semi-rigid) frames
the column moments are much greater than those estimated by the codes of
practice. Baker [117] observed that tests showed that real eccentricities could be
as great as five times than those recommended by the structural code. However,
the cases studied in chapter 6 show that in semi-rigid frames the column moments

(M_o1) can be approximated simply by
M, = Mg + beam reaction X eccentricity of the reaction (7.6)

where Mg is the beam end moment. The eccentricity of the reaction is equal
to half the column depth in the case of major axis bending and zero otherwise.
This, however, assumes the beam reaction to act at the column face, which
may not be true for connections like the flange cleat. In the author’s view this
can be neglected and the above equation can be used satisfactorily. The end
moment of the beam can be obtained by using the method already described
and, for columns other than the top storey one, the column moment should be
apportioned in proportion of the respective column stiffness. Column stiffness
however, should be based on the deformed shape due to any anticipated loading
arrangement in the frame taking into account the support condition at the far

end.

7.3.2.9 Design of Axially Loaded Columns

The strength of a column in a frame depends considerably on the restraint pro-
vided by the connection and the adjacent members. Consequently it necessitates

the inclusion of this influence in the design of the column. One convenient way of
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including this interaction effect is to use the concept of effective length, which is
defined as the length of an equivalent pin ended column that will give the same
critical load as for the actual column. For isolated columns, the effective length
can be explicitly determined [68] if the end conditions are known. But, when a
column is part of a frame, the ideal solution would be based on the interaction
of the complete structure aiming at the search for the load at which the overall
frame stiffness vanishes. However, for design purposes, this procedure is imprac-
tical and a more traditional method of isolating the individual member is much

more desirable.

For a rigid jointed frame, the method of calculating the effective length
of a column have been suggested by Julian and Lawrence [118] and Wood [53].
The effective length of a column in a semi-rigid frame is dependent on the stiffness
of the joint which makes the inclusion of this effect complicated by the fact that
this stiffness is not a constant value. The situation is further complicated because
some of the connections associated with the column may be unloading while
others are being loaded. While researchers have suggested different solutions
to this problem, almost all are based on the representation of the connection
stiffness by the initial tangent of the connection M-¢ relationships. Reference [13]
observed that this approach is correct for a bifurcation type of buckling problem,
but, in reality column end deformations will occur prior to the attainment of the
maximum (critical) load and consequently the effective stiffness of the connection

will tend to decrease with increasing load.

The most promising way of incorporating the influence of connection
stiffness in determining the effective length of the column is due to Bjorhovde

[3]. The method actually uses the AISC G-factor alignment chart for arriving at
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suitable values of the effective length factor. For use with the BS 5950 effective
length charts Davison [32] modified the definition of some of the terms involved in
the computation. The modified G-factor approach and the modified BS 5950 ap-
proach are well documented elsewhere [32],(57] and therefore will not be repeated
here. Davison’s computation, based on an initial connection stiffness, showed
a predicted axial capacity of up to 10 per cent more (unsafe prediction) than
the test results (see table 7.13). The cases shown in table 7.13 corresponds to
the sub-assemblage tests by Davison [57]. The subassemblages were subjected
initially to equal beam load and then column load was applied until failure (see

figure 7.24).

The use of a secant stiffness for the representation of the connection has
been discussed earlier. Based on a k}o, the secant connection stiffness at 10 milli
rad connection rotation, the computation of the effective length factor and the
design load were recalculated by the author. Computations by both the AISC
G-factor approach and by the BS 5950 approach are explicitly shown in table
7.14 and table 7.15 respectively. The calculation in these tables are based on the
principles laid down in reference [3]. Since the beam loads were applied only on
the top beams , one connection at the top joint was assumed effective, while both
the connections at the bottom joint were considered to be effective. Once the
effective length of the column is established the next stage is the determination
of the column strength for a given column slenderness. In the inelastic range the
column strength can be estimated by the following formula [119]

o, k\?
O, =0y — ~E (0, —0p) | — (7.7

r

where,

o. = critical stress
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oy, = yteld stress
o, = proportional limit stress
Replacing o, by (o, — orc), where opc is the residual stress and assuming a

residual stress equal to 0.50,, equation 7.7 finally reduces to

S 1 (’“")2 (79)

r
This equation is plotted in figure 7.25. Tabulated values of the critical average
stress predicted by the above equation for structural steels having various yield

stresses are available [60].

Equation 7.8 facilitated the computation of the column design loads
shown in tables 7.14 and 7.15. The use of secant stiffness has resulted in higher-
effective length factors (than those of table 7.13) for all four cases, although the
predicted loads in table 7.14 are still on the unconservative side. This is because
the approach used to calculate the strength of the column in the reference [57)
is different from that of equation 7.8. The effective length factors as obtained in
table 7.14 may be used with BS 5950 (section 4.7.5) and all four cases reported
in table 7.14 would produce a ‘Test Load/ Predicted Load’ greater than one
(1.25, 1.08, 1.11 and 1.15 respectively). The G-factor approach appears to be
relatively insensetive to the connection stiffness. However, it can be seen that
the prediction of design loads by the modified BS 5950 as shown in table 7.15

compare favourably with those obtained by the column-subassemblage tests [57].

A further documentation of the method is shown in tables 7.16 to 7.19,
against the results of full scale frame tests [32]. The description of the frame

tests-1 and test-2 can be seen in chapter 4. Unlike the computations of tables

7.14 and 7.15, the calculations for tables 7.16 to 7.19 had to be based on some
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assumed data (see corresponding tables), since the properties of the relevant test
column were not available. Correspondence between the test results and the
predicted column capacity is quite satisfactory, despite the presence of moments
in the external column due to beam loading (unlike those in subassemblage tests).

It must be emphasized however that these moments were of modest magnitude.

Thus for the cases considered the axial carrying capacity of the column

can be estimated by the above procedure using a k}o connection stiffness.

7.3.2.10 Design of Columns Under Combined Axial Load and Bend-

ing

The design of beam-column is usually tackled by the interaction equation of the

form:

@(ﬂ ﬂ) <1.0 (7.9)

where,

P= Axial thrust at failure

P, = Ultimate load for a centrally loaded column
M= Maximum bending moment at failure

M, = Ultimate moment capacity in the absence of axial load

The explicit form of equation 7.9 varies from code to code. An overview
of these forms allowing for semi-rigid effects is given elsewhere [112]. The calcu-
lation of the axial carrying capacity of a column was discussed in the preceding

section. The assessment of the column moment in semi-rigid frame has also been
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discussed above, which should make the use of the interaction formulae rather

straightforward.

7.3.2.11 Plastic Design of Semi-Rigid Frame

To exploit the full advantage of semi-rigid design, a plastic design approach should
be considered. For the non-sway case, the calculation of the first order force dis-
tribution should prove relatively straightforward with acceptable accuracy. How-

ever, following important points need to be considered.

1. For partial strength connections, if the moment at the mid-span reaches
the plastic moment(M,) of the beam and those at the ends reach the full

connection capacity(M,) then for the beam of figure 7.26

M.+ M, = Free Moment.

2. If the calculation is based on the above mechanism, the designer has to be
satisfied that the column’s plastic moment (M,.) is greater than (M.). In
this case any possible reduction in M,,., due to the presence of axial load

should be considered.

3. In the event that a plastic hinge is developed at the connection, the column
should not be designed as end restrained, rather it should be designed with

an effective length equal to unity.

4. If the connection is too stiff, the first plastic hinge will occur at the beam

end. In that case the connection must have sufficient rotation capacity to
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complete the full beam mechanism, from which a condition for minimum

rotation capacity can be derived [120].

5. If the connection is rather flexible, the first plastic hinge will occur at the
beam centre and no requirement of minimum rotation capacity is required.
However the M-¢ relationship must satisfy the requirement of minimum
stiffness in order that serviceability deflection limit is not exceeded. Ref-
erence [120] shows explicitly how the condition for the minimum stiffness

requirement can be formulated.

7.4 Conclusions

The main obstacles for the development of a design method for semi-rigid frames
have been identified in this chapter. They are namely, the lack of dependable
information on connection behaviour and the highly nonlinear nature of the con-
nection M-¢ response. A linear secant representation of the connection behaviour
has been proposed by the author, which has subsequently been used to quan-
tify the design forces and the serviceability deflections for a non-sway semi-rigid
frame. These forces and deflections were found to correlate well with those ob-

tained from rigorous analyses.

Using the secant representation of the connection behaviour, an exist-
ing method of determining the axial capacity of a (semi-rigid) framed column
has been examined. It has been shown that the modified BS 5950 approach to
effective length gives better results than those produced by the AISC G-factor
approach (both methods being used in conjunction with the column strength

curve of equation 7.8).
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Span Connection Beam end moment | Central deflection

m Designation as % of free moment cm

C 19.6 1.643

5.0 Cho 33.0 1.326

Cao 34.6 1.290

C 24.0 4.32

6.5 Cro 37.98 3.225

Cao 39.2 3.140

Table 7.5 Effect of the variation of connection stiffness.

Member Designation | British Standard Overall I,
Section Serial Size | Depth, mm | em?

B1 254x102 UB22 254 2863

B2 305x102 UB28 308.9 5415

B3 356x127 UB33 348.5 8167

C1 152x152 UC23 152.4 1263

C2 203x203- UC46 203.2 4564
C3 254x254 UC 73 254.0 11 360
C4 356x368 UC 202 374.4 66 307

(very stiff)

Table 7.6 Member serial sizes and properties used in the analysis.

Connection Designation | Stiffness Values

kN- m/rad

A 0.00001

B 674.0

C 1803.0

Bio 6740.0

Cro 18030.0

C2o . 36060.0

D 1695000.0

Table 7.7 Connection stiffness values for the different connections used

in analysis.
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Load Conn. Type B Conn. Type C
step
kpi kpi/ks kci kci ke
kN-m/rad kN-m/rad

1 5055.0 7.5 23080.0 12.8
2 1408.0 2.09 2885.0 1.6
3 1348.0 2.00 2614.0 1.45
4 1178.0 1.75 2308.0 1.28
5 1038.0 1.54 2272.0 1.26
6 1025.0 1.52 2236.0 1.24
7 1011.0 1.50 2200.0 1.22
8 829.0 1.23 1800.0 0.998
9 647.0 0.96 1551.0 0.86
10 465.0 0.69 1424.0 0.79
11 390.9 0.58 1352.0 0.75
12 330.3 0.49 1244.0 0.69
13 283.1 0.42 1172.0 0.65
14 2494 0.37 1136.0 0.63
15 222.4 0.33 991.6 0.55
16 202.2 0.30 901.5 0.50
17 182.0 0.27 829.4 0.46
18 175.0 0.26 739.2 0.41
19 168.5 0.25 685.14 0.38
20 161.8 0.24 631.05 0.35

Table 7.8 Comparison of the secant stiffness values with the tangent

stiffness of the nonlinear connection at different load levels.
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Span | Beam | Column | Connection | Storey | Mg | Mpan b
m level | kN-m | kN-m | cm
1 7.55 | 7543 | 2.75
6.5 B2 C1 B 2 8.09 | 74.88 | 2.77
3 6.75 | 76.3 | 2.88
1 37.2 | 43.89 | 0.848
6.5 B3 C3 C 2 38.7 | 42.26 | 0.815
3 34.2 | 46.69 | 0.967
1 6.09 | 42.5 | 1.729
5.0 B1 C1 B 2 6.5 42.1 | 1.749
3 55 |43.14 | 1.84
Table 7.11 Variation of restraint at different storey levels.
Connection | End Moment MEA'—/TH-'— predict | Oprog | JoETrOT
Designation M,,
(kN-m) (em) | (em)
B 8.25 (.692 2.87 3.19 10.0"
B 21.75 0.188 2.167 | 2.13 0.9
C 14.70 0.451 2.53 | 2.53 0.0
Cio 24.75 0.076 2.01 | 2.04 1.4
Cao 25.95 0.031 1.95 | 1.99 2.0
D 26.78 0 1.91 | 1.95 2.0
= Plasticity in beam.
Table 7.12 Prediction of serviceability deflection.
Test No./ oy Atea of the Col. [ Eff. Length | pics-ti—
Col. Bending Axis | N/mm? sq. mm Factor, k.
ST3 (Minor) 265 2914 0.52 0.95
ST4 (Major) 273 2983 HH 1.06
ST6 (Minor) 238 2874 51 0.90
ST8 (Minor) 279 2837 52 0.95

Table 7.13 Comparison of the test load with the predicted load (after

Davison [57])
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f |
=

a) Connection

b) Model

c) Moment-rotation characteristic ¢

Figure 7.1 Connection moment and rotation.
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Figure 7.2 M—¢ relationships for connections of tables 7.1 and 7.2.
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Figure 7.3 (a) Available M — ¢ data for flange cleat connections.
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Figure 7.3 (b) Available M — ¢ data for flush end plate connections.
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Figure 7.3 (c) Available M — ¢ data for extended end plate connections.
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Figure 7.4 M — ¢ relationship for the four flange cleat connection of table 7.2.
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Figure 7.5 M — ¢ relationship for the two flange cleat connection of table 7.3.
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Figure 7.6 Range of variation observed in replicated connection test results [110].
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Figure 7.7 Effect of 10% shift in M — ¢ characteristic on beam response [8].
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Figure 7.8 Frame considered for parametric study.



CHAPTER 7 SIMPLIFIED DESIGN APPROACH 263

B

L
— &® ——
& A A
) _|

Figure 7.9 (a) I-shaped subassemblage used for column strength determination.
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Figure 7.9 (b) Connection M — ¢ behaviour considered for the subassemblage
of figure 7.9(a).
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Figure 7.9 (c) Column strength curve for the different connections of figure 7.9(b).
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Figure 7.10 Observation of the semi-rigid moment for a given rotation when using
the linear initial tangent stiffness.
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Figure 7.11 Variation of estimated response by a beam line approach for a
nonlinear connection M — ¢ behaviour and the linear initial tangent
stiffness approximation.
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Figure 7.12 Secant stiffness based on fixed rotation level.
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Figure 7.13 The beam line concept.
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Figure 7.14 Secant stiffnesses based on beam-line.
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c) Connection to frame column.

Figure 7.15 Semi-rigid connection to different support arrangements.
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Figure 7.16 Secant stiffness representation of the connection ‘B’ and ‘C’ - based
on beam line.
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(b) Load-deflection relationship.

Figure 7.17 Effect of using a secant linear representation of the nonlinear

connection behaviour for connection B of figure 7.16.
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(b) Load-deflection relationship.

Figure 7.18 Effect of using a secant linear representation of the nonlinear

connection behaviour for connection C of figure 7.16.
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(c) Beam with semi-rigid ends

Figure 7.22 Beam deformation for different support conditions.
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Figure 7.23(a) Nomenclatures for slope-deflection equation.

Figure 7.23(b) Rigid frame joint behaviour for the calculation 6,44
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Figure 7.26 Beam mechanism for semi-rigidly connected beam.



Chapter 8

Conclusions and

Recommendations

This thesis has reported the development and validation of a computer program
and its subsequent use for the behavioural studies of semi-rigidly connected steel
frames. Based on a tangent stiffness formulation, this finite element program
includes the secondary effects of initial stresses, initial strains and also includes
nonlinear connection behaviour in both monotonic and cyclic load situations. The
behavioural study of a number of frames has been conducted and the general be-
havioural patterns for non-sway frames have been identified. Simplified methods
for the estimation of design forces in semi-rigid frame have been proposed. Al-
though the computer program developed here has been validated against exper-
imental evidences in both non-sway and sway cases, this present work is mainly
limited to non-sway cases. More extensive studies are needed for the develop-
ment of design approaches for sway cases as well. It is believed that a computer

program such as the present one can be utilised for such studies.

278
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This chapter presents a concise itemised summary of the significant
conclusions from the present study. Some aspects of relevant future research are

also identified here.

8.1 Summary of Conclusions

An existing formulation for a semi-rigid beam-column element has been success-
fully implemented for a full two dimensional frame analysis. Since the formulation
does not treat the semi-rigid joint as a separate element, rather a modified stiff-
ness of normal beam-column element is used to include the effect of semi-rigidity,
it gives considerable advantage in reducing the number of unknown variables
leading to savings in CPU time. The gradual spread of yield over the cross sec-
tion is taken into account by dividing the cross-section into sub-elements and,
within the limitations of simple beam theory, any elastic-plastic constitutive re-
lationship including the effect of strain-hardening can be assigned. The effect
of axial force and the initial geometry are included by means of the [Kg] and
[KL] matrices. A cubic B-spline representation of the connection M-¢ behaviour
is used in the analysis. A trilinearized M-¢ characteristic is used to model the
connection response under cyclic loading history. The joint-offset, which is an
important aspect of the analysis of semi-rigid frames with columns in major axis
bending is also included. Material and geometrical imperfections can both be

handled by the present program.

Comparison with the available analytical and experimental results have
shown that the performance of the present program is quite satisfactory in pre-

dicting the load-deflection response as well as the failure load.
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The verification of the predicted response in the sway mode, as pre-
sented in chapter 5, serves two purposes — firstly it facilitates its intended purpose
of verifying the computer program under complicated cyclic loading history and
secondly it highlights several important aspects of semi-rigid frame behaviour

associated with this particular loading type. These are summarized here:

1. The cyclic response of a semi-rigid frame is adequately modelled by a set of
trilinearized connection parameters obtained from a monotonic M-¢ char-

acteristic of the connection behaviour.

2. Symmetric cyclic loading produces symmetric loops of load-deflection re-
sponse and, because the nonlinear connection behaviour has been repre-
sented by a multilinear relationship, the predicted response follows a dis-

tinct linear range but still predicts deflections close to the actual ones.

3. For the range of frames and connections considered in chapter 5, it was
observed that, within the allowable sway deflection limit of h/300, repre-
sentation of the connection by a linear stiffness would produce satisfactory

results for most practical purposes.

4. Repeated cycles of loads were found to be very stable with the semi-
rigid frames. Despite loading level high enough to produce deflections
many times the allowable limit, incremental deflections were virtually non-

existent.

However, these conclusions are based solely on the frames considered in this study,
any generalization of these conclusions must await a similar study on relatively

slender frames.
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A limited parametric study has been conducted on non-sway semi-rigid
frames. The influence of frame geometry, various loading types, connection stiff-
nesses, and imperfection sensitivity on the performance of semi-rigid frames has
been studied. Relevant conclusions are drawn at the end of chapter 6, only the

most significant conclusions are mentioned here.

1. Semi-rigid frames are not susceptible to significant loss of strength due
to the presence of imperfections and the presence of both geometric and

material imperfections together is not synergistic.

2. The exact sequence of the application of beam load and the column load,
in general, does not appear to have any significant influence on the load

carrying capacity of the semi-rigid frames.

3. The codified concept of using a fixed eccentricity for the beam end shear to
estimate the columns end moment could, in some cases, result in a gross un-
derestimation of the column moment which is dependent on the stiffnesses

of the beam, the column and the connections.

4. For non-sway frames, the upper-bound of connection rotation at or near
failure can be taken as 12 milli radian for most frames of reasonable practical
dimensions. However, for some stiffer connections failure rotations less than

5 milli radian have been observed.

5. The phenomenon of moment shedding in columns occurs as a result of loss
of stiffness of a column by plastification or due to the application of column
load after a certain level of beam loadings. However, it was found that this
need not be a design consideration since the rate of decrease in moment in

framed columns was found to be very insignificant.
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As already mentioned, the main goal of this research work was to de-
velop simplified design methods for semi-rigid frames. The main bottlenecks to
the development of such methods have been discussed in chapter 7 and some
simplified approaches to address the problem have been proposed for the design
of non-sway semi-rigid frames. To this end the major conclusions are summarised

below:

1. The available connection M-¢ test data cover only a narrow range of the

beam and column sizes used in practice.

2. The range of variation in the connection performances that is likely to occur
in replicated connections has, from a practical viewpoint, inconsequential

effect on the actual behaviour of the structure.

3. A lower bound linear representation of the connection stiffness, by means
of a secant stiffness based on the beam line approach was found to predict
a satisfactory structural response when compared to those produced by the

true nonlinear connection behaviour at working load.

4. Any attempt of classifying the joint as rigid, semi-rigid or pin, must take
the consideration of the column, the beam and the connection stiffnesses

together.

5. A set of non-dimensionalized curves have been prepared which would facil-
itate estimation of beam end-moments in non-sway semi-rigid beams under

uniformly distributed laod.

6. Based on the behavioural studies of chapter 6, a formula originally sug-
gested by McCormic [115] has been generalized by the author for use in de-

termining the elastic force distribution around a non-sway semi-rigid frame.
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A method of estimating elastic deflection of semi-rigidly connected beams
has also been proposed. Illustrative examples are shown and results com-
pared with those obtained from rigorous analysis. Generally satisfactory

agreements were found.

7. It has been shown in chapter 6 that the actual disturbing moments in the
columns does not correspond with that assumed in the so called ‘simple’
design approach of the British code in which it is assumed that the beam
end shear acts at the centre of stiff bearing subject to a minimum of 100
mm from the column face. It was found that the disturbing moment at the
column in the elastic range, can be simply taken as the sum of the beam
end moment and the moment produced by beam end reaction acting at the

column face.

8. An existing method of determining the column capacity by the effective
length approach has been employed using the secant representation of the
semi-rigid connection behaviour. A number of cases have been considered
by both the AISC G-factor approach and by the BS5950 effective length
chart. It was found that the secant representation provided a dependable
prediction of the column capacity when compared with several full scale

test results.

8.2 Recommendations for Future Work

The main-emphasis in this research project was to develop a well validated re-
search tool. The capabilities developed and the degree of correlation which has

been established demonstrates its usefulness as a powerful analytical tool. To-
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wards the main objective of developing a thorough design approach for semi-rigid
frames some proposals have been put forward, although further studies are re-
quired to bridge the gaps in available information and to raise the confidence
in using the semi-rigid design concept by the practising engineers. A number
of aspects which deserve further research have been highlighted throughout this
thesis; those together with a possible future extension of the present work are

summarised in this section.

During the verification stages of this work it was felt that test programs
intended to provide data for verifying analytical methods should be designed to
correspondJ:tohe analytical model as closely as possible — keeping in mind the lim-
itations of modelling every single detail of test conditions. It must be noted that
modelling of an arbitrary frame is extraordinarily difficult. Proper documentation

of the test conditions is equally important as the reporting of the results.

The conclusions drawn in this thesis regarding the behaviour of semi-
rigid frames under cyclic load needs to be generalised by studying the similar
effects on relatively slender frames. It is also worth noting that the adopted
connection model assumption of elastic unloading up to a length of twice the
proportional limit moment showed some discrepancy with the test response and
it appears that this, in fact, depends on the location of the point of load reversal.
Further studies are needed to clarify this behaviour and then the connection

model can be improved.

The connection behaviour in terms of M-¢ response for a broad realistic
range is lacking. Researchers intending to carry out test schemes should address
this aspect while designing their experimental programme. To aid the elemination

of this gap avoiding expensive experimental studies — attempts should be made to
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the development of a mathematical tool to predict M-¢ behaviour of apparently

similar connections but connected to different beam to column sizes.

The non-dimensionalised design charts as presented in chapter 7 (figure
7.21) can be further improved by replacing the multiple curves by a single curve
by choosing a suitable function involving k;, k. and k; in the abscissa (see figure
8.1). An extensive parametric study on other aspects of semi-rigid design needs
to be carried out using the present program which will facilitate development of

thoroughly validated design approaches.

One possible extension of the present computer program is to develop
the formulation for 3-D response of semi-rigid frames. With the achievement
of the present level of validation this seems to be a very encouraging prospect.
However, the availability of relevant M-¢ characteristics will be an important

consideration in this respect.
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Figure 8.1 Design chart format for semi-rigid beams.
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Appendix A

Additional Details of

L J [ ]
Comparisons with SUF Tests
Following the presentation of the comparison of the predicted response from the
present program with the Sheffield University Frame (SUF) test results some

additional information which has been referred to in chapter 4 is given in this

appendix.
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APPENDIX A ADDITIONAL DETAILS OF SUF TESTS

Scan Total Load per Beam (kN)

No. | B-2 B-3 B-4 | B5 | B-6
1 0.0 0.0 0.0 0.0 0.0
2 8.72 8.01 8.78 | 8.82 | 8.81
3 18.88 | 18.09 | 19.08 | 19.50 | 19.60
4 29.02 | 28.21 | 29.29 |30.17 | 30.35
5 39.18 | 38.39 { 39.52 |40.86 [ 40.89
6 52.36 | 51.60 | 52.77 | 54.71 | 54.37
7 59.51 | 58.76 | 59.93 | 54.69 | 61.63
8 73.93 | 73.24 | 7446 | 54.68 | 76.36
9 79.317 | 78.64 | 79.84 | 54.7 | 81.81
10 90.02 | 89.36 | 90.61 | 54.69 | 92.70
11 {100.73 | 100.02 | 101.34 | 54.68 | 103.54
12 117.0 | 116.21 | 117.70 | 54.71 | 119.98

Table A.1 Loading history in the beams of the test SUF1 [32].

Scan Total Load per Beam (kN)

No. B-1 B-2 B-3 B-4 B-5 B-6
1 0.0 0.0 0.0 0.0 0.0 0.0
2 9.33 | 8.53 8.60 8.63 | 8.91 | 8.58
3 19.91 | 18.70 | 18.74 | 18.81 | 19.62 | 19.11
4 30.47 | 28.88 | 28.91 | 29.04 { 30.32 | 29.69
5 | 41.02 | 39.05 | 39.07 | 39.26 | 41.01 | 40.09
6 54.66 | 52.26 | 52.26 | 52.51 | 54.87 | 53.53
7 62.08 | 59.49 | 59.49 | 59.75 | 54.93 | 60.81
8 77.00 | 73.97 | 73.94 | 74.27 | 54.90 | 75.45
9 82.5 | 79.37 | 79.36 | 79.63 | 54.9 | 80.87
10 | 93.58 | 90.10 | 90.05 | 90.46 | 54.89 | 91.74
11 |104.58 | 100.85 | 100.69 | 101.28 | 54.89 | 102.57
12 | 121.31 [ 117.13 | 116.81 | 117.61 | 54.88 | 118.93

Table A.2 Loading history in the beams of the test SUF2 [32].
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Step Total Load per Beam (kN)

No. | B-1 | B2 | B3 | B4 | B5| B-6
1 0.0 | 00 [ 00 | 00 | 0.0 | 0.0
2 9.0 9.0 9.0 9.0 { 9.0 | 9.0
3 18.0 | 18.0 | 18.0 | 18.0 | 18.0 | 18.0
4 27.0 | 27.0 | 27.0 | 27.0 [ 27.0 | 27.0
5 36.0 | 36.0 | 36.0 { 36.0 ; 36.0 | 36.0
6 45.0 | 45.0 | 45.0 | 45.0 [ 45.0 | 45.0
7 54.0 | 54.0 | 54.0 | 54.0 | 54.0 | 54.0
8 ]61.50 | 61.5 | 61.5 | 61.5 [ 54.0 | 61.5
9 | 69.0 | 69.0 [ 69.0 | 69.0 | 54.0 | 69.0
10 | 76.5 | 76.5 | 76.5 | 76.5 | 54.0 | 76.5
11 | 84.0 | 84.0 | 84.0 | 84.0 | 54.0 | 84.0
12 19150 | 91.5 | 91.5 | 91.5 | 54.0 | 91.5
13 | 99.0 | 99.0 | 99.0 | 99.0 [ 54.0 | 99.0
14 |103.5 | 103.5 | 103.5 | 103.5 | 54.0 | 103.5
15 | 108.0 | 108.0 | 108.0 | 108.0 | 54.0 | 108.0
16 | 112.5 | 112.5 | 112.5 | 112.5 | 54.0 | 112.5
17 [117.0 { 117.0 { 117.0 | 117.0 | 54.0 | 117.0

Table A.3 Loading history in the beams of the analytical models of

SUF1 and SUF2 (B-1 is only for SUF2).
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Member | Specmn. D B T, Ty A I, 1,
Desig. ref. mm mm |mm |mm | ecm? | em* | em?

Colm. C13 153.31 | 156.45 | 6.47 | 6.95 | 31.38 | 1339.4 | 445.5

Cl4 153.32 | 156.45 | 6.52 | 6.89 | 31.27 | 1331.9 | 441.6

C15 153.03 | 156.58 | 6.25 | 6.89 | 30.89 | 1321.3 | 442.7

C16 153.01 | 155.94 | 6.10 | 6.65 | 29.87 | 1277.9 | 422.1

C17 153.91 [ 154.33 | 5.97 | 6.70 | 29.68 | 1287.0 | 412.3

C18 153.62 | 156.58 | 6.68 | 6.86 | 31.44 | 1337.8 | 440.8

Beam B17 254.30 | 103.87 | 6.39 | 6.84 | 30.22 | 3001.8 | 129.0

B18 254.25 | 103.95 | 6.40 | 6.83 | 30.24 | 3000.5 | 129.1

B19 254.53 | 103.78 | 6.01 | 6.80 | 29.23 | 2950.5 | 127.9

B21 254.20 | 103.61 | 6.04 | 6.80 | 29.26 | 2941.8 | 127.2

B22 254.70 | 103.47 | 6.16 | 6.77 | 29.50 | 2957.5 | 126.2

B23 254.50 | 103.87 | 6.18 | 6.91 | 29.87 | 3002.5 | 130.3

B24 254.50 | 104.40 | 6.19 { 6.91 | 29.97 | 3014.9 | 132.3

B25 254.50 | 103.90 | 6.24 | 6.90 | 30.00 | 3007.3 | 130.2

B26 254.20 | 103.34 | 6.15 [ 6.80 | 29.49 | 2948.9 | 126.3

B27 251.10 | 103.29 | 5.89 | 6.73 | 28.72 | 2895.4 | 124.8

B28 254.20 1 102.98 | 6.03 | 6.76 | 29.07 | 2916.3 | 124.2

Table A.4 Sectional properties of the members of the test frames [32].
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Member | Specmn Static Stub column test results
Desig. ref. yield stress
(N/mm?)

Colm. C13A 269.43 0,=295N/mm?
C13B 243.66 E=277TkN/mm?
C13C 222.42
Cl14A 268.33 0,=295N/mm?
Cl14B 255.13 E=222kN/mm?
C14C 266.50
C15A 271.28 0,=300N/mm?
C15B 261.01 E=210kN/mm?
C15C 254.56
C16A 294.72 0,=304N/mm?
C16C 302.78 E=202kN/mm?
C17A 288.86 0,=300/mm?
C17C 297.84 E=207kN/mm?
C18A 278.71
C18B 277.43

Beam B17A 280.60
B17B 259.53
B17C 262.74
BI18A 283.01
B18B 258.54
B18C 260.75
B19B 269.25
B19C 269.30

Table A.5 Material properties of the members of the test frames [32].
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Member { Specmn Static Stub column test results
Desig. ref. yield stress
(N/mm?)

B20A 283.37
B20B 266.42
B20C 264.60
B21B 272.63
B21C 266.30
B22A 286.85
B22B 244.21
B22C 270.63
B23A 311.15
B23B 287.26
B23C 287.73
B24A 313.34
B24B 289.03
B24C 298.57
B25A 311.78
B25B 282.96
B25C 293.23
B26A 291.44
B26B 279.07
B26C 292.03
B27A 286.96
B27B 286.29
B27C 287.38
B28A 289.43
B28B 276.62
B28C 297.44

Table A.5 Material properties of the members of the test frames (con-

tinued from previous page).



Appendix B

Worked Design Examples

A simplified design approach for non-sway semi-rigid frames have been presented
in chapter 7. The approach uses a secant representation of the connection be-
haviour based on beam-line at the appropriate load level. In this appendix 4
examples are worked out for two different frame configuration with two different

connection types and two different loading conditions.

Design Example 1

Given the structure of figure B.1

Load P=50 kN each acting at the quater points of each beam.

Connections are all of type B, whose moment-rotation response is as shown in
figure 7.16

Bl = 11,6865 kN — cm/rad.

I _

Elz — 6,4842 kN — cm/rad.

308
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k; = 54674kN — cm/rad (secant stiffness by beam-line at the specified load)

Top Floor
3EI 6FI,
k = kc =
b L h
MF
Mz =

Co (e p+p)
_ 46.85x 1.5
B 8.31
= 845%N —m

Intermediate Floors

3EI, 12F1,
b= = be = —
. 70.3
Mg = 7355
= 8.94kN —m

The beam centre moment can be obtained from simple statics and the column
moments are obtained as sum of the beam end moment and the moment due to the
beam end shear acting along the flange of the column (i.e. with D/2 eccentricity
from the column centre-line, D being the column depth). The moment at the
fixed base of the column can be approximately taken as one half of the value of
the moment at the top end of the same column. The results of this approxiamte

method are compared with that of the rigorous analysis in figure B.2
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Design Example 2

The structure of figure B.1 but with storey heights of 3.5 m is subjected to uni-
formly distributed load of 19.2 kN/m.

EL — 116865kN — cm/rad

El = 74106kN — cm/rad

k; = 66071.0kN — cm/rad

Top Floor
3EI, 6E1,

ky = 7 k.= :
e MF
M; = —l+h+f‘%

_ 0

-~ 7.09

= 8.46kN —m

Intermediate Floors

3EI, 12E1
k == kc =
b L h
. 60.0
Mg = 6.7
= 8.41kN —m

Results of this example are again compared with those obtained from the rigorous

analysis in figure B.3.
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Design Example 3

The structure of figure B.4 is 50 kN concentrated load at the quater points of
each beam. The connections are all of type C (see figure 7.16).

EL —116865kN — cm/rad

EL = 74106kN — cm/rad

k; = 150122.9kN — cm/rad

Top Floor

External End:

2EI, 6EI
= k, =
ks L 3
e MF
ME:]:E:§
4685
~3.08
= 15.21kN —m
Internal End:
3EI, 6EI
= k. =
ks L h
. MF
Mg = —5—%
144
_ T3
T 4.12
= 17.0kN —m

Intermediate Floors

External End:
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kk =

Internal End:

ky =

12E1,
L k. = h

16.3kN —m

14240
c 7]
70.3
3.73

18.85kN —m

312

Moments at other beam locations are found by statics and column moments are

calculated by as per example 1. Results of this example are shown in figure B.5

where it has been compared with those obtained from the rigorous analysis.

Design Example 4

The same structure of example 3 is subjected to uniformly distributed load of

21kN/m.

El. — 74106kN — cm/rad

L

3
EL — 116865kN — cm/rad

k; = 167200kN — cm/rad
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Top Floor

External End:

ky

Internal End:

ky, =

1+2+2
c 3

41.13

2.92

14.0kN — m

1+ 40
61.7
3.88

15.90kN —m

Intermediate Floors

External End:

2El, |, _REL
L " h
41.30

2.66

15.46kN — m

3EL, , _IJBL
L T h

313
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MF
14424 2
c kj
61.7
3.49
= 17.68kN —m

The bending moments for this example are shown in figure B.6 where they have

been compared with those obtained from the rigorous analysis.
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Y
@— ®) Non-sway condition.
254x102 UB22
152x152 UC 23
P P
l l Connections are
@ © E alitype B (Fig. 7.16)
s
®
N
@>— ®
777 77777
le |
I L

50m

Figure B.1 Frame considered for example 1.

[ S |
40 kN-m

Present FEA
....... Approximate

Figure B.2 Bending moment diagram for example 1.
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40 kN-m
7
Present FEA
/ \ ........ Approximate
Figure B.3 Bending moment diagram for example 2.
Y LA M
@ o —e Non-sway condition.
254x102 UB22
b 152x152 UC 23
P P P

@ l l ® l l Ly E
)
o Connections are

p P p P ® all of type C (Fig. 7.16)

(3]

o—— l l —e® l l ®]

777777 777777 77777
[ | —]
r "1 1
50m 50m

Figure B.4 Frame considered for example 3.
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Figure B.5 Bending moment diagram for example 3.

Figure B.6 Bending moment diagram for example 4.

40 kN-m

Present FEA
........ Approximate

40 kN-m

Present FEA
........ Approximate
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