
Analytical Studies of the Behaviour 

of Semi-rigid Non-sway Frames 

with Tubular Columns 

by 

Ahmad Baharuddin Abd-Rahman 

B. Eng. (Hons. ), M. Sc. 

A thesis submitted in partial fulfilment of the requirements for the Degree of 

Doctor of Philosophy 

Department of Civil and Structural Engineering 

University of Sheffield 

February 1999 



List of Contents 

TITLE ........................................................................................................ Page No. 

List of Contents ......................................................................................... i 
List of Tables ............................................................................................. viii 
List of Figures ........................................................................................... x 
Acknowledgements ................................................................................... xxi 
Declaration ................................................................................................ xxi 
Summary ................................................................................................... xxii 
Notation ..................................................................................................... xxiv 

Chapter 1 Introduction ......................................................................... 1-1 
1.1 Introduction ........................................................................... 1-1 
1.2 Objectives of the Research .................................................... 1-4 
1.3 Scope of the Thesis ................................................................ 1-4 
1.4 References 

.............................................................................. 1-6 

Chapter 2 Review of Previous Work .................................................... 2-1 
2.1 Introduction ............................................................................ 2-1 
2.2 The Characteristics of Semi-rigid Connections ..................... 2-2 
2.3 The Application of Tubular Columns in 

Multi-storey Buildings ........................................................... 2-3 
2.4 Connections Between Open Section 

Beams and SHS Columns ...................................................... 2-5 
2.4.1 Flowdrill Connections .................................................. 2-6 

2.5 Analysis of Frames with Semi-rigid Connections 
................. 2-8 

2.6 Axially Loaded Columns with Pin Ended Connections ........ 2-10 
2.7 Axially Loaded Columns with End Restraints 

....................... 2-11 
2.8 Beam-columns with End Restraints 

....................................... 2-13 
2.8.1 Beam-columns with Rigid Connections 

....................... 2-13 
2.8.2 Beam-columns with Semi-rigid Connections 

............... 2-14 
2.8.3 Conclusions of the Beam-column Tests 

....................... 2-16 
2.9 Phenomenon of Moment Shedding in Beam-columns 

.......... 2-17 
2.9.1 Moment Shedding in Beam-columns 

With Rigid Connections 
............................................... 2-17 

1 



2.9.2 Moment Shedding in Beam-columns 
With Semi-rigid Connections ....................................... 2-18 

2.10 Conclusions ............................................................................ 2-19 
2.11 References .............................................................................. 2-21 

Chapter 3 Nonlinear Inelastic Analysis of 
Semi-rigid Plane Frames Using Finite Element Method : 
Formulation and the Computer Program .......................... 3-1 

3.1 Introduction ............................................................................ 3-1 
3.2 Beam-column Element ........................................................... 3-3 
3.3 Shape Functions .................................................................... 3-4 
3.4 Strain-displacement Relationship .......................................... 3-8 
3.5 Formulation of Element Stiffness Matrix .............................. 3-11 
3.6 Internal Forces ....................................................................... 3-15 
3.7 Properties of the Cross-section .............................................. 3-18 

3.7.1 Discretisation of cross-section ..................................... 3-19 
3.7.2 Material Properties (a -e relationship) ......................... 3-19 
3.7.3 Geometrical Properties ................................................. 3-19 
3.7.4 The Effect of Yielded Element to 

the Properties of the Sections ....................................... 3-21 
3.8 Properties of the beam-column elements ............................... 3-22 
3.9 Evaluation Of Stress Resultants ............................................. 3-22 
3.10 Evaluation of Element Stiffness ............................................. 3-23 
3.11 Numerical Integration ............................................................. 3-24 
3.12 Modelling the Semi-rigid Connections .................................. 3-24 

3.12.1 Connection Offset ................................ '....................... 3-25 
3.13 Spread of Yield ....................................................................... 3-26 
3.14 Inclusion of Geometrical Imperfection ................................... 3-26 
3.15 Treatment of Applied Forces .................................................. 3-28 
3.16 Nonlinear Analysis .................................................................. 3-29 

3.16.1 Process of Newton-Raphson Iteration 
......................... 3-30 

3.16.2 Convergence Criteria ................................................... 3-32 
3.16.3 Failure Criteria ............................................................. 3-33 
3.16.4 Layout of the Program .................................................. 3-34 

3.17 Conclusions ............................................................................. 3-36 
3.18 References ............................................................................... 3-37 



Chapter 4 Verification of Semi-rigid Frame Response 
in Non-sway and Sway Modes .............................................. 

4-1 
4.1 Introduction ..................................................................... 

4-1 
4.2 Verification in Non-sway Modes .................................... 

4-2 
4.2.1 Description of the Test Frames ............................. 

4-2 
4.2.2 Analytical Models of the Test Frames .................. 

4-3 
4.2.3 Initial Imperfections .............................................. 

4-3 
4.2.4 Loading ................................................................. 

4-4 
4.2.5 Connection Types ................................................. 

4-5 
4.2.6 Comparisons of the 

Analytical Predictions 

with the Experimental Results ............................... 4-6 
4.2.6.1 Response of Semi-rigid Frame with 

Columns Bent about the Major Axes 

- Response of Frame 1 ............................... 
4-6 

4.2.6.2 Response of Semi-rigid Frames with 
Columns Bent about the Minor Axes 

- Response of Frame 2 ............................... 
4-8 

4.2.7 Discussion of Results ............................................. 
4-10 

4.2.7.1 Parameters that are Difficult 
to Model .................................................... 

4-10 
4.2.7.2 Improved Model ....................................... 

4-11 
4.3 Verification in Sway Mode .............................................. 

4-12 
4.3.1 Comparisons of the SERIFA Predictions 

with the Experimental Results ............................... 
4-12 

4.3.1.1 Description of the Test Frames ................ 
4-12 

4.3.1.2 Analytical Model of the Test Frames ....... 
4-13 

4.3.1.3 Loading .................................................... 
4-13 

4.3.1.4 Connection Types .................................... 
4-13 

4.3.1.5 Response of the Sway Frame .................. 
4-14 

4.3.2 Comparison of the SERIFA Prediction with 
the Other Analytical Results ........................................... 4-14 

4.4 Conclusions .............................................................................. 4-16 
4.5 References 

................................................................................ 4-17 

Chapter 5 Behaviour of SHS Beam-columns with 
Semi-rigid Connections in Non-sway Frames 

.................... 5-1 
5.1 Introduction 

............................................................................. 5-1 
5.2 Scope of the Parametric Study ................................................ 5-2 

111 



5.2.1 Connection Types .......................................................... 5-2 
5.2.2 Imperfections ................................................................. 5-3 
5.2.3 Loading .......................................................................... 5-3 

5.3 Behaviour at Column Mid-height ........................................... 5-4 
5.3.1 Response of Load versus Deflection ............................. 5-4 
5.3.2 Spread of Yield, Loss of Stiffness 

and Reserve of Strength ................................................ 5-6 

5.4 Behaviour at Column Top End 
.............................................. 5-9 

5.4.1 Behaviour of Rotations at the Joint 
.............................. 5-9 

5.4.2 Moment Shedding & Redistribution 

of Moment at Ultimate State ......................................... 5-11 
5.4.2.1 Behaviour of Moment Shedding ...................... 5-11 
5.4.2.2 Redistribution of Moment at the Joint ............. 5-13 
5.4.2.3 Configuration of Bending Moments 

at Ultimate Load ............................................... 5-15 
5.5 The Influence of Connection Restraint 

on the Column Behaviour ....................................................... 5-16 
5.5.1 Column Behaviour with 

Various Connection Types ............................................ 5-16 
5.5.1.1 PDEP Connections ............................................ 5-16 
5.5.1.2 FEP Connections .............................................. 5-18 
5.5.1.3 EEP Connections .............................................. 

5-19 
5.5.1.4 RIGID Connections .......................................... 5-21 
5.5.1.5 PDEP Connections with 

Eccentricity Moment ........................................ 5-22 
5.5.1.6 "PINNED" Connections .................................. 5-22 

5.5.2 Comparison of Column Behaviour with 
Various Connection Types ............................................ 5-24 
5.5.2.1 Comparison of Load-deflection Responses ..... 5-24 
5.5.2.2 Comparison of Loss of Stiffness 

.................... 
5-25 

5.5.2.3 Comparison of Beam End Restraints .............. 5-26 

5.5.2.4 Comparison of M-0 Responses 
...................... 

5-27 
5.5.2.5 Comparison of Column End Rotation ............ 5-27 
5.5.2.6 Comparison of Moment Shedding 

................. 5-27 
5.5.2.7 Comparison of Moment Redistribution .......... 5-28 

5.5.3 The Effect of Connections on 
Column Reserve Strength, Beam End Restraints, 
Column Rotation and Connection Rotation 

................. 5-29 
5.6 Further Aspects of Moment Shedding 

................................... 5-30 
5.7 Relation to Design ................................................................. 5-32 

iv 



5.8 Conclusions ............................................................................ 5-33 
5.9 References .............................................................................. 5-36 

Chapter 6 Ultimate Strength of SHS 
Beam-columns with Semi-rigid Connections 
in Non-sway Frames ............................................................ 6-1 

6.1 Introduction ............................................................................ 6-1 
6.2 Behaviour and Strength of Axially Loaded Columns 

with Pinned End Connections ................................................ 6-2 
6.3 Parametric Study on Beam-columns with 

Semi-rigid Connections .......................................................... 6-4 
6.3.1 Description of the Frames ............................................. 6-4 
6.3.2 Imperfection and Connection Characteristics 

............... 6-5 
6.3.3 Loading ......................................................................... 6-5 

6.4 Behaviour of Internal Beam-columns with 
Semi-rigid Connections .......................................................... 6-7 
6.4.1 Response of Load-Deflection ....................................... 6-7 
6.4.2 Response of Load-moment and Moment Shedding ..... 6-8 
6.4.3 Response of Beam-columns 

with the Inclusion of Eccentric Loads .......................... 6-10 
6.5 Configuration of Bending Moments ...................................... 6-12 

6.5.1 Beam Moments at Lower Load Levels 

and the Connection Capacity ........................................ 6-13 
6.5.1.1 Pinned Connections ......................................... 6-13 
6.5.1.2 Semi-rigid Connections ................................... 6-14 
6.5.1.3 Rigid Connections ........................................... 6-15 

6.5.2 Beam Moments at Higher Load Levels and 
the Restraining End Moments at Beam Ends ............... 6-15 
6.5.2.1 Values of inelastic end restraint moments 

of external beams 
............................................. 6-15 

6.5.2.2 Values of inelastic end restraint moments 
of internal beams 

............................................. 6-16 
6.5.3 Column Moments at Ultimate Load Levels 

.................. 6-17 
6.6 Ultimate Strength of Beam-columns 

...................................... 6-18 
6.6.1 Ultimate Strength of Beam-columns 

Using the Strength Curves ............................................ 6-18 
6.6.1.1 The Effective Length 

and the Solution of Beam-Columns 
at the Ultimate Load Level .............................. 6-19 

V 



6.6.2 Ultimate Strength of Beam-columns Using 

the aa�, Values ............................................................. 6-20 
6.7 Parameters Influencing 

the Axial Load Strength of Beam-columns ............................ 6-23 
6.7.1 Influence of Column Slenderness ................................. 6-23 
6.7.2 Influence of Beam Loads .............................................. 6-24 
6.7.3 Influence of Load Eccentricity ..................................... 6-25 
6.7.4 Influence of Connection Stiffness ................................ 6-26 

6.8 Relation to Design ................................................................. 
6-29 

6.8.1 Design of Beams .......................................................... 6-29 
6.8.2 Design of Columns ....................................................... 6-30 
6.8.3 Design of Connections ................................................. 6-31 

6.9 Conclusions ............................................................................ 
6-31 

6.10 References .............................................................................. 
6-34 

Chapter 7 Simplified Design of Semi-rigid Non-sway Frames ......... 7-1 

7.1 Introduction ............................................................................ 
7-1 

7.2 Current Design Method ......................................................... 
7-2 

7.2.1 Simple Design .............................................................. 
7-4 

7.2.1.1 Contradictions of the Simple Design 
Procedures Based on BS 5950 ......................... 

7-5 

7.2.2 Semi-rigid Design ........................................................ 
7-6 

7.2.3 Rigid Design ................................................................. 
7-7 

7.3 The Simplified Design Method (The ap,,, Method) .............. 7-8 

7.4 Basis of the ap;,, Method ....................................................... 
7-9 

7.5 Verification of the ap;,, Design Method ................................ 7-10 

7.6 Design for the Ultimate Limit State ....................................... 
7-12 

7.6.1 Analysis ........................................................................ 
7-12 

7.6.2 Methods of Design ....................................................... 
7-13 

7.6.3 Design of Beams .......................................................... 
7-13 

7.6.4 Design of Columns ....................................................... 7-15 
7.6.4.1 Column effective length factor, K ................... 7-16 
7.6.4.2 Design of Column Based on BS 5950 ............ 7-17 
7.6.4.3 Designed of Column Based on EC3 ................ 7-18 

7.7 Design for Serviceability Limit State .................................... 7-18 
7.8 Design of Connections ........................................................... 7-20 
7.9 Discussions ............................................................................ 7-21 

7.9.1 Comparison of the Current EC3 and 

V1 



the ap,,, Design Methods for Simple Frames ............... 7-21 
7.9.2 Comparison of the Current EC3 and 

the ap,,, Design Methods for Semi-rigid Frames 
......... 7-22 

7.9.3 Comparison of the Current BS 5950 and 
the ap;,, Design Methods for Simple Frames ............... 7-22 

7.9.4 Comparison of the Current BS 5950 Method 

and the ap;,, Design Method for Semi-rigid Frames .... 7-23 
7.9.5 Comparison of the Variable Stiffness and 

the ap;,, Design Methods for Rigid Frames .................. 7-24 
7.9.6 Benefits of the ap;,, Design Method ............................ 7-25 

7.10 Limitations of the Simplified Design method ........................ 7-26 
7.11 Conclusions ............................................................................ 7-26 
7.12 References .............................................................................. 7-28 

Chapter 8 Conclusions and Recommendations ................................... 8-1 
8.1 Summary of Work .................................................................. 8-1 
8.2 Summary of Conclusions ....................................................... 8-4 
8.3 Recommendations for Further Studies ................................... 8-6 
8.4 References .............................................................................. 8-9 

vii 



List of Tables 

Chapter 4 
Table 4.1 

Table 4.2 

Table 4.3 

Table 4.4 
Table 4.5 

Chapter 6 
Table 6.1 
Table 6.2 
Table 6.3 
Table 6.4 
Table 6.5 

Table 6.6 
Table 6.7 
Table 6.8 
Table 6.9 
Table 6.10 
Table 6.11 
Table 6.12 
Table 6.13 
Table 6.14 
Table 6.15 

Table 6.16 

Table 6.17 
Table 6.18 

Comparison of the experimental and analytical failure loads of column 
C4 in frame 1 
Comparison of the experimental and analytical failure loads of column 
C2 in frame 2 
Comparison of the experimental and analytical failure loads of column 
C5 in frame 2 
Parameters for M-q curve models shown in Figure 4.21 
Maximum connection rotations at ultimate load condition and ultimate 
load factor 

Loading combinations 
Values of end restraint moment for external beams of frame 1 
Values of end restraint moment for internal beams of frame 2 
Values of end restraint moment for internal beams of frame 3 
Calculation of effective length factor K using beam-column strength 
curves 
Values of apt� of upper edge columns with PDEP connections 
Values of ap,,, of upper edge columns with FEP connections 
Values of ap;,, of upper edge columns with EEP connections 
Values of ap;,, of upper edge columns with RIGID connections 
Values of ap,,, of upper intermediate columns with PDEP connections 
Values of ap,,, of upper intermediate columns with FEP connections 
Values of ap;,, of upper intermediate columns with EEP connections 
Values of ap;,, of upper intermediate columns with RIGID connections 
Values of ap;,, of internal columns with PDEP connections 
Values of ap,,, of internal columns with FEP connections 
Values of ap;,, of internal columns with EEP connections 
Values of ap,,, of internal columns with RIGID connections 
The effect of joint offset to the ultimate strength of the columns with 
beam load of 45 kN/m 



Chapter 7 
Table 7.1 Comparison of column capacity as predicted by the various 

design methods against the actual column capacity obtained 
from the full scale test : Frame 4/minor axis 

Table 7.2 Comparison of column capacity predicted by the various 
design methods against the actual column capacity obtained 
from the full scale test : Frame F1/minor axis 

Table 7.3 Part of Wood's comparison of Fdesj /Frees 

Table 7.4 Proposed effective length of beam-columns for ap;,, design 
based on BS 5950 or EC3 : Intermediate beam-columns 

Table 7.5 Proposed effective length of beam-columns for ap;,, design 
based on BS 5950 or EC3 : Beam-column connected 
to base 

Table 7.6 Comparison of member sizes in simple and semi-rigid 
frames as designed by EC3 and ap;,, methods 

Table 7.7 Comparison of member sizes in simple and semi-rigid frames 

as designed by BS 5950 and apt� methods 
Table 7.8 Comparison of column sizes in rigid frame as designed by 

Wood's variable stiffness and ap,,, methods 
Table 7.9 Comparison of elastic and inelastic column design 

ix 



List of Figures 

Chapter 1 
Figure 1.1 Classes of beam-column connections 

(a). Flexible (pinned) connection 
(b). Rigid connection 
(c). Semi-rigid connection 

Chapter 2 
Figure 2.1 Connection M-q5 relationship 
Figure 2.2 M-q response for a range of semi-rigid connection types 

(a) extended end plate; (b) flush end plate; 
(c) seat and web cleats; (d) flange cleats; (e) web cleats; 
(f). perfectly pinned ; (g). perfectly rigid 

Figure 2.3 Typical structural system of multi-storey frames with 
open section beams and SHS columns 

Figure 2.4 Types of connections between open section beams and SHS 

columns 
(a). Traditional connections with welding to column walls 
(b). Special connection with welding and bolting to column walls 
(c). Blind bolting to column walls 

Figure 2.5 (a). Blind oversized mechanically locked fasteners 
(b). High strength blind bolts 

Figure 2.6 (a). Flowdrilling process 
(b). Three dimensional view 
(c). Installation of flowdrill connections - cross sectional view 

Figure 2.7 (a). Axially loaded column with end restraint 
(b). Influence of connection types on the strength of axially 

loaded columns 
Figure 2.8 Beam-column with rigid joints in Baker's small scale plane 

sub-frame model 
Figure 2.9 Beam-column with rigid joints in Gents and Milners' small scale 

three dimensional sub-frame model 
Figure 2.10 Beam-column with semi-rigid connections in Davison's full scale 

two dimensional sub-frame model 
Figure 2.11 Beam-column with semi-rigid connections in Gibbons's full scale 

three dimensional subassemblage model 
Figure 2.12 Beam-columns with semi-rigid connections in 

X 



full scale plane frame tests 
Figure 2.13 Beam-columns with semi-rigid connections in 

full scale three dimensional frame tests 
Figure 2.14 Reduction of moment at top end of beam-column 

as observed by Baker for the small scale sub-frame of Figure 2.8 
Figure 2.15 Moment shedding at top end of beam-column as observed 

by Gent & Milner for the small scale sub-frame of Figure 2.9 
Figure 2.16 Moment shedding at top end of beam-column as observed in 

three-dimensional subassemblage of Figure 2.11 
Figure 2.17 Moment shedding at top end of beam-column C6 as observed in full 

scale plane frame tests of Figure 2.12 
Figure 2.18 Moment shedding at top end of beam-column C6 as observed in full 

scale three dimensional frame tests of Figure 2.13 

Chapter 3 
Figure 3.1 The development of finite element models used in the 

SERIFA program. 
(a). Jone's individual column model 
(b). Rifai's sub-assemblage frame model 
(c). Plane frame model for the current SERIFA program 

Figure 3.2 Local beam-column element with six degree of freedoms 

Figure 3.3 Idealisation of plane frame 

Figure 3.4 Plane frame deformation due to applied loads 

Figure 3.5 Undeformed and deformed shapes of beam-column 

elements with semi-rigid connections. 
Figure 3.6 Mode shapes and shape functions of beam-column elements with 

rigid and semi-rigid nodes 
Figure 3.7 Element deformation 
Figure 3.8 Locations of Gauss points along the length of a beam-column 

element 
Figure 3.9 Discretised of cross section into plates and sub-elements for 

(a) Universal section 
(b) SHS cross section 

Figure 3.10 Idealised stress-strain characteristics of the steel material 
Figure 3.11 Strain and stress distribution diagrams and the condition of the 

element cross section 
Figure 3.12 (a) Local and global co-ordinate system 

(b). Axis of transformation of an element 
Figure 3.13 (a). Moment-rotation of a connection 

(b). Trilinear M-O curve model of semi-rigid connection 

X1 



Figure 3.14 Modelling the connection offset : 
(a). Actual connection location with reaction load acting at 

column face 
(b). Model to include the effect of connection offset 

Figure 3.15 Possible P-S and P-d effects in an element. 
Figure 3.16 Comparison of load-deflection response 
Figure 3.17 Types of geometrical imperfections in frames. 

(a). Local geometrical imperfections 
(b). Global geometrical imperfections 
(c). Local and global geometrical imperfections. 

Figure 3.18 Treatment of applied loads 
(a). Vertical point loads 
(b). Horizontal point load 
(c). Uniform distributed loads modelled as a series of vertical 

point loads 

Chapter 4 
Figure 4.1 Non-sway test frames (a). Test frame 1 (b). Test frame 2 
Figure 4.2 Analytical model (a). Frame 1 (b). Frame 2 
Figure 4.3 Initial out-of-straightness in columns (a). Frame 1 (b). Frame 2 
Figure 4.4 Loading arrangement (a). Frame 1 (b). Frame 2 
Figure 4.5 Semi-rigid connections employed in the test frames 

(a). Major axis connection employed in frame 1 
(b). Minor axis connection employed in frame 2 

Figure 4.6 (a). Experimental M-q curves 
(b). Trilinear M-0 curves of Figure 4.6(a) as used in the analysis 

Figure 4.7 Comparison of the experimental and analytical beam 
load-deflection responses for frame 1 

Figure 4.8 (a). Comparison between experimental and analytical 
load-deflection response using Qy = 285 N/mm2 

- Column C4/frame 1 
(b). Comparison between experimental and analytical 

load-deflection response using Qy = 275 N/mm2 

- Column C4/frame 1 
Figure 4.9 Comparison of the experimental and analytical beam load-deflection 

responses for frame 2 
Figure 4.10 (a). Comparison of the experimental and analytical load-deflection 

responses using vy = 285 N/mm2 and the actual initial 

out-of-straightness Column C2/frame 2 
(b). Comparison of the experimental and analytical load-deflection 

X11 



responses using cy = 265 N/mm2 and the larger initial 
out-of-straightness : Column C2/frame 2 

Figure 4.11 (a). Comparison of the experimental and analytical load-deflection 
responses using the actual initial out-of-straightness : 
Column C5/frame 2 

(b). Comparison of the experimental and analytical load-deflection 

responses using the larger initial out-of-straightness : 
Column C5/frame 2 

Figure 4.12 Stelmack's sway frame 
Figure 4.13 Analytical model of the Stelmack's sway frame 
Figure 4.14 Loading arrangements 
Figure 4.15 Pinned support at column base 
Figure 4.16 Details of beam-to-column connections 
Figure 4.17 Trilinear M-O curve with the use of 1/2 inch thick angle connections 
Figure 4.18 (a). Comparison of the experimental and analytical load-deflection 

responses at the first storey of the Stelmack's sway frame 
(b). Comparison of the experimental and analytical load-deflection 

responses at the second storey of the Stelmack's sway frame 
Figure 4.19 Deierlein's frame as analysed by Foley & Vinnakota 
Figure 4.20 Finite element model of the frame shown in Figure 4.21 for the 

SERIFA program 
Figure 4.21 M-q5 curve model used in the analysis 
Figure 4.22 Comparison of frame response between the SERIFA and Deierlein 

programs 

Chapter 5 
Figure 5.1 Frame dimensions and loadings 
Figure 5.2 Finite element model and equivalent 30 kN/m uniform distributed 

loads 
Figure 5.3 Bilinear elastic-perfectly plastic material model used in the study 
Figure 5.4 (a). Deformed angle a between beam and lower column 

(b). Types of rotation at the joint 
Figure 5.5 Types of flowdrill connections used in the study 

(a). Partial depth end plate, PDEP (Test 3) 
(b). Flush end plate, FEP (Test 18) 
(c). Extended end plate, EEP (Test 19) 

Figure 5.6 Experimental M-0 curves for PDEP, FEP and EEP connections 
shown in Figure 5.5 and M-q$ for "PINNED" connections 

Figure 5.7 EC3 connection classification by strength 

Xlll 



Figure 5.8 EC3 connection classification by rotational stiffness 
Figure 5.9 M-0 curve models for connection types PDEP, "PINNED", FEP 

and EEP respectively. 
(a). Partial depth end plate, PDEP (Test 3) and "PINNED" 
(b). Flush end plate, FEP (Test 18) 
(c). Extended end plate, EEP (Test 19) 

Figure 5.10 Exaggerated deformed shape of frame with PDEP connections 
Figure 5.11 Load deflection response at column mid-height with PDEP 

connections 
Figure 5.12 Loss of stiffness at column mid-height with PDEP connections 
Figure 5.13 Response of M-q$ at column top end with PDEP connections 
Figure 5.14 Development of beam, column and rotations with PDEP 

connections 
Figure 5.15 Response of moment shedding at column top end with 

PDEP connections 
Figure 5.16 Response of moment at column mid-height with PDEP connections 
Figure 5.17 Response of moments at both beam end and beam midspan with 

PDEP connections 
Figure 5.18 Development of beam end restraint moment with PDEP connections 
Figure 5.19 Distribution of moments at joint J3 with increasing column 

end rotations 
Figure 5.20 Smoothed bending moment diagrams at beam loads and 

at collapse loads in kNm with PDEP connections 
Figure 5.21 Exaggerated deformed shape of frame with FEP connections 
Figure 5.22 Load deflection response at column mid-height with FEP 

connections 
Figure 5.23 Loss of stiffness at column mid-height with FEP connections 
Figure 5.24 Response of M-q$ at column top end with FEP connections 
Figure 5.25 Development of beam, column and connection rotations with 

FEP connections 
Figure 5.26 Response of moment shedding at column top end with FEP 

connections 
Figure 5.27 Response of moment at column mid-height with FEP connections 
Figure 5.28 Response of moments at both beam end and beam midspan with 

FEP connections 
Figure 5.29 Development of beam end restraint moment with FEP connections 
Figure 5.30 Distribution of moments at the joint J3 with increasing column end 

rotation using FEP connections 
Figure 5.31 Smoothed bending moment diagrams at service loads and at 

collapse loads in kNm with FEP connections. 

xiv 



Figure 5.32 Exaggerated deformed shape of frame with EEP connections 
Figure 5.33 Load deflection response at column mid-height with EEP 

connections 
Figure 5.34 Loss of stiffness at column mid-height with EEP connections 
Figure 5.35 Response of M-q5 curve at column top end 

with EEP connections 
Figure 5.36 Development of beam, column and connection rotations 

with EEP connections 
Figure 5.37 Response of moment shedding at column top end 

with EEP connections 
Figure 5.38 Response of moment at column mid-height with EEP connections 
Figure 5.39 Response of moments at both beam end and beam midspan 

with EEP connections 
Figure 5.40 Development of beam end restraint moment with EEP connections 
Figure 5.41 Distribution of moments at joint J3 with increasing column end 

rotations using EEP connections 
Figure 5.42 Smoothed bending moment diagrams at service loads and at 

collapse loads in kNm with EEP connections 
Figure 5.43 Exaggerated deformed shape of frame with RIGID connections 
Figure 5.44 Load deflection response at column mid height 

with RIGID connections 
Figure 5.45 Loss of stiffness at column mid-height with RIGID connections 
Figure 5.46 Response of M-q$ at column top end with RIGID connections 
Figure 5.47 Development of beam, column and connection rotations 

with RIGID connections 
Figure 5.48 Response of moment shedding at column top end 

with RIGID connections 
Figure 5.49 Response of moment at column mid-height with RIGID connections 
Figure 5.50 Response of moments at both beam end and beam midspan 

with RIGID connections 
Figure 5.51 Development of beam end restraint moment with RIGID 

connections 
Figure 5.52 Distribution of moments at joint J3 with increasing column end 

rotations using RIGID connections 
Figure 5.53 Smoothed bending moment diagrams at service loads and at 

collapse loads in kNm with RIGID connections 
Figure 5.54 (a). Actual location of connection with load eccentricity at column 

face ' 
(b). Applied moment, Me at intersection between beam centre-line 

and column centre-line to model the eccentricity load 

xv 



Figure 5.55 

Figure 5.56 

Figure 5.57 

Figure 5.58 

Figure 5.59 

Figure 5.60 

Figure 5.61 

Figure 5.62 

Figure 5.63 

Figure 5.64 

Figure 5.65 
Figure 5.66 

Figure 5.67 
Figure 5.68 
Figure 5.69 

Figure 5.70 

Figure 5.71 

Figure 5.72 

Figure 5.73 

Figure 5.74 

Figure 5.75 

(c). Exaggerated deformed shape of frame with PDEP connections 
modelled at column face 

Load deflection response at column mid-height with PDEP 
connections modelled at column face 
Loss of stiffness at column mid-height with PDEP connections 
modelled at column face 
Response of M-O at column top end with PDEP connections 
modelled at column face 
Development of beam, column and connection rotations with PDEP 

connections modelled at column face 
Response of moment shedding at column top end with PDEP 

connections modelled at column face 
Response of moment at column mid height with PDEP connections 
modelled at column face 
Response of moments at both beam end beam midspan with PDEP 

connections modelled at column face 
Development of beam end restraint moment with PDEP connections 
modelled at column face 
Distribution of moments at joint J3 with increasing column end 
rotation 
Smoothed bending moment diagrams at beam loads and at collapse 
loads in kNm with PDEP connections modelled at face of column 
Exaggerated deformed shape of frame with "PINNED" connections 
Load deflection response at column mid-height 
with "PINNED" connections 
Loss of stiffness at column mid-height with "PINNED" connections 
Response of M-0 at column top end with "PINNED" connections 
Development of beam, column and connection rotations 
with "PINNED" connections 
Response of moment shedding at column top end 
with "PINNED" connections 
Response of moment at column mid-height 
with "PINNED" connections 
Response of moments at both beam end and beam midspan 
with "PINNED" connections 
Development of beam end restraint moment 
with "PINNED" connections 
Distribution of moments at joint J3 with increasing column end 
rotations using "PINNED" connections 
Smoothed bending moment diagrams at service loads and at 

xvi 



collapse loads in kNm with "PINNED" connections 
Figure 5.76 Exaggerated deformed shapes of frames with various 

types of connections 
Figure 5.77 The effect of connection types on the load-deflection response at 

column mid height 
Figure 5.78 The effect of connection types on the loss of stiffness 

at column mid height 
Figure 5.79 The effect of connection types on beam end restraints 
Figure 5.80 Response of M-q5 curve with different types of connections 
Figure 5.81 The effect of connection types on beam rotations 
Figure 5.82 The effect of connection types on column rotations 
Figure 5.83 Response of different connection rotations 
Figure 5.84 The effect of connection types on the response of moment shedding 

at column top end 
Figure 5.85 The effect of connection types on the redistribution 

of beam moments at collapse loads 

Figure 5.86 The effect of connection types on the redistribution of moments 
at joint J3 

Figure 5.87 Response of end moment at top end of column C3-Case 1 due to : 
(a). beam load only 
(b). column axial load only 
(c). superimpose of beam load and column axial load 

Figure 5.88 Response of end moment at top end of column C3-Case 2 due to : 
(a). beam load only 
(b). column axial load only 
(c). superimpose of beam load and column axial load 

Figure 5.89 Actual response of moment shedding at top end of 
column C3-case 1 
in both elastic and inelastic ranges 

Figure 5.90 Actual response of moment shedding at top end of 
column C3-case 2 
in both elastic and inelastic ranges 

Figure 5.91 Comparison of moment shedding between case 1 and case 2 

Chapter 6 
Figure 6.1 Portal frame model for determining Ppin 
Figure 6.2 Strength curves of pin ended 200 x 200 x8 SHS column 
Figure 6.3 Load-deflection responses of pin ended columns 

(a). Load-deflection responses of short, intermediate and 

XVIl 



slender columns 
(b). Actual load-deflection response of the short column 

shown in Figure 6.3(a) 
Figure 6.4 Three types of failure modes of pin ended columns for the three 

different classes of columns 
(1). Squashing failure mode for "short" column 
(2). Elastic-plastic buckling mode for "intermediate" column 
(3). Elastic buckling mode for "slender" column 

Figure 6.5 Frame geometry and member designation 
Figure 6.6 Bilinear material model 
Figure 6.7 Geometrical imperfection 
Figure 6.8 Assumed distribution of beam loading 
Figure 6.9 (a). Load-deflection response of columns with height of 4m 

using different connection types 
(b). Moment shedding response of columns with height of 4m 

using different connection types 
Figure 6.10 (a). Load-deflection response of columns with height of 7m 

using different connection types 
(b). Moment shedding response of columns with height of 7m 

using different connection types 
Figure 6.11 (a). Comparison of load-deflection responses 

(b). Comparison of moment shedding responses 
Figure 6.12 Idealisation of connection 
Figure 6.13 (a). The effect of load eccentricity on column face to the 

load-deflection response using PDEP connections 
(b). The effect of load eccentricity on column face 

to the column end moment response using PDEP connections 
Figure 6.14 (a). The effect of load eccentricity on column face 

to the load-deflection response using FEP connections 
(b). The effect of load eccentricity on column face to the column 

end moment response using FEP connections 
Figure 6.15 (a). The effect of load eccentricity on column face 

to the load-deflection response using EEP connections 
(b). The effect of load eccentricity on column face 

to the column end moment response using EEP connections 
Figure 6.16 (a). The effect of load eccentricity on column face 

to the load-deflection response using RIGID connections 
(b). The effect of load eccentricity on column face to the 

column end moment response using RIGID connections 
Figure 6.17 (a). Various responses of beam-columns 

xviii 



(b). Detrimental and beneficial items at column ends 
with respect to different axial load levels 

Figure 6.18 Response of moment due to 45 kN/m beam load 

at column Cl of frame 1 
(a). Response of column top end moments 

with different connection types 
(b). Comparison of bending moments in column in kNm 

Figure 6.19 Response of moments due to 45 kN/m beam load 

at column C2 of frame 2 
(a). Response of column top end moments 

with different connection types 
(b). Comparison of bending moments in column in kNm 

Figure 6.20 Response of moments due to 45 kN/m beam load 

at column C5 of frame 
(a). Response of column top end moment with different 

connection types 
(b). Comparison of bending moments in column in kNm 

Figure 6.21 Response of moment at service and at ultimate load levels 

Figure 6.22 Ultimate column strength curves and ultimate column 

strength ratio (a;,, ) 
(a). Beam-column strength curve 
(b). ap; � values 

Figure 6.23 Solution of beam-column problem at ultimate (collapse) load level 

using effective length method 
Figure 6.24 Beam-column ultimate strength curves of upper edge columns 

with various connection end types, w= 30 kN/m 

Figure 6.25 Beam-column ultimate strength curves of upper edge columns 

with various connection end types, w= 45 kN/m 

Figure 6.26 Beam-column ultimate strength curves of upper intermediate 

columns with various connection end types, w= 30 kN/m 

Figure 6.27 Beam-column ultimate strength curves of upper intermediate 

columns with various connection end types, w= 45 kN/m 
Figure 6.28 Beam-column strength curves of internal columns with 30 kN/m 

beam load using various connection types 
Figure 6.29 Beam-column strength curves including connection offset and beam 

load of 45 kN/m 
Figure 6.30 Comparison of beam-column strength curves including connection 

offset and not including connection offset 
Figure 6.31 Comparison of column ultimate loads as modelled with and without 

connection offset for different connection types 

xix 



Figure 6.32 The ultimate strength of columns with less stiffer connections as 
compared to the ultimate strength of columns using 
RIGID connections - without connection offset 

Figure 6.33 The ultimate strength of columns with less stiffer 
connections as compared to the ultimate strength 
of columns using RIGID connections - with connection offset 

Chapter 7 
Figure 7.1 Pattern of loading to induce large moment at internal column in 

simple construction 
Figure 7.2 Frame design with elastic beam and inelastic column 
Figure 7.3 Idealisation of non-sway semi-rigid frame for the alpha-pin design 

method 
(a). Semi-rigid frame under working load 

(b). Internal moment at working load 
(c). Internal moment at ultimate load 

Figure 7.4 Analysis of frames for the alpha-pin approach 
(a). Column axial loads 

(b). Beam bending moment for simple frame 
(c). Beam bending moment for semi-rigid and rigid frames 

Figure 7.5 Zero end restraint moment for beams with pinned connections 
Figure 7.6 Values of end restraint moments for beams with semi-rigid and rigid 

connection 
Figure 7.7 Design model of semi-rigidly restrained beam-column at ultimate 

load level 
Figure 7.8 The same column size can be employed for different frame systems 

with the ap; � design method 

xx 



Acknowledgements 

I am -indebted to my supervisor, Dr. Patrick Kirby who has provided valuable 

guidance, motivation, suggestion and encouragement throughout this project. 

Furthermore, his understanding and willingness to help is very much appreciated. 

Appreciation is also due to Universiti Teknologi Malaysia for providing the financial 

support of my study. Also, I would like to thank S. Mohammad for his guidance in 

understanding the code of the computer program. In addition, I would like to extend 

my thanks to the lecturers and staff in the Department of Civil and Structural 

Engineering for their helpful cooperation. 

I am also indebted to my parents for their understanding and patience. Finally, I am 

grateful to my wife, Nor Azizah; my daughters, Nabihah and Nadrah and my son 

Ahmad Nazmi for their support and understanding during the period of my study in 

Sheffield. 

Declaration 

I hereby declare that the work in this thesis is the result of my own investigations 

except where specific reference has been made to the work of others. 

No part of this thesis has been submitted to any University or other educational 

establishment for a degree, Diploma or other qualification. 

ýý. 
Ahmad Baharuddin Abd-Rahman 

xxi 



Summary 

This thesis reports the research investigation on the behaviour of non-sway frames 

with SHS columns taking into consideration the influence of semi-rigid flowdrill 

connections. The aim of the studies was to investigate the behaviour of the non-sway 
frames in the elastic and inelastic ranges, the acceptability of the flowdrill connections 

for low-rise non-sway frames and to develop a simplified semi-rigid design that is 

suitable for daily design routine. 

The analytical studies were conducted using an existing finite element program which 

was modified to work with frames employing tubular columns. The program is able to 

simulate the response in the elastic and inelastic ranges taking into account the 

semi-rigid connections, the geometrical and material nonlinearities and the 

development of spread yield. The program has been validated against the experimental 

results and can reasonably predict the true frame behaviour. 

The results of the parametric studies show several important observations; one of 

which is the phenomenon of moment shedding. This phenomenon causes the 

relaxation of the detrimental moment at the column top end which in turn causes the 

moment redistribution to the neighbouring members. Eventually, the detrimental 

column moment diminishes and sometimes acts as restraining moments. As a 

consequence, at ultimate load, the columns behave in the general form of axially 

loaded compression members and the beams as simply supported with a certain degree 

of end restraint. 

Knowing that restrained beam-columns can be treated as axially loaded, extensive 

parametric studies on different frame configurations were conducted to determine the 

ultimate strength of beam-columns. The studies were conducted on low rise 

multi-storey non-sway frames. The principal parameters varied are the column 

slenderness, connection types and the magnitude of beam loads. The values of 

ultimate strength of restrained beam-columns are compared directly against the 

strength of pin ended columns as specified by the BS 5950 and EC3 codes. The results 
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show that in many cases, the ultimate strength of restrained beam-columns are in 

excess to the strength of axially loaded pin ended column as specified by BS 5950 and 
EC3. 

Based on the results of the parametric studies, a simplified design for simple, 

semi-rigid and rigid frames is developed. The columns are designed as axially loaded 

compression members without any consideration of eccentricity or partial fixity 

moments. The beams for simple construction are designed as simply supported with 

pin ends; whereas, the beams for semi-rigid and rigid construction are designed as 

simply supported with a certain amount of end restraint moment to take into account 

the effect of semi-rigid and rigid connections. The design of strength for beams and 

columns can be carried out individually and is not dependent on the stiffnesses of the 

M-0 of the connections, beams and columns. 

Finally, general conclusions and recommendations for further work are also included. 
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Chapter 1 

Introduction 

1.1 Introduction 
The structural system of steel frames in multi-storey buildings consists of main 

components beams and columns and connections. The latter play an important role in 

joining the beams and columns and it is well known that the connections show a 

variation of behaviour in terms of stiffness and strength. This in turn affects the frame 

behaviour and the way in which the frames are designed. 

In traditional methods of design, the connections are normally assumed as either 

perfectly pinned or perfectly rigid. The assumption of pinned connections implies no 

rotational continuity within the frame; in other words, no moment is transmitted from 

the beam to the column, see Figure 1.1(a). The connections which are normally 

assumed as pinned are flexible connections such partial depth end plate, web cleat and 
flange cleat types. The assumption of perfectly pinned connections as normally 

adopted in non-sway frames may lead to: 

" over-estimation of beam moments, resulting in larger, heavier beams 

" over-estimation of service deflections in beams 

" under-estimation of column end moments. 

1-1 



On the other hand, the assumption of perfectly rigid connections implies full moment 

continuity. Hence a 100% of beam end moment will be transmitted to the column as 

shown in Figure 1.1(b). Connections which are normally assumed as rigid are 

stiffened extended end plate and full welded connection types. The assumption of 

perfectly rigid connections may lead to: 

9 over-estimation of column end moment, resulting in larger, heavier columns 

" over-estimation of connection moments, resulting in more complex connections 

which normally require the use of stiffeners at the column web. 

The two assumptions described above are merely based on idealistic conditions. In 

reality, the results of experimental studies show that the connections which are 

normally assumed as pinned actually possess some rotational stiffness, while 

connections assumed as rigid often display some flexibility [1-1], [1-2]. With this 

regard, all connections are more correctly to be described as semi-rigid which covers 

the full spectrum between the two extreme pin and rigid conditions. 

The real semi-rigid connections lead to partial continuity meaning that only a partial 

amount of beam fixed end moment is transmitted to the column as illustrated in 

Figure 1.1(c). The amount of moment transmitted depends on the stiffness of 

connections and on the stiffness of the connected beams and columns. The benefits of 

considering the real semi-rigid characteristics are: 

9A more rational design method based on realistic action of the connections. 

"A more economical design. Research on beam economies shows that the use of 

double web angles, flush end plates and extended end plates resulted in beam 

weight saving of the order of 6%, 22% and 29% respectively [1-3]. Other results 

show that an overall cost saving for a non-sway planar frame of 5.5% can be 

achieved if semi-rigid design is adopted instead of simple design [1-4]. In the case 

of sway frames, about 20% of saving of the total cost of the frame can be achieved 

[1-5]. 



Numerous investigations have been undertaken to study the influence of semi-rigid 

connections on the performance of individual members and global frames for the past 
60 years. However a comprehensive semi-rigid design method is not yet readily 

available in any leading design code. Although, Clause 2.1.2.4(b) BS 5950 [1-6] has 

provided a simplified semi-rigid design method, the provisions are somewhat arbitrary 

and do not realise the full potential offered by semi-rigid design. On the other hand, 

the methods proposed by various researchers are too complicated for hand 

calculations and hence are not suitable for routine daily design. Most of the rigorous 

design methods require the information of M-O curves of the connections which can 

only be obtained from experimental-tests or alternatively by using complex analytical 

models although work on databanks of both experimental tests and analytical models 

are being developed [1-7]. Moreover, researchers realised that the translation of the 

research information correspond to semi-rigid connections into straightforward design 

procedures is arguably a more challenging task [1-8]. Hence, the design methods 

based on the idealistic assumption as either pin or rigid continue to dominate the way 

the structures are being designed because of their simplicity. 

Most of the studies on semi-rigid connections and global frame behaviour are 

associated with the use of open section columns. The popularity of the open section 

columns may be attributed to the availability of simple connections such as web 

cleats, flange cleats and flush end plates which are simple to fabricate, less expensive 

and easy to install. With these types of connections, the problem of access for 

installing bolts at both side is not present. 

The availability of a new blind bolting system known as a flowdrill connection has 

made the connection between open section beams and closed section columns much 

simpler. In view of this development, the use of tubular columns as compression 

members in normal storey height of frames is increasingly accepted because of their 

structural efficiency. This is due to the fact that tubular columns such as square hollow 

sections and circular hollow sections have symmetrical properties and equal resistance 

of buckling in both axes. Hence, more investigations are required to identify the 

benefit and the influence of the flowdrill connections to the behaviour of frames with 

tubular columns. 
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1.2 Objectives of the Research 
The main aim of the research presented in this thesis is to investigate the influence of 

semi-rigid joints using flowdrill connectors on the global behaviour of frames with 

tubular columns. Consequently, by taking advantage of this behaviour, a more realistic 

simplified design method may be suggested. The emphasis is being directed towards 

the behaviour of non-sway frames. 

Several objectives to achieve the main aim can be described as follows: 

" to modify an existing finite element program to work with tubular columns both in 
non-sway and sway frame cases 

" to study the influence of connection restraint on the behaviour of tubular columns 
in non-sway frames 

" to investigate the ultimate strength of tubular columns with flowdrill semi-rigid 
connections 

" to develop a simplified design method of frames with semi-rigid restraints. 

1.3 Scope of the Thesis 
The scope of the thesis is as follows: 

" Chapter 2 represents the review of previous work carried out by other researchers. 

The overview discusses the strength of columns as influenced by connection 

restraints and detrimental moments. 

" In chapter 3, the basic formulation of the amended program has been presented. 

" Chapter 4 demonstrates the ability of the program to predict the real behaviour of 

full-scale frames. 

" Chapter 5 discusses the behaviour of beam-columns with semi-rigid end restraints. 
The phenomenon of moment shedding which occurs as the ultimate load level of 

column is neared is discussed. Consequently, the behaviour of beam-columns 



observed in these studies has been adopted as the basis of the simplified design 

method. 

" In chapter 6, the results of ultimate strength of beam-columns with semi-rigid 

connections are presented in terms of the strength of equivalent pin ended column 

capacities. This has resulted in the development of beam-column strength curves 

as compared directly with the design strength curves of BS 5950 [1-6] and EC3 

[1-9]. The results of the investigations have been adopted for the development of a 

simplified design of non-sway frames. 

" In chapter 7, the simplified design of non-sway frames based on the above 

approach has been discussed. 

" Finally, chapter 8 summarises the overall conclusions of the research and in order 

to facilitate further research, some recommendations for further work are also 

included. 
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Chapter 2 

Review of Previous Work 

2.1 Introduction 

Semi-rigid connections and their potential benefits to multi-storey steel frame 

structures have been the focus of many investigations for the past 60 years. Numerous 

investigations into the global behaviour of steel frames as influenced by the presence 

of semi-rigid connections have been reported by many researchers. The studies were 

mainly focused on steel frames utilising open section columns and open section 

beams. Lately, however, the use of tubular columns with open section beams coupled 

with an innovative bolting system has become an alternative for the construction of 

multi-storey buildings. 

This chapter presents a brief overview of the main areas that have contributed to the 

understanding the behaviour of semi-rigid connections, columns and frames. The 

related main subject areas are: 

" semi-rigid connections 

" the application of tubular columns in multi-storey buildings 

" connections between open beam sections and SHS columns 

" analysis of frames with semi-rigid connections 
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" axially loaded columns with pin ends and axially loaded columns with semi-rigid 
ends 

" beam-columns with end restraints 

" phenomenon of moment shedding in beam-columns. 

2.2 The Characteristics of Semi-rigid Connections 

The behaviour of a semi-rigid connection is very complex and can be best described 

by its fundamental characteristic of the M-0 relationship. This is the relation between 

the moment, M, transmitted through the connection and the relative connection 

rotation, 0, as measured between the column centre-line to the beam centre-line. 

Figure 2.1 shows the relation between moment and rotation of a semi-rigid 

connection. From the M-O curve characteristics, the degree of stiffness and strength of 

the connection can be determined. The stiffness of the connection is associated with 

the slope of the M-O curve and the value of this indicates the ability of the connection 

to develop restraint. The strength of the connection (moment capacity) is associated 

with the peak value on the M-O curve which is a measure of the ability of the 

connections to transfer the anticipated loads. 

Figure 2.2 shows variation of M-O curves with respect to different types of 

connections. As can be seen from this figure, the general response of M-O curve is 

non-linear. Curve (V represents the perfectly pinned connection where moment is 

always zero for all values of rotations. Curve (g) represents the perfectly rigid 

connections where rotation is always zero for all values of moment. Real connections, 

as represented by curves (a) to (e), will have their M-q5 curves located between the two 

extremes pinned and rigid conditions. This reflects that practical connections are 

neither pinned nor rigid and instead show the semi-rigid characteristics. It can be said 

that all connections possess some degree of rotational stiffness (rigidity) that permit 

some amount of connection rotation to develop. 

A prior knowledge of M-O characteristics is regarded as essential in order to employ 

them in the analysis of frames with semi-rigid actions. The understanding of the real 
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interaction between connections and the adjoining members may result in more 

realistic predictions of frame behaviour and eventually more realistic design method 
for semi-rigid frames. 

The effect of semi-rigid connections is very complicated. One complexity is that the 

connection plays a dual role in column response [2-1]. In the first role, the semi-rigid 

connection transfers beam end moment which causes a detrimental effect to the 

column axial load capacity; whilst in the second role, the connection provides a 

restraining effect which can enhance the column axial load capacity. Experimental 

results showed that even if a small amount of rotational stiffness in simple 

connections is considered, more economical and competitive column design can be 

achieved [2-2], [2-3]. Hence, due to such a complexity, more studies are still 

underway to improve the understanding on how the connections influence the 

behaviour of columns and complete frames. 

2.3 The Application of Tubular Columns in 

Multi-storey Buildings 

The use of tubular columns in multi-storey buildings is gaining more popularity with 

architects, engineers and the public. Structures employing tubular members can be 

more visible and display an elegant aesthetic appearance, and provide more internal 

space with little intrusion. There are various types of tubular sections suitable for 

applications as structural members in multi-storey buildings such as circular hollow 

section (CHS), square hollow sections (SHS) and rectangular hollow section (RHS). 

This thesis, however, only concerned on the subject areas related to SHS columns in 

multi-storey buildings as illustrated in Figure 2.3. 

From a structural point of view, SHS columns have been regarded as efficient in 

carrying axial compressive loads and have been effectively used as columns in low to 

medium rise buildings [2-4]. Other benefits of SHS columns as opposed to open 

sections columns are : 
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" column sizes can be set to be uniform with increasing storey heights by varying 
the section thicknesses 

" equal flexural stiffnesses in both axes 

" high strength to weight ratio. 

The design of SHS columns follows the same procedures as designing open section 

columns as specified by BS 5950 [2-5]. In terms of local buckling, the problem can be 

avoided by satisfying the limitations of web and flange slenderness ratios specified by 

Table 7 of BS 5950. The limitations will restrict the use of very thin walled columns 

which may cause local buckling failure prior to failure by general yielding. McGuire 

[2-6] suggested that where tubular columns are used in ordinary bridges and buildings, 

they are usually of the type for which regular column design procedures apply and the 

special problems of shell buckling need not be considered. 

The main obstacle to the use of SHS columns is the cost and complexity of the 

connection systems. As compared to open sections, tubular columns are more difficult 

to manufacture and hence a little more expensive weight for weight. Additionally, 

traditional connection systems require welding to the column wall which contributes 

to further difficulty in the fabrication work. 

However, realising the many benefits of SHS columns, many research investigations 

are currently underway to improve: 

(i). the connection systems. The studies to improve the connection systems to be 

used in multi-storey frames have been underway and the reviews are explained in 

section 2.4. 

(ii). the column strength by concrete filling [2-7]. The results show that the concrete 

filling can improve the properties of the section, gaining a higher compressive 

strength, associated with good ductility and large energy absorption. 
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2.4 Connections Between Open Section Beams and 

SHS Columns 

White and Fang [2-8] conducted one of the earliest experimental studies on 

connections between open sections and SHS columns in the mid 1960s. The 

connection types suggested were mainly welded. At that time, welding was the only 

practical method because of the closed cross section of the tube. Figure 2.4(a) shows 

the connections using plate and tees angles as part of the connections tested by White 

& Fang. Researchers such as Shanmugam et al. [2-9] extended the scope of the 

investigations by providing external stiffeners between open beams and SHS 

columns. Such connections are still very expensive and not ideal for actual 

constructions. Overall, early developments on open beam to SHS columns were 

mainly concentrated on welded connection types. The complex fabrication of a 

welded connection has made its use in practice limited and restricted, more probably 

due to difficulty in site welding or joints have to be made twice, first in the factory and 

second on site. 

The problem with SHS sections is lack of access to the inside of the tube for the nut, if 

traditional bolting system is to be employed. A major development to overcome this 

problem is the use of blind bolting system. A hole may be cut into the hollow section 

to give access for the blind bolts. This system then allows the installation of bolts 

from one side only in which nuts are not required as normally used in the traditional 

bolting. 

Tanaka et al. [2-10] conducted investigations on a new method combining the SHS 

column with blind bolts. The column wall at the connection zone has larger thickness 

as compared to other part of the column. The objective is to prevent excessive 

out-of-plane deformation and to increase the bolt contact length. The thicker wall is 

obtained by first heating the required wall area to a pre-defined temperature at which 

the column material can deform plastically. This is then followed by applying 

compressive forces at a specific speed at both column ends. This caused the heated 

column to swell. Figure 2.4(b) shows the special connection developed by 
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Tanaka et al. The connection is developed for moment resisting frames of low and 

medium storeys. The blind bolting system employs special mechanical bolts. 

Figure 2.4(c) shows the blind bolting system without the need to increase the column 

wall thickness. The installation is made possible with the use of special mechanical 
bolts. Korol & Ghobarah [2-11] and Mourad et al. [2-4] investigated the performance 

of two types of blind fasteners namely blind oversized mechanically locked fastener 

(BOM) and High strength blind bolts (HSBB) (see Figures 2.5(a) and 2.5(b)). The 

performance of BOM and HSSB in connecting open beams and SHS columns has 

been investigated. The results show that the HSBB system can provide effective 

moment connections in steel frame structures. Whereas, the BOM connections are 

more suitable for applications which are dominantly controlled by shearing action. 

The installation of HSBB requires the use of a special electrical hydraulic device. 

The blind bolting system described above is a mechanical system which uses 

expensive components and requires the use of oversized holes. The system also needs 

special installation equipment which can be more expensive and cumbersome. In 

contrast, the simplest form of blind bolting system is the flowdrill connection. 

2.4.1 Flowdrill Connections 

When sections with high wall thicknesses are used, threads may be tapped directly 

into the column wall but for many SHS sections wall thickness are too small for 

tapped holes to provide adequate thread length. In this case, flowdrilling can be 

utilised. In the past, the flowdrill system is used in car production, metal furniture and 
household electrical appliances [2-12]. Currently, the technique has been used in the 

structural steelwork joints due to the development of a new tungsten carbide drill bit 

that can be used for hard material. 

Flowdrilling is a process which consists of forming a hole using a plain tapered cone 

which simultaneously increases the wall thickness of the SHS section locally. Figure 

2.6 (a) shows the process and the procedures are described as follows: 



1st. stage: 

(i). A special tungsten carbide drill bit which operates at very high speed is forced 
into the material. 

(ii). When the drill comes into contact to the column wall, it produces high heat and 
consequently softens the SHS section locally. 

(iii). The drill bit is then forced through the steel section to produce a hole. 

(iv). The softened material displaced by the drill bit will form a conical extension 

mainly on the inside of the tubular section and finally increases the tube thickness 
locally by extrusion. The material forming an upstand on the exterior of the tube 
is removed by a cutter on the first tool to leave a flush surface. 

(v). The completed hole is a truncated cone shape with sufficient depth to permit an 

adequate thread to be tapped for standard bolt application. 

2nd. stage: 

(i). The thread in the hole is made in a cold formed process by using a different tool. 

Figure 2.6(b) shows a three dimensional view of the flowdrill holes. Currently, the 

wall thickness of the SHS columns that is suitable for the flowdrill connection system 

is in the range of 6mm up to 12.5mm [2-13], [2-14]. The connections can be site 

bolted without special machines or skilled workers. The bolts can be fastened from the 

outside of the columns without access to the internal hollow sections. Beams with 

conventional end plates can be bolted to the SHS columns easily using Grade 8.8 

bolts. Figure 2.6(c) shows the installation of the flowdrill connections as viewed from 

the cross section. 

Yeomans [2-15] investigated the performance of the flowdrill connection components 

for possible use in structural steelwork joints. The results show that the connections 

are suitable to be used with SHS columns. 

Ballerini et al. [2-12] conducted tests to study the performance of the connections in 

both shear and tension. They concluded that flowdrill connections are suitable for the 

jointing of tubular columns and suggested that the system is a solution for the bolted 



connections of steel hollow section members. They later suggested that full scale 
beam-to-column joint tests should be undertaken. 

The University of Sheffield, in collaboration with British Steel, have conducted 

numerous full scale beam-to-column joint tests involving flowdrill connections and 
SHS columns. The objective is to study the performance of flowdrill connections for 

possible use in low rise non-sway and sway frames. France [2-13] conducted a total 

of 25 beam-to-column flowdrill joint tests comprising three major connection types 

namely partial depth end-plate, flush end plate and extended end plate connections. 

The joints were subjected to realistic loadings as expected in real buildings. The test 

results showed that the flowdrill connections exhibited no unexpected failures and that 

they behave as semi-rigid. Thus, the connections are able to transfer moment between 

the beams and the columns but simultaneously permit some relative rotations between 

the connected members. These results are in accordance with other types of 

conventional steel connections such as connections between H-columns and open 

beams which also show semi-rigid behaviour. The results of experimental work have 

provided an understanding of the behaviour of flowdrill connections which can be 

exploited further in analytical studies of global frames. 

2.5 Analysis of Frames with Semi-rigid Connections 

This section reviews some of the analytical programs developed by different 

researchers to study the influence of semi-rigid connections on the behaviour of global 

frames. Apart from the semi-rigid connections, modem programs also include the 

effects of geometrical and material nonlinearities. With all these parameters taken into 

consideration, a more accurate prediction of the true frame behaviour can be obtained. 

This is useful as the development of current limit states design methods needs a more 

realistic evaluation of the true behaviour of structures particularly the behaviour at 

ultimate load levels. 
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Jones [2-16] developed a finite element program to investigate the effect of end 

restraints on a limited individual column model. The parameters of the column such 

as residual stresses and initial out-of-straightness can be varied in order to study the 

influence of such parameters to the column behaviour. The connection M-0 

characteristics are modelled using B-spline technique. His study has provided some 
insights on the important aspects of connection restraints which influence the 

behaviour and performance of columns. The program has been modified further by 

other researchers at the University of Sheffield [2-17], [2-18], [2-19]. 

Poggi and Zandonini [2-20] developed the SERVAR program for the nonlinear 

analysis of flexibly connected steel frames based on the finite element method. The 

program employed three types of elements. The first element is the central 

beam-column element. The second element is the spring element representing the 

connection, whereas, the third element is the rigid element representing the finite 

dimensions of the joint which is normally taken as equal to D/2, where D is the depth 

of the column. The spring element is located between the rigid and central elements 

at each beam end. The connection M-q$ characteristics are incorporated in the spring 

elements as a series of piecewise linear segments. The program is capable of analysing 

plane frame structures with columns buckled about their major axes only. The 

geometrical imperfections can be incorporated in the analysis by specifying the 

deformed co-ordinates of the columns. 

Foley and Vinnakota [2-21] developed a finite element program for inelastic 

second-order analysis of partially and fully restrained planar steel frames. The cross 

section of each element is discretised into "fibers" in which the strains and stresses are 

monitored. As a result, spread of plastification can be traced within the cross section 

and along the member length. The connections are modelled using non-linear spring 

elements located at beam ends. The M-O characteristics of the connections are 

included as a series of quadrilinear curves (four linear segments). According to Foley 

and Vinnakota, this connection model is easy to implement in the computer program 

as it can prevent numerical instability during the analysis. 



The availability of the analytical tools as described above has enabled the studies on 

columns and frames with semi-rigid connections to be carried out. 

2.6 Axially Loaded Columns with Pin Ended 

Connections 

The buckling load of a column was first derived by Euler in 1759 as 

P= 7iz E1 
(2.1) - cr L2 

where EI is the elastic flexural stiffness and L is the length of the column. 

The limitation of the Euler buckling load is that it is based on assumptions namely; 

the material is perfectly elastic, the column is perfectly straight and the applied 

column load is perfectly axially loaded. 

In reality, many practical columns are not perfect due to the presence of imperfections 

such as initial out-of-straightness and residual stresses. Furthermore, columns with 

intermediate slenderness ratio fail due to a combination of elastic and plastic effects. 

The effects of imperfections and elastic-plastic behaviour reduce the ultimate strength 

of the columns below the Euler load. Hence, in the case of practical columns, the 

Euler buckling load gives an upper bound to the buckling load. In relation to these 

aspects, the behaviour of pin ended column with different slenderness ratios is 

discussed further in section 6.2. 

The understanding of the behaviour of the axially loaded pin ended column is widely 

accepted and, as a result, the pin ended column has become the basic reference point 

to which the strength and behaviour of columns with various degree of end restraints 
is compared. 
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2.7 Axially Loaded Columns with End Restraints 
The influence of semi-rigid end connections on the strength and behaviour of columns 
has been studied by many researchers. The incorporation of semi-rigid connections 
has called for the concept of effective lengths in which it is defined as the length of 

member which when pin ended behaves as the real member with its actual end 

constraints [2-22]. Consequently, the strength of the restrained columns can be 

determined by reference to the effective length of the columns. 

Jones et al. [2-23] conducted analytical investigations on the ultimate strength of 
isolated axially loaded columns with semi-rigid end restraints (see Figure 2.7(a)). The 

results showed that the strength of axially loaded columns with semi-rigid connections 

was much higher than that the strength of axially loaded column with pin ended 

conditions with equal lengths. Figure 2.7(b) shows the comparison of strength curves 

between the axially loaded end restraint columns and the axially loaded pin ended 

columns. It can be observed that the stiffer connections contribute to higher column 

strength. They further discovered that even if detrimental effects such as residual 

stresses and initial out-of-straightness were included, the strength of a restrained 

column was seen to be higher than the strength of the same column with pin ended 

conditions. In view of this, they suggested the reduced effective length factor, K, to be 

used in column design to obtain more economical columns. For example, they 

suggested the reduced effective length factors of 0.75 for simple cleat connections and 

0.55 for fairly substantial end plate connections which represented a significant 

increase in economy relative to the generally adopted values of K- probably 0.75, 

0.85 or 1.00. 

Lui and Chen [2-24] conducted analytical investigations on the strength and behaviour 

of axially loaded wide-flange steel column with end restraints. Their study also 

showed that the maximum strength of the end-restrained column was higher than that 

of the pinned ended column. The influence of connection end restraints in increasing 

the column strength is more obvious in columns with higher slenderness ratios. They 

suggested that the effective length factor, K of an axially loaded column with end 

restraints can be calculated as 

K =1- 0.017a (2.2) 



a= C/Mp, 

where 
a is the coefficient of end restraint 
C is the initial connection stiffness 
MP, is the plastic moment capacity of the column 

(2.3) 

Bjorhovde [2-25] proposed a comprehensive method for determining the effective 

length factor of columns with semi-rigid end restraints. He introduced a significant 

modification to the SSRC G-factor [2-26] that is amended for rigid frames. In order to 

include the effect of semi-rigid connections he suggested that the G factor is to be 

evaluated as 

G= 

EI, Z 
Lc 

-r 

instead of 

ý E1ý 

ý 
Lý 

v= 
ý 

(. LIb 
Lb 

where 
G 
G, 
E 
Ic 
Ib 
Lc 
Lb 
C* 

is the stiffness distribution factor 

is the stiffness distribution factor for a joint restraint 
is the modulus elasticity 
is the column moment inertia 
is the beam moment of inertia 
is the column length 
is the beam length 
is the effective stiffness of a connection 

(2.4) 

(2.5) 

Hence, by knowing the G, factors at the top and bottom joints of a column, the 

effective length factor, K, can then be obtained by using the alignment chart given in 

the AISC specifications [2-27]. Consequently, the strength of axially loaded column 

with end restraints can be evaluated. 
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2.8 Beam-columns with End Restraints 

The studies described in sections 2.6 and 2.7 only concentrated on columns carrying 

axial loads without any consideration of moments. Hence, in investigating the column 

strength, only the beneficial effect due to connection restraints is considered. In 

reality, however, the columns have to carry both axial loads and moments as 

transferred by the beams. In this case, columns carrying axial loads and moments are 

also known as beam-columns. The presence of this acting moment may cause 

detrimental effects to the beam-columns. 

In view of the above, this section discusses some of the tests in which beam-columns 

were loaded up to failure in the presence of an acting moment. The objective is to 

highlight the response and the ultimate strength of beam-columns as observed in the 

tests. 

2.8.1 Beam-columns with Rigid Connections 

In 1938, the studies on the behaviour of beam-columns with rigid connections in a 

small scale sub-frame were conducted by Baker [2-28]. The sub-frame used by Baker 

was a two dimensional type as shown in Figure 2.8. In this study, the beams were 

loaded to induce detrimental moment prior to loading the column to collapse. The 

investigations showed that the application of heavy beam loads had little effect on the 

axial load at collapse. He concluded that the ability of the column to sustain high axial 

loads before collapse was attributed by the rigid restraints at the column ends. 

In 1969, Gent and Milner [2-29], [2-30], [2-31] conducted several tests on a small 

scale three dimensional sub-frames with rigid joints (see Figure 2.9). The beams were 

loaded first to produce a severe column bending followed by loading the column to 

failure. The results of the investigations showed that most of the column failure loads 

were close to the squash loads. The reason for this is discussed in section 2.9. 



The Joint Committee on Fully-rigid Multi-storey Welded Steel Frames [2-32] 

proposed a simplified design method for rigid frames. During the period of 
1964-1970, two types of full scale three storey rigid frames designed by the Joint 

Committee's method were tested [2-32], [2-33], [2-34]. The objective was to establish 
the accuracy of the simplified design method that the committee had proposed and 

consequently to produce economical design for rigid frames. In this test, the beam 

loads were applied first and then followed by loading the selected columns to failure. 

The results of the tests showed that the actual failure loads of the beam-columns were 
higher by about 20% than those predicted by the Joint Committee method [2-32]. This 

implies the conservatism of the proposed design method. 

2.8.2 Beam-columns with Semi-rigid Connections 

The tests described in section 2.8.1 were mainly associated to beam-columns with 

rigid connections. In reality, however, all connections show semi-rigid behaviour. In 

view of this, in the period of 1980s to 1990s, the Sheffield University team conducted 

a series of tests involving full scale sub-frames, full scale plane frames and full scale 

three dimensional frames to investigate the strength and behaviour of beam-columns 

with semi-rigid connections. 

Davison [2-35] conducted a series of ten two dimensional tests on sub-frames to test 

columns with semi-rigid ends. The tests were conducted on 152 x 152 UC 23 

columns, 6.5 m in length and connected to very short beams. The sub-frame is as 

shown in Figure 2.10. Various types of connections were employed namely web 

cleats, bottom flange and web cleats, flange cleats, flush end plate and extended end 

plate. The objective was to investigate experimentally the effect of semi-rigid 

connections to the stability of the columns. The results of the investigations showed 

that the failure loads of the columns in the presence of practical beam loads were 

considerably higher than the suggested capacity as predicted by the interaction 

equation specified in AISC LRFD specifications [2-27]. Furthermore, Davison 

confirmed the presence of inflection points within the column length even when 



employing `simple connections' such as web cleats. This implies that even if a small 

amount of restraint is provided at the column ends, a considerable contribution of end 

restraint to the columns can be achieved. 

Gibbons et al. [2-2], [2-36] conducted ten three dimensional subassemblage tests on 

columns with different semi-rigid connection types. There were two types of 

subassemblages used in this test, one of them is as shown in Figure 2.11. Two types of 

connections were utilised namely web cleat and flange cleat connections. The beam 

loads were applied prior to loading the columns to failure. They then compared the 

column failure loads obtained from the tests against the predicted design method 

specified by BS 5950 in clause 4.8.3.3.1 [2-5] which is given as 

F 
+m . Mx 

+m . My 
<1 

Ag. pc ' Mb py. Zy 

where 
F is the compressive force 

pc is the compressive strength 
Ag is the gross cross-sectional area 

m is the equivalent uniform moment 
Mx is the nominal moment about the major axis 
My is the nominal moment about the minor axis 
Mb is the buckling resistance moment capacity about major axis 
Zy is the elastic modulus about the minor axis 

Py is the design strength 

(2.6) 

The comparisons showed that, in all the ten cases considered, the actual collapse loads 

were higher than that predicted by the interaction equation given in Equation (2.6). 

They suggested that the large reserve strength attributed to the connection restraints 

was still present in the columns. It is also concluded from these findings that the 

higher collapse loads of the columns are associated with the beneficial effects offered 

by the connections. The detrimental effect of the "acting" moment has been 

outweighed by the beneficial restraint effects from the connections. They also found 

that the presence of even the most simple connections can have significant influence 

on the column strength. 



Two full scale semi-rigid plane frames tests were conducted by the Sheffield 

University group as part of a collaboration between BRE and Hatfield Polytechnic in 

which 5 frames were tested [2-35]. A description of the frames is shown in Figure 

2.12. The connections were of the flange cleat type which in reality possess semi-rigid 

characteristics but in design are normally assumed to be pinned connections. The 

beams were loaded first prior to loading the columns to failure. The results showed 

that even with modest restraint offered by the connections, the column failure loads 

were still higher than the predicted design loads suggested by the interaction equation 

given in clause 4.8.3.3 BS 5950 [2-21], (see Equation (2.6) of this chapter). Again, the 

results showed the conservatism of the BS 5950 specifications. 

In 1990, Gibbons [2-36] conducted two full scale three-dimensional semi-rigid frame 

tests. Each test was associated with columns bent about minor and major axes. Only 

the frame with columns bent in minor axes is discussed in this section and is shown in 

Figure 2.13. The 2, storeys and 2 bays frame was constructed using 152 x 152 UC 23 

for the columns and 254 x 102 UB 22 for the beams. The connections were of the 

flush end plate type. The beams were loaded first followed by loading the columns to 

failure. Interestingly, the results showed that the column failure loads were close to 

the squash loads. Gibbons reported that the high failure loads in the columns were 

attributed by the beneficial effect of the connection restraints and the presence of 

minor axis moment reversal. He also pointed out that, at the point of ultimate load, 

there exist an interaction between the adjacent members and the columns. 

2.8.3 Conclusions of the Beam-column Tests 

Overall, it is evident that even with the presence of detrimental moments from beam 

loads, the restrained columns are still capable of sustaining high axial loads. More 

interestingly the failure loads are significantly higher than the predicted design 

strengths as proposed by the BS 5950 [2-5] and AISC [2-27] codes. 
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2.9 Phenomenon of Moment Shedding in 

Beam-columns 

The experimental results explained above have shown that in many cases the ultimate 
loads of the beam-columns are larger than those predicted by the interaction equations 

specified by many design codes. It has been mentioned that the increase in 

beam-column strength is due to the connection restraints. However, one significant 

observation by Gent and Milner [2-29], [2-30] also indicates that this response may be 

described as moment shedding. 

Moment shedding is a phenomenon in which the moment at column top end is 

progressively shed as the column starts to undergo failure. In multi-storey buildings, 

this kind of phenomenon has been seen in many tests either in small scale or full scale 
frames [2-2], [2-28], [2-29], [2-30], [2-34], [2-37]. The effect has also been observed 
in offshore structures [2-38]. 

2.9.1 Moment Shedding in Beam-columns With Rigid Connections 

The early tests which can be associated with the moment shedding phenomenon were 

mainly in frames with rigid connections [2-28], [2-29], [2-30], [2-34]. Baker et al. 

[2-28] observed the effect of decreasing moment at the top end of beam-column with 

increasing axial load (see Figure 2.14). The corresponding beam-column is as shown 

in Figure 2.8. 

Gent and Milner [2-29], [2-30] observed the behaviour of moment shed away from the 

column and then act as restraining moment as the column is approaching failure (see 

Figure 2.15). The corresponding beam-column is as shown in Figure 2.9. Based on 

this behaviour, the first use of the term moment shedding was then introduced by Gent 

& Milner. They also realised that the shedding of end moments was another factor 

contributing to the increased in the ultimate column strength. As a result of moment 



shedding, they proposed a simplified method of designing beam-columns with rigid 
joints as axially loaded only. 

The two full scale rigid frame tests conducted by the Joint Committee on Fully-rigid 

Multi-storey Welded Steel Frames that was described in section 2.8.1 also showed the 

phenomenon of moment shedding [2-33], [2-34]. The committee reported that the 

relaxation of beam support moments acting at the column will generally be beneficial 

to column performance. 

Wood [2-39] studied extensively the variations of end moments and maximum 

moments within the column length with increasing axial loads. He noted that one 
important characteristic in the buckling of restrained columns is the rapid change of 

detrimental minor axis moments to restraining moments. As a result of this 

investigation, he then developed a more realistic simplified design method of columns 

with rigid ends. He introduced the concept of vanishing stiffness and showed great 

interest in the phenomenon of moment shedding. 

2.9.2 Moment Shedding in Beam-columns With Semi-rigid 

Connections 

The investigations carried out at the University of Sheffield that were discussed in 

section 2.8.2 showed that the moment shedding phenomenon also occurred in 

beam-columns with semi-rigid connections. Davison [2-35] identified the complex 

variation of beam and column moments as the columns approach its ultimate load. He 

then suggested that the higher column loads above the AISC LRFD design interaction 

were due to the relaxation of column end moments. Gibbons et al. [2-2], [2-36] 

observed that as the column approaches failure, the applied column end moments 

reduced to zero and then became restraining moments (see Figure 2.16). The 

corresponding beam-column as part of the three dimensional subassemblage is shown 

in Figure 2.11. As the moment shedding occurred, the columns continued to sustain 

additional loads. These phenomenon occurred in all the column tests. 



Finally, the even more convincing evidence is that the phenomenon of moment 

shedding was also seen in the full scale semi-rigid plane frame [2-37] and three 

dimensional frame tests [2-36]. As reported in reference [2-37], one significant 

observation was the shedding of moment away from the collapsing columns. Figures 

2.17 and 2.18 show the development of moment shedding at the top end of columns in 

the plane frame and three-dimensional frame tests respectively. The corresponding 
beam-columns are shown in Figures 2.12 and 2.13 respectively. 

Nethercot [2-40] stressed the important of moment shedding phenomenon. He 

suggested that such response can have important implications in terms of the correct 

member forces for which the column can be designed. In relation to this, Kirby et al. 

[2-41] proposed a simplified design method of designing beam-columns as axially 

loaded columns only. The design method is known as the ap;,, approach and is 

discussed further in section 6.6.2 of Chapter 6. 

Numerous full scale frame test results on sub-frames and plane frames suggest that the 

moment shedding occurred due to the interaction of internal forces between beams 

and columns. The study on individual columns as carried out by Jones [2-16] had not 

seen the effect of moment shedding as the beam action was not present. Hence, to 

study the effect of moment shedding, it is justified to employ a plane frame model 

where full interaction and continuity between beams and columns are present. 

2.10 Conclusions 

A review of previous work related to the studies of steel frames has been presented. 

Important subject areas focusing on semi-rigid connections, new connections between 

open section beams and tubular columns were discussed. In addition, the phenomenon 

of moment shedding which is vital for understanding the interaction of members at 

ultimate load levels has been highlighted. 
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Several important conclusions from the review may be outlined as follows: 

" Separate independent frame tests have been performed on columns with both 

semi-rigid or rigid connections. The results clearly demonstrate that, irrespective 

of connection types employed, the actual column failure loads are always higher 

than that predicted by the proposed design methods suggested by the Joint 

Committee [2-32] or the codes [2-5], [2-27]. It should be mentioned that these 

design methods are based on the interaction equations. This suggests a 

conservatism in the design methods although the interaction equations have 

incorporated all the required parameters such as beam moments and connection 

restraints (as defined by using reduced effective length factors). In view of this, a 

solution for economical column design needs to be sought. 

" The phenomenon of moment shedding is seen to have a very significant effect on 

the behaviour of structures particularly at the ultimate load levels. On the other 

aspect, previous investigations showed that moment shedding can contribute to 

additional column strength. 

In realising all these aspects, the phenomenon of moment shedding in frames with 

tubular columns needs to be investigated. There is also a need to investigate the 

strength of SHS columns using flowdrill connections. In addition, the observations 

made in experiments still require more rigorous explanations which are only possible 

by the use of analytical methods. 
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Figure 2.2 M-4 response for a range of semi-rigid connection types [2-42] 
(a) extended end plate; (b) flush end plate; 
(c) seat and web cleats; (d) flange cleats; (e) web cleats; 
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Figure 2.3 Typical structural system of multi-storey frames with 
open section beams and SHS columns 
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where P= axial load, M= moment, L= column length 

(a). Axially loaded column with end restraint [2-23] 

where: py = squash load 

(b). Influence of connection types on the strength of axially 
loaded columns [2-23] 

Figure 2.7 
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Figure 2.8 Beam-column with rigid joints in 
Baker's small scale plane sub-frame model [2-28] 

Figure 2.9 Beam-column with rigid joints in 
Gents and Milners' small scale 
three dimensional sub-frame model [2-31 ] 
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Gibbons's full scale three dimensional 
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Figure 2.14 Reduction of moment at top end of beam-column 
as observed by Baker for the small scale 
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Figure 2.15 Moment shedding at top end of beam-column 
as observed by Gent & Milner for the small scale 
sub-frame of Figure 2.9 [2-29] 
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Chapter 3 

Nonlinear Inelastic Analysis of 

Semi-rigid Plane Frames Using Finite 

Element Method : Formulation and the 

Computer Program 

3.1 Introduction 

The nonlinear finite element analysis of plane frame steel structures has become a 

useful research tool to study the response of real structures. Important aspects such 

as the effects of semi-rigid connections, geometrical and the material nonlinearities 

that are present in real frames can now be incorporated into the finite element 

programs. The inclusion of these characteristics can capture the actual response of real 

frames both in the elastic and inelastic ranges. Informative results obtained from this 

range of behaviour will be useful in predicting the strength of both individual 

members and complete frames at both service and ultimate load levels. 



The program used in this study has incorporated all the characteristics mentioned 

above. The program has been continuously developed by researchers at the University 

of Sheffield since 1980 using the finite element method. It started with Jones [3-1] 

who developed the program for analysing a single column element with semi-rigid 

connections as shown in the model of Figure 3.1(a). The limitation of this program is 

that the column ends are connected by the semi-rigid end-restraint to rigid supports 

and hence any frame action due beam end rotations from beam bending is neglected. 

Davison et al. [3-2] suggested that the analytical studies on the column performance 

should consider the column acting as part of a frame rather than as an isolated 

member. In view of this, the following development was made by Rifai [3-3] who 

modified the individual column model into a sub-frame subassemblage model which 

is shown in Figure 3.1(b). This model includes the effect of beam bending and 

considers the column as part of a frame. The results of a parametric study carried out 

using this subassemblage model show that the program can provide a good estimate 

of the force distribution but cannot provide accurate predictions at ultimate load 

condition [3-4]. 

In view of the above, further developments to modify the subassemblage model into a 

plane frame model as shown in Figure 3.1(c) were carried out by Ahmed [3-5] in 

order to overcome the limitations found in the previous programs. The plane frame 

program was modified further by Mohammad [3-6] to incorporate the actual 

behaviour of internal forces in the members, evaluation of section properties at Gauss 

points, refinement of strain formulation as well as the incorporation of loading and 

unloading behaviour of semi-rigid connections under slow cyclic loadings. This 

program is now known as SERIFA (Semi Rigid Finite Element Analysis). 

Further developments on the SERIFA computer program have been made by the 

author. These modifications include the incorporation of higher order strain terms for 

large deflections, geometrical imperfections, a square hollow section model in the 

section properties and the modelling of the eccentricity moment at column ends. In 

addition, an improvement on the analysis of results involving the percentage of yield 

spreading across the sections as well as along the elements is included. Furthermore, 
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the true response of the structures when the section is fully yielded and has reached 

the plastic moment capacity has also been included. As a result, the program can 

predict the real response at ultimate load levels. 

Although the program was formulated using semi-rigid connection characteristics, it 

can be employed for analysing semi-rigid, pinned and rigid plane frames. The 

following section will discuss the finite element formulation and the features of the 

program which then leads to the nonlinear analysis of semi-rigid steel frames. 

3.2 Beam-column Element 

The plane frame members are idealised as a finite number of elements. Each element 
is modelled as a 2-node element. These elements are beam-column elements as they 

are formulated for both beam and column members. Figure 3.2 shows the model of 

the beam-column element with its properties of modulus elasticity, E, cross sectional 

area, A, second moment of area, I, and length, L. The types of sections to be used for 

this beam-column elements are explained in section 3.7.1. Each element has six 

degrees of freedom of displacement namely { u, , v, , 9I , u2 , v2 , 92 )T which are located 

at node 1 and node 2 respectively. Each node has two translations and one rotation 

which means that the node can displace in three directions namely u, v and 0. The 

associated vector of forces with respect to the degree of freedom of the displacement 

is {i F>>V> MI, Fz Iz V1 11I2 }T. 

The influence of semi-rigid connections can be incorporated in the structures. One of 

the common methods is by treating the connection as an independent spring element 

connecting the beam to column elements [3-7]. The second (preferred) method is by 

incorporating the connection characteristics into the formulation of the existing 

beam-column elements. The other method which is also of interest is by treating the 

connection as an independent short-rigid beam element [3-8]. 

The SERIFA program incorporates the connection characteristics by employing the 

second method. This reduces the degrees of freedoms in the structures and hence can 
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increase the efficiency of the numerical calculations. The idealisation of the 

semi-rigid connections as part of a beam-column element is shown in Figure 3.3. The 

connection characteristics are entered into the formulation in two ways. The first, is 

through the formulation of the shape functions of the beam-column elements and the 

second is through the formulation of the element stiffness. The following sections will 
discuss these formulations. 

3.3 Shape Functions 

As explained in section 3.2, the nodes of the elements can displace in either three 

directions. As the displacements between the nodes are always not similar, this will 

result in the deformations of the elements between the two nodes. This can be 

illustrated in Figures 3.4 and 3.5, where the elements can deform appreciably in 

different shapes due to the action of external forces. 

Figure 3.5 shows a state of a deformed element due to nodal forces shown in Figure 

3.2. Referring to Figure 3.5, the effect of semi-rigid connections in influencing the 

deformed shape of the elements can be explained. Considering node 1, if 0, is the 

beam rotation and Gi is the column rotation, then the difference between the two 

rotations is the connection rotation B J, with 6,, being defined as 6,, = 81 -'WI . This 

implies that the rotation of the beam which governed the element deformed shape is 

influenced by the flexibility of the connections. Similarly, the same effect will be 

present in node 2. The relationship between the element deformation and the 

semi-rigid connections is needed and can be obtained by the use of shape functions. 

Shape functions are equations that describe the possible deformed shapes of an 

element due to applied loads. The shape functions of a 2-node beam-column element 

employed in this finite element computer program consist of six functions which are 

associated with the six possible different deformed modes. 



Figure 3.6 shows the shape functions and the corresponding deformed shapes of 

elements with both rigid and semi-rigid connections. The shape functions for a 

beam-column element with rigid connections at its nodes are defined as 

N, =1-L 

N2 x 
L 

rl3 
N3=1-3(L) 

z 
+2I 

LI 

r l3 
Na LL -2CL)2+ ILJ 

_r 12 ( 13 
Ns =[3 1 

LJ -2LJ 

N6=L _/L)2+\LJ3 

(3.1) 

(3.2) 

(3.3) 

(3.4) 

(3.5) 

(3.6) 

The shape functions for the rigid elements are then modified to incorporate the 

semi-rigid connections at its nodes and are denoted as follows [3-3], [3-9] : 

N1 =Ni 

N2 =N2 

N3 =N3 -e31N4 -eJ32N6 

N4 =[N4(1-Bf41)-N6ef42 

N5 =CNs +NaBJS1 +N6BJs2ý 

N6 = 
[N6 (1- BJ62 )- Na 9 J6l 

ýJ 

Na (1- Bfa1 ) -N6 Oj42 ] 

(3.7) 

(3.8) 

(3.9) 

(3.10) 

(3.11) 

(3.12) 
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Referring to mode shape 3 of Figure 3.6, the slope deflection equations are written 

as [3-5]: 

2E1 3 
M, = L-28131 - eJ3z +L=C; lej3l 

2E1 3 
M2 =L -BJ31 - 26j32 +L= CJ2ej32 

where 
Cj1, Cj2 = connection stiffnesses at nodes 1 and 2 respectively 
MI, M2 = moments at nodes 1 and 2 respectively 
EI 

= flexural stiffness of the element 
L 

(3.13) 

(3.14) 

Solving Equations (3.13) and (3.14) for 81 and 82 result in the following: 

ej31 = 
A, B, 

(3.15) 

ej3z = 

H 

A, B2 
H 

(3.16) 

Similar solutions are implemented for mode shapes 4,5 and 6 which result in the 

following: 

A2B3 
f/j4l - 

ejaz = 

H 

AzC; i 
2H 

Bj51 
- 

Bj31 

eJ52 ° ej32 

(3.17) 

(3.18) 

(3.19) 

(3.20) 

e; 6l = 
A2H2 

(3.21) 
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A2B4 

Jvc 

where 

H 

6EI 
Al = LZ 

A2 
4EI 
L2 

2EI 2EI B, = L+ 
Cý2 B2 = L+ 

Cil 

3E1 3E1 B3= 
L 

+Cýz Ba= 
L 

+Cjl 

H= 
2 

A1A2 +A2(Cj1+Cj2)+CitCi2 

(3.22) 

As can be observed from Equations (3.9) to (3.12) and Equations (3.15) to (3.22), the 

functions for N3, N4, N5 and N6 are dependent on the connection stiffness Cj . 
Referring to these four shape functions shown in Figure 3.6, if any end of the nodes is 

rigid then the corresponding value of Cj at that node is infinity. In this program the 

value of Cj for rigid node is taken as equal to 1.0E20 kNcm/rad. In the case that the 

nodes at any end of the element is semi-rigid than the corresponding value of Cj is 

equal to the stiffness of the semi-rigid connection given in the moment rotation M-O 

data. If the connection is pinned Cj is taken as a very small value equal to 1.0E-20 

kNcm/rad. 

Comparison of mode shapes between the rigid and semi-rigid elements shows that the 

mode shapes of rigid elements have zero rotations 9j; at the nodes whereas the 

semi-rigid elements have finite rotations at both left and right nodes. This indicates 

that the presence of these rotations that contribute to the difference between the rigid 

and semi-rigid shape functions. 



3.4 Strain-displacement Relationship 

The shape functions will later be utilised to obtain the relationship between strains and 
displacements in a finite element. The strain formulation has been modified to include 

the large displacement effects. The strain, c, at any point along the element is usually 

obtained using the following relation: 

E= El +E2 +83 

o"lt 1( oü 21 o"bl z 
ý= vk+2\öxl +2ý0ý1 

where 

ýý _ is the linear strain due to axial displacement 

z 
62 =2( 

a) 
is the nonlinear strain due to axial displacement 

(3.23) 

(3.24) 

12 
Ej =1I&I is the nonlinear strain due elongation of the element induced by 

deflection v 

However Equation 3.24 neglects the strain due to curvature, 64. Hence, the total strain 

equation can be written as 

6=61 +62 +63 +64 

öull2 1 ((1 'til2 
_y 

(o2v'\ ! Ou 1( 

ý= äx 
+ 

2\ öxl + 2`öz öx 2 

where E4 = -y 
22 

is the curvature strain 

(3.25) 

The strain components given in Equation ( 3.25 ) can be separated into two parts. First 

is the linear strain go and secondly is the nonlinear strain EL . 
Hence, 



s=so +8L 

in which 

oü öZv T 
90 = 9c , 

0, 
aCz 

((T 

6L =1I 
ýi2 

,12, 
o 

2 Öx 2 oýC 

or 

1 roül2 
2ldrJ 

Oýl 

vk 1ra, 2 

cý C=0 +12 ) 

ä2v 
&2 0 

(3.26) 

(3.27) 

(3.28) 

(3.29) 

From Equation (3.29 ), differentiating c with respect to dS will result in a relationship 

between the incremental strain de and the incremental nodal displacements d8 which 

may be written as 

d{c} =d{so}+d{EL} 



ö1V, 

{d8} _-[ °x 
0 

o" 0 
dV2 

a 00 
a2 N3 a2 Na 

A 
a2 N5 a2 N6 

o'kz oýZ 
v 

ök2 0ý2 
(3.30) 

a, 
ý1 '27V3 OV4 OW2 ow 5+( 

ý) ýýýýýý] {dý} 
000000 

Equation (3.30) which is described in terms of the derivatives of the shape functions 

may be written symbolically as 

{ds} =( [Bo]+[BL] )"{dS} (3.31) 

where 

[BO] = 

owl 00 
N2 

00 
aa 

0 
ö2 N3 ä2 N4 

0 
ö2 Ns öZ l 

&2 &2 a2 a 
a2 ]V a2 ]V 92 ]V a2 ]V 

nv `3 v aý4 nv aýs v aýb 

v��v 

a 
ý1 OW3 191V4 OW2 

Öx Qi 
ýBL 

JC Oý/ 
IOC 03C aa 

000000 

(3.32) 

(3.33) 

in which [Bo] is the small strain-displacement matrix which is associated with the 

linear strains and [BL] is the large strain-displacement matrix which is associated with 

the nonlinear strains. 

The overall strain-displacement matrix, [B] which consist of both the linear and 

nonlinear terms can be expressed as 

[B] = [Bo ]+ [BL] 

Hence, Equation (3.30) can be written symbolically as 

(3.34) 

{ds} = [B] " {dg} (3.35) 

000000 

al ýz - az az 
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3.5 Formulation of Element Stiffness Matrix 

The tangential stiffness matrix for a beam-column element with semi-rigid 

connections has been derived by Rifai [3-3] following the procedure described by 

Zienkiewicz [3-10] and using the principle of virtual work. The stiffness matrix that 

was developed for an open section beam-column element is also applicable for a 

tubular column based on the assumption that local buckling is not considered in the 

analysis. This, however, does not limit the use of the program because in normal 

design procedures of hollow sections, the local buckling is controlled by checking the 

ratios of D/t and B/t for the webs and flanges where D is the depth, B is the width and 

t is the thickness of the section. By ensuring that the section classifies as plastic, local 

buckling in the flanges and webs can be avoided. 

In order to derive the element tangential stiffness matrix, consider a beam-column 

element with semi-rigid connections at the ends. This element is subjected to imposed 

virtual displacement instead of external forces in order to induce element 

deformations. As the element is deformed and reaches equilibrium, it will yield an 

expression of the general form of virtual work principle which can be written as 

follows: 

W.,, ý - Wý, =0 

where 

W. 
nt = total internal work done due to virtual displacement 

W= total external work done due to virtual displacement 

(3.36) 

If the applied virtual displacement is denoted as d8 then the external work done is the 

external loads {F} multiplied by the displacements {d8} and can be written as 

Wes, _ {do} T {F} (3.37) 

where 

{F} = vector of external forces due to the virtual displacement 
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Hence, the associated nodal displacements and nodal forces at each degree of freedom 

can be written as 

WCXt = [du, dv, d91 du2 dv2 d92 (3.38) 

The external work is absorbed by the element in two ways. The first is through the 

stress {Q} multiplied by the strain {de} which can be written as 

W,. ti 

L 

= 
fldcl'faldx 

0 
(3.39) 

{E} = [B]{s} (3.40) 

de = [B]{dS} (3.41) 

Lr 

Wntt -J 
{dU}T [B]T {Q}CýX 

0 

(3.42) 

The second is through the moment M1 multiplied by the rotation dB at the two 

nodes which can be written as 

W. 
in t 2= d 9ý, Mý, +d Bý Z Mj2 (3.43) 

The detailed derivation of Wint2 by Rifai [3-3] which relates the joint rotations with 

the semi-rigid connections has resulted in the following equation, 

Wmc2 = d8T (Nj, TC;, Nj, + NJ2T C; 2N; 2)8 

where 

(3.44) 
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Nj, =0 
X3 

-1 +OWa 0 
öNs o'N6 (3.45) 

oX oX oX OW 

ý3 

Nj2= 0 
aX 

dV4 

ox 0 
oNs 

-1 + 
oN6 

ox ox 
(3.46) 

Cj, = connection stiffness at node 1 

Cj2 = connection stiffness at node 2 

It can be observed from Equation (3.44) that the effect of semi-rigid connections has 

been entered into the formulation. 

The total internal work done can now be defined as the summation of Equations 

(3.42) and (3.44) and may be written as 

Win t -- (Win t1+ 
Win12 

/ 

=dBT 
f BTQ. dx+[Ný1 . 

TC. 1 Nj iý +N. 2 ý 
TC. 

2ý N. 2]dB 
(3.47) 

ý 

Equating Equations (3.37) and (3.47) results in the following, 

{dS}T {F} =dST 
JBTQ. dx+[Nj1TCj1Nj1 +Nj2TCj2Nj2]dS (3.48) 

{F}= JBTa. dx+[N� TCj, Nj, +Ni2TCj2Nj2] d8 (3.49) 

Equation (3.49) can be written as 

yr= 
[JBT. 

+[NJITCJINJ, +NjZTCjZNjZ]dS -F (3.50) 

Differentiation of y' with respect to 8 will result in the tangential stiffness, 

LT 
KT 

dyr 
- 

jBT du 
dx+ J as 

. dx+[Nj1TCj1Nj1 +Nf2TCj2Ni2J (3.51) 
dS o 

d8 0 



From Equation (3.51) it can be observed that the effect of connection stiffness CC j has 

increased the value of tangential stiffness, KT. 

The relation between stress and strain can be expressed as 

Q=DE (3.52) 

where D= modulus of material 

From Equations ( 3.35 ) and (3.52) the following relationship is then obtained, 

da de 
=D-=D"B d8 d8 

Substituting Equation (3.53) into Equation (3.51) gives, 

(3.53) 

L i�T 

KT JBT 
= D"B"dx+ J as. dx+[Nj, TCj, Nj, +NJ2TCj2Nj2J (3.54) 

Consequently Equation ( 3.54) can be written symbolically in matrix forms as 

[Kr ]e = [KE ]e + [KG ]e + [KL ]e (3.55) 

where (using Equation 3.34 for the expression of B= Bo + BL) 

L 
[KE ]` = 

JB0TD. B0 " dx +[Nj1T Cj, Nj1 + Nj2T Cj2 Nj2 ] (3.56) 

0 

I 
[KL ýe - 

[BoDBL + BLT DBo + BLT DBL ]dx (3.57) 
0 

. dx [KG]` =f -dQ d8 0 
(3.58) 

where [KE] is the small displacement stiffness matrix, [KL] is the large displacement 

stiffness matrix and [KG] is the geometric stiffness matrix. The superscript e indicates 

the stiffness of the element. 

L 
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The tangential stiffness matrix [KT] is formulated based on the current state of 
displacements, semi-rigid connection stiffness and the section properties. 

3.6 Internal Forces 

The formulation of the internal forces has been incorporated in the SERIFA program 

by Mohammad [3-6] based on the formulation procedure in the INSTAF program 

[3-7]. Figure 3.7 shows the displacements u and v of an arbitrary point `0' on the 

beam cross-section which can be defined in terms of the displacement at the neutral 

axis. This in turn results in the nonlinear strain-displacement relationship at any point 

on the cross section as described by El-Zanaty [3-7] in which Equation (3.25) can be 

written as 

6= uo'+ 
1 (uo +1 

Iv0,2 
_ YV 

0 

it 

22 

where uo'= vo'= 
& 

an d volt= 
öZv 
ý2 

The differentiation of Equation (3.59) gives, 

CS£ = CSuo'+uo' 8u 
01+V0 

18vn'-y6V0 to 

Equations (3.37) and (3.39) give 

SW = J{o}1&}dv 
- {F}{dS} 

Equations (3.60) and (3.61) give 

(3.59) 

(3.60) 

(3.61) 

btiV = fo-[{i + uo'}Suo'+{vo'}8vo'-y8vo" IdA. dx - {F}{d(5} (3.62) 
L 

The stress resultants are defined as 

n= fo-. dA = internal axial force 
A 

(3.63) 
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m= Jc. y. dA = internal moment 
A 

Differentiating Equation (3.62) with respect to X gives, 

{ yr(8)} = 
jl a, 

ýý' 
+ a2 

"91'* 
945' 

+ a, 
aS'Jdz 

- {F} 
L 

(3.64) 

(3.65) 

where (V) is a vector of nodal unbalanced forces and the values of al, a2 and a3 are 

given in Equations (3.73), (3.74) and (3.75) respectively. 

It can be seen that (y) is dependent upon the displacement vector (5) and its 

derivatives. The value of yr with an increment of (45) can be expressed in terms of 

Taylor series and may be written as 

V(8, + Ofii) = yr(8i) +ý A& +""""" =0 (3.66) 

The higher order terms are ignored and Equation (3.66) can be written as 

yr(Bi)+ 
1145 

e8i+"""""=0 (3.67) 

-V/ (s0 = 
119-, 

5 es; (3.68) 

Knowing that äs is the tangential stiffness then Equation (3.68) can be written as 

K,. 08=-v 

Substituting Equation (3.65) into (3.69) gives, 

KT . ns ={F} - J(a' as 
+ a2 

aý + a3 
as ýý 

(3.69) 

(3.70) 

Hence Equation 3.70 can be written as 



{OF'} _{F} -J at 
'+ 

d8 
a2 

d8 + a3 ö8 L 

where 

{, &F} = vector of out-of-balance forces 

{F} = vector of external forces 

ýx (3.71) 

From Equation (3.71) the internal forces is written as 

internal forces = J[a1 ý° ý+ 
a2 

a° ý+ 
a3 (3.72) 

L 
d8 d8 a8 

where 

a, =f QZ . dA =n (3.73) 
A 

U= 
fcr2. 

dA. v0'=nv0' Z (3.74) 

a3 =- 
cr.. dA = -m (3.75) 

The values of n and m are defined in Equations (3.63) and (3.64) respectively. It can 

be seen that the internal forces given in Equation (3.72) are a function of 

displacements and stress resultants of n and m. 

When the cross section is fully yielded, the stress resultant m is kept constant and 

Equation (3.75) may be written as [ 3-11] 

a3= - JQy., y. dAp =-mp 
A 

(3.76) 

where 

Qy, = yield strength 

Ap = yielded area 
mp = plastic moment 
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Finally, Equation (3.70) can be symbolically written in matrix forms as 

[KT ]. {OD} = {AF} (3.77) 

where [KT] and {iF} are evaluated from Equations (3.55) and (3.71) respectively. 

In the case of solving for nodal displacements, Equation (3.77) can be expressed as 

{OD} = 
[KT ]-1 {OF} (3.78) 1 

The tangential stiffness [ KT ] depends on the unknown displacements and their 

associated derivatives. Similarly the vector of internal forces {FF} depends on the 

stress resultants and the displacement derivatives. Thus, Equation (3.78) which 

contains the nonlinear terms [KT] and {AF} can only be solved by using iteration 

methods [3-12] in which the solution is achieved when {eF} is sufficiently small. In 

this relationship, {FF} is the vector of unbalanced forces which caused the 

inequilibrium in the deformed structures. If the values of {AF} are sufficiently small 

and within the tolerance limit then the structure is said to be in equilibrium. 

3.7 Properties of the Cross-section 

The tangential stiffness matrices of the elements [KT] are affected by the properties of 

the beam-column elements which in turn depend on the properties of the element 

cross sections. Thus, it is necessary to evaluate the section properties first prior to the 

evaluation of the element stiffness matrices. 

The cross section properties are evaluated at four sampling points along the element. 
The points, which are also known as the Gauss points, are shown in Figure 3.8. The 

availability of the properties at the Gauss points will enable the evaluation of the 

overall properties of the beam-column element. In addition, the properties at the two 

element nodes are also evaluated in the computer program. 
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3.7.1 Discretisation of cross-section 

The properties of the cross sections are evaluated by first discretising the cross 

sections into sub-elements. The types of cross sections of beam-column elements that 

can be employed in this program are UB and SHS sections as shown in Figures 3.9(a) 

and 3.9(b) respectively. As shown in these figures the cross sections are first divided 

into several plates. Three plates for UB sections and four plates for SHS sections. 

Each of the plates is further discretised into small sub-elements. The centroid of each 

sub-element will become a sampling point for evaluating the strain 6 in the 

sub-element. Each sub-element will have area dA and lever army from the centroid. 

There are two properties that need to be evaluated at each cross section namely the 

material and geometrical properties. 

3.7.2 Material Properties (a -c relationship) 

The strength characteristic of the material is described in terms of the relationship 

between stress o and strain e. Knowing the total strain Eat any sampling point in the 

sub-elements will enable the stress a to be evaluated. 

In the stress-strain relationship shown in Figure 3.10 the material modulus, E, in the 

elastic range is taken as between 200 and 210 kN/mm2 and in the plastic range, E=0. 

As can be seen from this figure, the relationship between stress and strain is no longer 

linear when the sub-element strain, e, exceeds the yield strain, ey . When this occurs, 

the effect of material nonlinearity is incorporated in the analysis. 

3.7.3 Geometrical Properties 

A diagrammatic relationship between the strain and stress distributions in the 

sub-elements and the corresponding condition of the section is shown in Figure 3.11. 

When the sub-element strain, e, exceeds the yield strain, E,, the stress becomes 
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constant and the sub-element becomes yielded (plastic). The discretised sub-elements 

allow the process of yielding to spread gradually over the cross sections. Thus, 

accurate prediction of the effective values of flexural stiffness, EI, and axial stiffness, 

EA, with respect to any change in the cross section properties due to a partially yielded 

section can be evaluated accordingly. 

The cross sectional area of the sub-element is calculated as (see Figure 3.9) 

dA= Ax x Ay (3.79) 

This is followed by calculating the lever arm, y from the centroid of the sub element 

to the centroidal axis of the section. 

Subsequently, the important properties of E4 and EI of the cross sections can be 

evaluated as follows: 

EA=fE"dA 
A 

(3.80) 

EI = 
jE"y2 

"dA (3.81) 

In the case of inelastic section the properties of EI need to be re-evaluated as 

EI=EI-y2 faA 
A 

(3.82) 

where 

fYeff 
"dA 

A 
y fEeff'dA 

A 

(3.83) 

In this program, the above integration equations are performed numerically and can be 

re-written as 



n 

EA(Eeff)ý "DA; 
! =1 

EI =Z (Eej% )i 
.. Yi - 

"i 

i=1 

(3.84) 

(3.85) 

In the case of an inelastic section the properties of EI need to be evaluated as 

E1=2: (Eeff)i 'y12', AAi -y 
2 

Aeff 
i=1 

where 

y-1] Yt"(Ee. ff)i"AAi 
(Ee. 

ff, 
)i 

" DA, 

(3.86) 

(3.87) 

Aef = remaining elastic area of the cross section 
AA = sub-element area as defined by Equation (3.79) 
Eef = effective modulus of elasticity which depends on the strain in the material 

3.7.4 The Effect of Yielded Element to the Properties of the Sections 

The yielding in the sub-elements will change their material properties and may affect 

the structure in the following ways: 

1. The stress in the yielded sub-elements will be a= ay . This implies that the 

yielded sub-elements will provide their maximum strength capacity. In the case 

that all the sub-elements in the cross section become yielded then the section is 

said to be in a fully plastic condition. This will result in the section to provide a 

maximum squash load carrying capacity or maximum moment capacity for pure 

axial or pure moment conditions. 

2. The elastic modulus of the sub-elements will be E=0, and hence the corresponding 

values of the axial stiffness, EA, and flexural stiffness, EI, will become zero. This 



implies that the yielded sub-elements have lost their contribution to the stiffness of 

the section. This, in turn, will reduce the stiffness of the structure. 

3.8 Properties of the Beam-column Elements 

Once the properties of the cross sections at the four Gauss points are known, a second 

numerical integration along the element can be implemented to obtain the overall 

properties of the beam-column elements. The corresponding properties are the 

element stiffnesses and the nodal internal forces which are obtained by performing 

numerical integration along the element. 

The difference in the degree of yield between sub-elements reflects the contribution of 

the material nonlinearity to the global structure properties. Knowing the gradual 

penetration of yield spreading across the section at the four Gauss points will enable 

the gradual yield spreading along the element to be investigated. 

3.9 Evaluation Of Stress Resultants 

Stress resultants which include axial load and moment can be obtained by knowing 

the properties of the section. These stress resultants are expressed as 

Axial force, F= Jo'. dA (3.88) 

Moment, M= f cT "y" dA (3.89) 

The integration of the above equations are performed numerically as follows: 

f=n 

Axial force ,F (3.90) 
r-ý 



J 

! =n 

Moment, M=ZQ; . y, . AA, 

where i= no. of sub-elements 
n= total no. of sub-elements 

3.10 Evaluation of Element Stiffness 

(3.91) 

The program evaluates the section properties followed by the evaluation of the local 

element stiffness matrices. The stiffness matrices are the elastic stiffness matrix [KE], 

geometric stiffness matrix [KG] and the stiffness matrix due to axial load [KL]. These 

stiffness matrices are combined to obtain the element tangential stiffness matrix [KT] 

which is 

[KT]e = [KE]e + [KG]e + [KL]e (3.92) 

The element stiffness matrix [KT]e is formulated based on the local co-ordinate 

system. Figure 3.12(a) shows the local and global co-ordinate axes of the elements in 

a structure. The local element tangential stiffness [KT]e must be transformed into the 

global co-ordinates system to form the global element tangential stiffness matrix 

[KT]9. The transformation is implemented by using the matrix multiplication given 

below, 

[KT]g 
- 

[T]T [KT]e[T] 

The transformation matrix [T] is given as 

[T]= 

cos(p sinsp 0000 

-sinrp cosp 0000 

001000 
000 cosp sinp 0 

00 0-sinp cosp 0 

000001 

(3.93) 

(3.94) 
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where V is the angle of transformation from the local axis to the global axis which is 

shown in Figure 3.12(b). 

/ 

Once the global element tangential stiffness matrix [KT]9 in the global axis has been 

determined for each element then the assembly of the individual beam-column 

stiffness matrices to obtain the structure stiffness matrix [KT] is performed. When the 

assembling of [KT] is completed, the solution of equilibrium equation {F} =[KT] {D} 

is sought. 

3.11 Numerical Integration 
The values of cross section properties of E, A and I are not constant along the element 

length. To compute the overall stiffness matrix of an element, a numerical integration 

of the properties along the element needs to be performed. In the finite element 

method this integration is performed numerically by using the Gauss Quadrature 

method which is explained in many finite element books such as reference [3-13]. The 

contribution of the section properties at the four Gauss points with the corresponding 

weight factors in one element will give an accurate prediction of the overall stiffness 

of that element. 

3.12 Modelling the Semi-rigid Connections 

Numerous forms of semi-rigid connection models which can be employed for 

analytical studies are discussed in detail by Jones et al. [3-14]. The B-Spline model 

occupies a large amount of computer storage. On the other hand the polynomial 

models can sometimes cause a negative stiffness which the program cannot 

accommodate [3-15]. 

In the study of non-sway frames carried out in the University of Sheffield [3-1], [3-16], 

it is observed that, when the individual column model is employed, a small variation 
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in M-q5 curves can cause a significant different in the behaviour of the structure [3-1]. 

However as the portal or multi-storey plane frame model is adopted, it is seen that the 

variation of ±20% in the M-q5 curves does not cause any significant effect to the 

column behaviour. This implies that the precise form of M-q model is less important 

[3-16] if a frame is analysed. 

In view of the above mentioned aspects, the multi-linear model is used in the current 

analysis of plane frame structures. Figure 3.13(a) shows the typical characteristics of 

the connections described in terms of moment, M, and connection rotation 0. The 

M-q5 curve can be approximated by a series of linear curves as shown in Figure 

3.13(b). This model is simpler to incorporate into the program than other methods 

such as the B-Spline, exponential, cubic and power models. 

Input data for the trilinear model includes the connection rotations 01,02 and 03 as 

well as the associated connection stifnesses k1, k2 and k3 respectively. 

The stiffness of the connection is evaluated from the data file based on the value of 

current connection rotation calculated in the program. It is then used in the evaluation 

of the beam-column element stiffness matrix and the shape functions in which the 

effects of semi-rigid are incorporated. 

The loading and unloading of the connection are determined by checking the values 

of moments at every load steps in all connections. Any increase in moment indicates 

loading and any decrease in moment indicates unloading. Tests indicate that unloading 

occurs with a stiffness which is close to the initial elastic loading value. 

3.12.1 Connection Offset 

In the finite element model, the connection can be idealised as located at a 

concentrated point which may be taken as the intersection between beam-to-column 

centroid. If this model is adopted the associated forces from beams are transferred 

directly to columns and the problem of load eccentricity is not present. However, in 
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reality, the connection is made to the column flange and hence the connection can be 

modelled more accurately as located at an offset from the column centre-line. The 

presence of this connection offset between the column centre-line and the actual 

connection location can induce eccentricity moment which may cause significant 

effects to the column. 

In view of this problem, a simplified model to include the effect of connection offset 

is shown in Figure 3.14. A nodal moment equal to the eccentricity moment M=Rxe 

is applied at the intersection of beam and column centrelines, where R is the beam 

reaction and e is the eccentricity between column centre-line and column face. The 

inclusion of this moment will incorporate the offset effect. 

3.13 Spread of Yield 

A short computer program has been written in the section properties subroutine to 

evaluate the spread of yield over the cross section at every Gauss points. The spread of 

yield is calculated as the percentage of the yielded section as compared to the gross 

sectional area of the element. When the percentage of the yielded sections at every 

Gauss points is known, the approximate development of yield spreading along the 

element can also be quantified. 

3.14 Inclusion of Geometrical Imperfection 

The shear formulation in this program has been modified to include the effects of P-8 

and P-d in a column (see Figure 3.15). This method has been adopted by Nair [3-17], 

Springfield and Adam [3-18] and Chen [3-19] in order to analyse the second order 

effects in multi-storey frames. Generally, the shear forces due to secondary effects can 

be obtained by the following equations [3-20] : 



V--r 
Mab -F Mba 1+ PS 

ll LJL 

V= - 
Mab + 

L 
Mba 

+ 
PýL C 

or (3.95) 

(3.96) 

where 
Mab , Mba = internal moments in an element 

P= member load 

L= is the length of the element 

The result of this modification is shown in Figure 3.16. The larger deflections and the 

nonlinear response resulted from the inclusion of P-5 and P-d effects are observed. It 

shows how these secondary effects can influence the response of lateral deflections, 

in which deflections are important for checking serviceability limit state of a structure. 

As a result of modifying the shear formulation above, a further modification has been 

made to incorporate initial out-of-straightness in columns. Initial work on the program 

required the application of imaginary lateral loads to induce the initial column shape, 

which requires several trial and error analyses in order to obtain the required 

imperfection [3-1], [3-3], [3-5]. The purpose of applying the lateral forces is to 

increase lateral deflections as column bending increases due to axial loads acting 

through the initial out-of-straightness [3-1]. This method, however, can be replaced by 

the new method which only requires the co-ordinates of the initial column shape 

associated with the imperfection 8 or A. 

The co-ordinates of the deformed shape of the column can be defined by using a sine 

wave equation defined as 

y= eo - sin(nx) /L (3.97) 

where eo is the initial central deflection, L is the column length and y is the initial 

deformed shape at a distance x along the column. The value of eo for SHS tubular 

columns as investigated by Davison and Birkemoe [3-21] is approximately L/6000. 



On the other hand, the mean value of eo is reported as L/6384 [3-22], [3-23]. These 

values show that the initial out-of-straightness in tubular columns is very small. 

The presence of the S or A imperfections in a column, in combination with the axial 

load, has the effect of introducing additional moments, PS and PA respectively. 

Consequently, additional shear forces LS 
and 

PA 
will develop which will induce 

additional deflections. Eventually, this will give the same effects as imposing lateral 

forces as employed by Jones [3-1] , Rifai [3-3] and Ahmed [3-5]. 

Figures 3.17(a) to 3.17(c) show the possible types of geometrical imperfections that 

can be incorporated in the program. Figure 3.17(a) shows the local geometrical 

imperfection which normally occurs due to initial out-of-straightness of the column; 

whereas Figure 3.17(b) shows the global geometrical imperfections as a result of 

out-of-plumb within the erection tolerance limit. Further explanations on global 

imperfections can be found in section 5.2.4.3 of EC3 [3-24]. If both local and global 

imperfections exist then the type of imperfection is illustrated in Figure 3.17(c). 

3.15 Treatment of Applied Forces 

In finite element method, applied loads are treated as nodal loads (see Figure 3.18). 

This is in concurrence with the associated degree of freedoms shown in Figure 3.2. In 

this program, four types of applied loads are acceptable which are: 

1. A vertical point load acting at a node (see Figure 3.18(a)). 

2. A horizontal point load acting at a node (see Figure 3.18(b)). 

3. A uniformly distributed load which is applied as a total uniform load acting along 

an element. In the program this load is simplified into a series of point loads acting 

at the nodes as shown in Figure 3.18(c). 

4. A concentrated moment acting at the top end of column element. This moment is 

also used to model an eccentricity moment due to connection offset (see Figure 

3.14(b)). 
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3.16 Nonlinear Analysis 

The formulation of the program has been explained in the above sections. This 

section will demonstrate the basic procedure of executing the nonlinear analysis in a 

plane frame structure using the SERIFA program. The nonlinear analysis involves the 

procedure of solving the nonlinear equations given in Equation (3.78) at various load 

steps. The main response as a result of this analysis is the load-displacement 

characteristics. In addition, other important parameters such as the magnitude of 

collapse loads, the distribution of internal forces, the development of yield spreading 

and the evaluation of stiffness loss in the structure can also be quantified. 

In general, the investigation on the behaviour of structures based on the nonlinear 

analyses requires that the loadings in the analyses must be applied starting from zero 
loads and continued up to the collapse loads. Such history of loadings will include the 

application of incremental applied loads. Consequently, at every load step, the 

problem of equilibrium is to be solved prior to the next load increment using the 

Newton Raphson iteration method. 

Once a position of equilibrium is achieved, the next load increments can be applied to 

check for the next load level that can be sustained by the structure. The similar 

Newton-Raphson iteration processes are performed to obtain the corresponding 

equilibrium points. The repeated process of the load increments and the solution for 

equilibrium points will result in the complete load-displacement curve as illustrated 

in Figure 3.19(a). In this figure only four load steps are shown for simplicity and 

clarity of the diagram. In reality more load steps are required to give the true nonlinear 

load-deflection response. This procedure is also known as the incremental-iterative 

Newton-Raphson due to the incremental loads and the iterative iterations at every 
load step. 

Figure 3.19(b) shows an example of the real frame response which can be associated 

with the Newton-Raphson iteration method presented in Figure 3.19(a). The figure 

illustrates a series of diagrammatic equilibrium deformed shapes of the plane frame 

due to a constant lateral load and incremental column loads up to collapse. 
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In the procedure of this program, the nonlinear analysis is completed when the applied 
load has reached the maximum load carrying capacity of the structure for which the 

equilibrium condition must be satisfied. The maximum load carrying capacity is 

known as the collapse load. Any further load increment beyond the collapse load will 

cause the collapse of the structure in which the structure is no longer in equilibrium. 
Finer load increments in the higher load level will give a more accurate prediction of 

the collapse loads. 

3.16.1 Process of Newton-Raphson Iteration 

This section will explain the process of iteration using the incremental-iterative 

Newton Raphson method. This iteration technique is adopted to solve the nonlinear 

equation {D} =[KT]"{F} to obtain the global displacements {D} in the equilibrium 

deformed configuration. The term [KT] used in this explanation represents the stiffness 

matrix of the whole structure in the global co-ordinate system. The solution to this 

equation is achieved when the unbalanced forces in the vector {, &F} have converged to 

significantly small values. Subsequently, at all nodes, the nodal external forces are 

almost equal to the nodal internal forces. When the solution is achieved, the structure 

is said to be in equilibrium in its deformed configuration. 

Figure 3.20 shows the first stage of the load step with the associated iterations 

corresponding to the complete load-deflection curve shown in Figure 3.19(a). The 

detailed process of the iterations to obtain convergence in the first load step is 

described as follows: 

1. At zero applied forces evaluate the initial section properties E, A and I of the 

elements. 

2. Evaluate the initial tangential stiffness matrix of the structure, KT I based on the 

section properties calculated in step 1. 

3. Apply the vector of the external forces, {F} 1 
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4. Based on [KT], and {F) j calculate the values of the incremental displacements 

at all available nodes in the structure using Equation (3.78), that is 

{AD}I = [Kr. ]1 {EF}I 

5. Calculate the incremental strains using Equation (3.30) based on the incremental 

displacements, {dD}1. The incremental strains are added to the previous total 

strains to give the current total strain. Similarly, incremental displacements {AD), 

are added to the previous total displacement to give the current total 

displacements, {D}I. 

6. Based on these total strains, evaluate the corresponding stresses (see section 

3.7.2). Subsequently, update the section properties E, A and I of the elements. Any 

yielded sub-element will change the section properties. 

7. Evaluate the internal forces {F;,, 1j}j based on the updated section properties as 

calculated in step 6. 

8. Update the structure stiffness matrix [KT]2 based on the current section properties. 

This updated stiffness will be used in the following iteration. 

9. Knowing the external forces {Fi} and the internal forces {Ftnt}I, the unbalanced 

forces {dF}2 can be determined as {dF}2 ={F}1 - {Ftt}I 
. 

10. Check convergence criteria at point P. 

11. In this example, the convergence is still not satisfied at point P. The structure is 

still not in equilibrium due to the existence of vector of unbalanced forces {zF}2 
. 

Thus, based on the updated properties, namely [KT]2 and. {1F}2 
,a second 

iteration is performed to calculate the next incremental displacements (AD)2 due 

to the vector of unbalanced forces {4F2}, that is by solving 

{AD2}=[Kr2]-'{OF2} 

12. Check the convergence criterion at point Q to determine whether the remaining 

out-of-balanced forces and the incremental displacements have reduced to 

sufficiently small values less than the specified tolerances. If this is not satisfied 



repeat steps 5 to 11 for the subsequent iterations. The process of iterations 

continues until the unbalanced forces dissipate and have little effects on the 

deformation of the structure. 

13. The convergence and the associated equilibrium state are achieved at point S. At 

this point, all the internal forces at the nodes are considered to be in equilibrium 

with the external forces. The corresponding results of the analysis such as the axial 
forces, shear forces, moments, deflections, rotations and the properties of EI and 
EA of the elements can be printed in the output files. 

14. The iteration process in any load step terminates when acceptable convergence is 

achieved. The stiffness of the connection is updated at the start of each load 

increment. Further load increments can be applied and a similar process of 
iterations as described above is repeated to obtain another convergence. The load 

can be increased until the structure becomes unstable. 

3.16.2 Convergence Criteria 

In reality, it is impossible to obtain zero values of vector of unbalanced forces at all 

nodes in the structure. Hence, a criterion to minimise the vector of the unbalanced 

forces to a required accuracy can be obtained by specifying the convergence criterion. 

The two convergence factors to be evaluated in order to achieve equilibrium in the 

structures are as follows: 

(1). The load convergence factor is given as 

ý 
{OFi}2 

''' x 100: 5 Tolerance 
n2 E{Fi} 

(3.98) 
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(2). The displacement convergence factor is given as 

ý {ODi} 2 
I=1 

n 
1: {Di} 

I=i 

x 100: 5 Tolerance (3.99) 

where 
{AFi} = vector of unbalanced forces 
{Fi} = vector of total applied forces 

{LDi} = vector of incremental nodal displacements 
{Di} = vector of total nodal displacements 

The convergence is said to be accomplished when both the convergence factors are 

equal to or smaller than the specified tolerances. In the case of this study, the tolerance 

of 0.001 was specified in the program for both the load and the displacement 

convergence factors. The specified tolerance ensures the convergence of the 

equilibrium Equation (3.77). Consequently an accurate point of equilibrium is 

obtained in which internal forces and external forces are in a balanced condition and 
hence resulting accurate prediction of load-deflection response. A smaller tolerance 

may be employed and will give more accurate analysis results. However this will 

require more iterations for each load step which eventually requires a longer 

computing time. If larger tolerances are used fewer iterations are involved but less 

accurate results are obtained. Therefore the appropriate tolerances suggested by other 

researchers should be considered [3-25]. 

3.16.3 Failure Criteria 

Instability occurs when the vector of displacements {D} in Equation {D}=[KT]"' {F} 

becomes very large. This occurs when the tangential stiffness [KT] is infinitely small 

which in turn results in a infinitely large inverse stiffness matrix [KT]-' 
. 

The 

corresponding determinant stiffness matrix [KT] becomes zero or negative indefinite. 

A zero determinant indicates the exact collapse load whilst a negative determinant 

indicates that the collapse load of the structure has been exceeded. At this stage the 

Newton-Raphson iteration process fails to converge which implies that the internal 
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forces can no longer be in equilibrium with the external forces. Structurally, the 

structure has lost its stiffness and consequently has lost its equilibrium and can no 

longer sustain additional loads. It is then not possible to increase the load increments 

and the program is terminated. 

The terms of collapse load and collapse of structures used in this study are in 

accordance with Moy [3-26]. According to Moy, the greatest load at which 

equilibrium can be maintained is the collapse load. In other words, the collapse load is 

defined as the maximum load the structure can sustain just before the structure 

collapses. At the collapse load level the structure is in a state of deformed equilibrium. 

Analysis results such internal forces, moments and displacements are available. 

3.16.4 Layout of the Program 

The SERIFA plane frame program is written in Salford Fortran 77. The program runs 

on a minimum 486 IBM compatible portable computer system. The program can be 

used to analyse a portal or a multi-storey frame with either pin, rigid or semi-rigid 

connections. Any combination of different connection types can be included in the 

frame models. 

The general procedure of the program in performing the nonlinear analysis is 

discussed as follows: 

1. Reading data files. There are three data files employed by this program. First, the 

program will read DATA1 to obtain information on nodal co-ordinates of the 

frame geometry, boundary conditions, connection and element connectivity, initial 

imperfections, level of accuracy in the analysis, values of loadings and the types of 

load increments. Secondly, the program will read DATA2 to obtain the 

stress-strain characteristics, initial properties of the cross section such as the area A 

and the second moment of area I. Two types of second moment of area namely I 

and Iyy can be chosen to incorporate bending about either major or minor axis 

respectively. Finally, in DATA3, the program will read the information of 

connection types and the M-q$ characteristics. 
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2. Applying external loads. All types of applied loads are converted into forces 

acting at the nodes only. 

3. Evaluating the element stress matrix. The program will evaluate the initial 

stiffness matrix of each element. The element stiffness matrices are transformed 

into global element stiffness matrices followed by the assembling process to 

obtain the global structure stiffness matrix. 

4. Specifying the boundary conditions. The restrained degree of freedom is 

initialised as having zero displacements. 

5. Checking the stability. The stability is checked at every iteration and at every load 

increments by evaluating the determinant of the global structure stiffness matrix. 

A zero or negative determinant indicates that the structure is unstable. 

6. Solving the nonlinear equation. The nonlinear equilibrium equation is solved to 

obtain the unknown displacements. Iterations are required to obtain the 

convergence and hence the solution of the analysis. 

7. Printing the results. At every equilibrium point corresponding to each load 

increment, the analysis results are printed out in the files. There are four types of 

output files to print various forms of analysis results, that is: 

(i). 

(ii). 

The main analysis result. The program will print the nodal shear forces, 

moments and axial loads acting at the two nodes in each element. In addition, 

results of nodal displacements of u, v and 9 are also included. From these 

results, the bending moment diagram and the deformed shape of the structures 

can be plotted. The program also prints the variation in the values of EA and 

EI in order to trace the level of loss of stiffness in the element. 

The summary results. The program will only print deflections and internal 

forces at any required node at each load increment. This output file is useful 

for plotting various responses such as load-deflection using a spreadsheet 

program. 



(ºv)" The connection response results. This file %%ill provide the information on 
the response of the connections which includes the level of connection 

rotations, stiffnesscs, the loading and unloading history and the moment 

applied to the connections. 

(iv). Spread of yield results. This is an optional file which can trace the 
development of yield spreading across the cross-scctions as well as along the 

elements. This output file, if activated in the analysis, will cause the 

computing process to become very slow and furthermore occupies a large 

amount of file storage. 

3.17 Conclusions 

A formulation of the nonlinear analysis program based on the finite element method 
has been presented in this chapter. The formulations in the program include the 
incorporation of semirigid connections, P-delta effects, initial geometrical 
imperfection and the effects of geometrical and material nonlinearities. 

In the formulation, the cross-section of the beam-column element is discretised into 

small areas of sub-elements. The discretised cross section at specified Gauss points 

allow the yield to spread gradually across the cross-section as well as along the 

element. Eventually, the effective values of EA and EI which influence the stiffness of 
structures arc evaluated accurately. The effect of semi-rigid connections is 
incorporated in the analysis by including the semi-rigid characteristics in the 
formulations of shape functions and the element stiffness matrices. 

An iterative incremental Newton Raphson method is employed to obtain the solution 

of the nonlinear equilibrium equation. The program can trace the load-deflection 

curves of a structure beyond the clastic range up to collapse. This enables the 
behaviour of structures at ultimate limit states to be studied. The ability of the 

program to simulate the actual behaviour of the frame will be presented in Chapter 4. 
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(a). Jone's individual column model (b). Rifai's sub-assemblage frame model 

(c). Plane frame model for the current SERIFA program 

Figure 3.1 The development of finite element models used in the 
SERIFA program 
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Figure 3.4 Plane frame deformation due to applied loads 
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Figure 3.5 Undeformed and deformed shapes of beam-column 
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Figure 3.16 Comparison of load-deflection response 



h 

(a). Local geometrical imperfections 

eo 

I. 1 (b). Global geometrical imperfections 

h 

Note: 
ea = initial imperfection 
Ao = lean angle 
h= storey height 

HH= frame height 

h 

H 

(c). Local and global geometrical imperfections. 

Figure 3.17 Types of geometrical imperfections in frames 
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Figure 3.18 Treatment of applied loads 
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Figure 3.20 Newton-Rophson Iterotion 



Chapter 4 

Verification of 

Semi-rigid Frame Response 

in Non-sway and Sway Modes 

4.1 Introduction 

The plane frame program for the analysis of semi-rigid frames described in Chapter 3 

needed to be verified against the real semi-rigid frame response in order to check its 

accuracy before being used to carry out the parametric studies in chapters 5 and 6. 

This was performed by comparing the analytical results against the experimental test 

results. The ability of the program to simulate the actual frame response confirmed its 

validity and then can be employed to perform further analytical studies on various 

plane frame problems. 
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4.2 Verification in Non-sway Modes 

The purpose of this section is to describe this validation process for the behaviour of 

non-sway frames. 

4.2.1 Description of the Test Frames 

In order to validate the non-sway frame response, direct comparisons were made 

against full scale non-sway frame tests. 

Under a joint collaboration among Building Research Establishment (BRE), 

University of Sheffield and Hatfield Polytechnic, a total of five full scale non-sway 

plane frames employing semi-rigid connections was tested. Two of the five frames 

were designed and tested by the University of Sheffield group [4-1] and were 
identified in this thesis as frames 1 and 2 accordingly. Each of the frames was 
basically a three-storey and two-bay structure with the overall dimension of 1 Om wide 

x 11 m high and was fully supported by fixed bases. The frames were braced against 

lateral sway by tying the frame to the rigid balcony. Each beam was braced and fully 

restrained to avoid the lateral torsional instability. The columns were prevented from 

the out-of-plane buckling by employing bracing members which were located at the 

column mid-height. Further information of the tests can be found in references [4-1], 

[4-2], [4-3]. 

For the purpose of this study, the experimental results of frames 1 and 2 were chosen 

to verify the SERIFA program. Frame 1 was tested with the columns bent about their 

major axes whereas frame 2 was tested with the columns bent about their minor axes. 

Figures 4.1(a) and 4.1(b) show the geometrical dimensions of test frames 1 and 2 

respectively. The bay widths and the storey heights of both frames were taken as 
4.953m and 3.600m respectively. The orientations of the columns to allow buckling 

about major axes in frame 1 and about minor axes in frame 2 are also shown in the 



respective figures. The sizes of the main structural members employed in the frames 

were 254 x 102 x UB 22 for beams and 152 x 152 x UC 23 for columns. 

The actual values of the yield strength, Qy as measured from the test varied very 

widely [4-1], [4-3], [4-4]. In the case of beams, the values of Qy varied from 

244 N/mm2 to 313 N/mm2. Whereas, in the case of columns, the value of ay varied 
from 222 N/mm2 to 303 N/mm2. 

Despite the large variation as mentioned above, the yield strength of the steel sections 

was assumed as 285 N/mm2. In addition, analyses using different yield stress values of 

265 N/mm2 and 275 N/mm2 were also included. The modulus elasticity was taken as 

210 kN/mm2. 

4.2.2 Analytical Models of the Test Frames 

Figures 4.2(a) and 4.2(b) show the finite element models of frames 1 and 2 

respectively. The frames were modelled with four elements for each beam and four 

elements for each column. The bases were modelled as fixed. The frames were 

prevented against any lateral movement by restraining the degrees of freedom in the 

lateral directions by means of the vertical roller supports as shown in the figures. 

4.2.3 Initial Imperfections 

The values of initial out-of-straightness of frames 1 and 2 as measured from the tests 

are given in Figures 4.3(a) and 4.3(b) respectively. It should be mentioned that the 

initial out-of-straightness was incorporated in the SERIFA program by defining the 

co-ordinates at the nodes of the deformed columns. 

It was also observed that the various types of imperfections such as the wide range of 

residual stress values, variation in geometrical section properties and the eccentricity 

of column load were also present in the test frames [4-3]. For example, in the case of 
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imperfection due to load eccentricity, experimental studies by Davison [4-1] showed 

that, as the beam loads were fully applied to a pre-defined level, deformation at the 

column head was produced thus giving load eccentricity. As axial loads were 
increased at the column head, the effect of the eccentricity contributed to larger 

bending moments in the column which then reduced the column capacity. 

In view of the above, the presence of the complex imperfections as mentioned above 

was approximated and incorporated in the verification analysis by adopting a larger 

initial out-of-straightness. As shown in Figure 4.3(b), the values of the imperfections 

shown in brackets are associated with this larger initial out-of-straightness model. In 

this verification, however, only frame 2 was involved with the larger initial 

out-of-straightness model. 

4.2.4 Loading 

The loadings of both frame tests involved the following loading sequences: 

1. Beam loading phase. 

2. Column loading phase. 

In the first loading phase, the beams were loaded and then kept constant, whilst in the 

second loading phase, the selected columns were loaded individually until failure of 

the individual columns with the beam loads remain unchanged. According to 

Moore et al. [4-2], the reason of employing this loading scheme was that under initial 

beam loadings, the connections would undergo significant rotations which would 

result in a large portion of the M-O curve being consumed and consequently the 

location of M-0 response is away from the initial stiffness. As a result, the effects of 

a change in using different connection types can obviously be seen. 

It should be mentioned that during the test, the applied beam loads were not exactly 

the same values throughout. Therefore, in this analysis, the loading pattern was 

modelled to be as close as possible to that adopted in the test. 
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In frame 1, the beam loads were first applied at the quarter and three quarter points of 

all beams as shown in Figure 4.4(a). In this analysis, during the beam loading phase, 
beam B5 was loaded up to the total unfactored dead load of 60 kN and the other 
beams B2, B3, B4 and B6 were loaded up to the total factored dead and imposed load 

of 120 kN. The beam loads were then kept constant followed by the column loading 

phase. In the first phase of the column loading, columns in positions 2 and 3 were 

subjected to incremental axial loads of 0 kN to 250 kN in five equal increments. In the 

second phase of the column loading, the axial load at column in position 3 was kept 

constant at 250 kN as the load at column in position 2 was increased up to the failure. 

In frame 2 (see Figure 4.4(b)), the beam loads were applied in a similar fashion as in 

frame 1. The beam loads were then kept constant, followed by the column loading. In 

the first phase of the column loading, all columns in positions 1,2 and 3 were 

subjected to axial loads of 150 kN. In the second phase of the column loading, column 

loads at positions 2 and 3 were kept constant at 150 kN as the load at position 1 was 

increased up to the failure. Finally, once the external column (column in position 1) 

was brought to failure, the internal column in position 2 was loaded incrementally in 

similar fashion up to the failure. 

4.2.5 Connection Types 

Test frames 1 and 2 employed semi-rigid connections consisting of top and bottom 

flange cleats as shown in Figures 4.5(a) and 4.5(b) respectively. Separate cruciform 

tests to determine the connection characteristics using nominally identical joints were 

conducted by Davison [4-1]. The results of the investigations showed that the 

response of the connections in the full scale cruciform tests and in the full scale plane 

frame tests were seen to be similar. Studies by Lau [4-3] showed that the use of M-0 

curves as that obtained from the cruciform joint tests and the use of M-O curves as that 

obtained from the plane frame tests did not give any significant difference in the 

results of analysis. He further concluded that a small variation in M-O curves does not 

significantly affect the ultimate capacity of the structural members. 



In view of the above, for the purpose of this verification, the M-qi curves obtained 

from the cruciform joint tests as tested by Davison were used in the analysis. Figures 

4.6(a) and 4.6(b), respectively, show the experimental cruciform M-O curves and the 

corresponding trilinear M-O curve models used in the analysis. 

4.2.6 Comparisons of the Analytical Predictions with the 

Experimental Results 

The test frame models have been analysed by the SERIFA program considering all the 

characteristics of the real frames as were described in sections 4.2.1 to 4.2.5. The 

results of the analysis are compared directly with the experimental results. 

4.2.6.1 Response of Semi-rigid Frame with Columns Bent about the Major Axes 

- Response of Frame 1 

The response of beams and columns as part of semi-rigid frames with the columns 

bent about the major axes is presented in Figures 4.7 to 4.8 and Table 4.1. 

Response of Beams 

Figures 4.7(a) to 4.7(c) show the progression of load-deflection responses of beams 

B2, B4 and B6 during the beam loading phase. The responses were obtained using the 

design strength of Qy = 285 N/mm2. The load deflection curves are plotted based on 

the quarter point load versus mid-span deflection of each beam. The comparisons at 

different beam locations show that the predicted load-deflection responses as obtained 

from the analysis are in good agreement with the experimental results. This implies 

that the program is able to provide good predictions of realistic behaviour of beams 

with semi-rigid connections. 
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Response of Column C4 

Column C4 was chosen to predict the column response as part of a semi-rigid frame. 

In the case of verifying the response of column C4, the following two models were 

employed: 

1. The model using Qy = 285 N/mm2. 

2. The model using ay = 275 N/mm2. 

Both models had the initial out-of-straightness as measured from the test which is 

shown in Figure 4.3(a). The results of the column response for the first and second 

models in terms of the load-deflection relationship of column C4 are shown in Figures 

4.8(a) and 4.8(b) respectively. The curves are obtained by plotting the internal axial 

column load against the mid-height column deflection of the column considered. It 

can be seen in both figures that the analytical models have successfully traced the 

experimental load-deflection response very closely. Furthermore, it can be seen from 

the latter figure that by employing lower value of ay has resulted a softer 

load-deflection response and a lower value of the ultimate capacity of the column. 

Table 4.1 gives the corresponding comparison of the ultimate loads of column C4 

between the analytical and experimental results. As can be seen from the table, the 

experimental failure load is 560 kN. The predicted collapse loads of the first and 

second models are 609 kN and 560 kN respectively. In this case, the second model 

gives the failure load similar to the test failure load. This coincidence may be due to 

the fact that using a lower value of yield stress has caused the column to undergo early 

yielding and early loss of stiffness. Hence, reduced the failure load from 609 kN to 

560 kN accordingly. 



4.2.6.2 Response of Semi-rigid Frames with Columns Bent about the Minor Axes 

- Response of Frame 2 

The response of beams and columns as part of semi-rigid frames with the columns 
bent about the minor axes is reported here. 

Response of Beams 

Figures 4.9(a) to 4.9(f) show the progression of the predicted and the experimental 
load-deflection responses of beams B1, B2, B3, B4, B5 and B6 with increasing beam 

load. The responses were obtained using the design strength of oy = 285 N/mm2. The 

actual initial out-of-straightness as measured from the test was employed in the model. 
The comparisons of the analytical and the experimental results show that the predicted 

responses for all the beams shown in the figures are in good agreement with the test 

results. 

Response of Column C2 

Column C2 was chosen to verify the column response as part of a semi-rigid frame. In 

the case of verifying the response of column C2, the following two models were 

employed: 

1. The model using cy = 285 NImm2 and the actual initial out-of-straightness as 

measured from the test, i. e. using the values given without brackets as shown in 

Figure 4.3(b). 

2. The model using cry = 265 N/mm2 and the larger initial out-of-straightness, i. e. 

using the values in bracket as shown in Figure 4.3(b). If the values of imperfection 

in brackets are not given then the values of actual initial imperfection as measured 
from the test are used. 

Figure 4.10(a) shows the load-deflection response of column C2 based on the first 

model. It can be seen from the figure that the analytical result quite closely traced the 

load-deflection path of the real column and showed the same form of response. A very 

close prediction is observed at the early loading stages up to 350 kN. However, at the 



higher load levels, it is observed that the paths separate with the analytical column 

having a stiffer response. 

On the other hand, Figure 4.10(b) shows the load-deflection response of column C2 

based on the second model. It can be seen now that the use of the lower yield strength, 

y and the larger initial out-of-straightness model has resulted a softer response of the a 

analytical column at the higher load levels. As a result, the predicted load-deflection 

response compared favourably with the experimental result. 

Table 4.2 presents the corresponding experimental and the analytical failure loads of 

column C2. The experimental failure load is 590 kN. The analytical prediction based 

on the first model has resulted the ultimate load of 666 kN. However when the second 

model is adopted, the lower value of ultimate load of 591 kN is obtained. Hence, 

comparing the failure load of the second model of 591 kN with the test result of 

590 kN appears to be very satisfactory. This indicates that the response of the frame is 

sensitive to yield stress and that the predicted collapse load agrees well with the 

experimental failure load when adjusted imperfections are incorporated in the model. 

Response of Column CS 

In the case of verifying the response of column C5, the following two models were 

employed: 

1. The model using cy = 285 N/mm2 and the actual initial out-of-straightness as 

measured from the test. 

2. The model using Qy = 285 N/mm2 and the larger initial out-of-straightness (see 

Figure 4.3(b)). 

Figure 4.11(a) shows the load-deflection response of column C5 based on the first 

model. As can be seen from the figure, the analytical response is much stiffer than the 

response of the test result. 

Figure 4.11(b) shows the load-deflection response of column C5 based on the second 

model. It can be seen now that the softer response of the analytical result is achieved. 



Hence, the result of the analysis is greatly improved and accurately simulates the real 

response when the larger initial out-of-straightness is included. Consequently, a 

significantly improved prediction of the load-deflection path and the ultimate load is 

obtained. 

Table 4.3 presents the corresponding experimental and the analytical failure loads of 

column C5. The experimental failure load of the column is 620 kN. The predicted 
failure loads based on the first and second models are 705 kN and 632 kN 

respectively. It is seen that the use of the second model, i. e. with the larger initial 

out-of-straightness has resulted in good prediction of the test failure load. 

The above results indicate that the proper model of incorporating the complex 

imperfections could result in the improved analytical predictions. It is therefore, 

acceptable to conclude that the analytical predictions are able to closely simulate the 

observed experimental responses in terms of the load-deflection and the ultimate load. 

4.2.7 Discussion of Results 

4.2.7.1 Parameters that are Difficult to Model 

The comparison of results between the analysis and the experiment is seen to have 

some limitations. As highlighted by Davison [4-1], it is not possible to obtain an exact 

correlation between tests and analysis for all different cases due to the complexity of 

the full scale frames; variation in residual stresses, variation in yield strength, the 

influence of experimental errors and the effect of friction which may be present in the 

experiments and are difficult to take into account in the analysis. 

Furthermore, during the actual tests, as reported by Davison [4-1] the load was 

actually acting at an eccentricity from the column centre-line due to rotation of the 

column stub above top beam level. This eccentricity induced extra moment at the 

column head and had caused lower values of the test failure load. 



Another factor that may contribute to the differences of response between the 

analytical predictions and the test results is that the section geometry of the beams and 

columns which were measured in the tests varied widely from one cross section to 

another. This has contributed to the variation in the second moment area, I and the 

cross sectional area, A which will then influence the column response. 

Based on this limited parametric study, it is seen that the following parameters 
influence the column ultimate loads and the load-deflection responses: 

" material yield strength, ay 

" initial out-of-straightness of the columns 

" the second moment area, I and cross sectional area, A of the columns. 

In addition, it is also seen that the column response is not to sensitive to the following 

parameter: 

" precise M-q$ curves of the connections. 

4.2.7.2 Improved Model 

In this study, it was decided that the complex imperfections discussed in section 

4.2.7.1 were approximated and taken into account in the analysis by incorporating the 

larger initial out-of-straightness model. In addition, further analyses employing 

different values of yield strength were also carried out. 

The results show that the use of larger initial out-of-straightness model and different 

values of yield strength has led to good correlation of the predicted response with the 

experimental results. It is also seen that the responses in terms of the ultimate load and 

load-deflection are improved further with the use of lower yield strength. 

Another important aspect obtained from this verification is that the program permits 

accurate predictions of the frame behaviour from the start of the loading up to 

collapse. This enables analytical investigations to be performed in both elastic and 
inelastic ranges. 



Overall, considering the complexity of the full scale frames, it is concluded that the 

analytical results compared favourably with the experimental results. This implies that 

the analysis results obtain from the SERIFA program is acceptable and reasonably 

gives accurate prediction of the true response of non-sway frames. 

4.3 Verification in Sway Mode 
The purpose of this section is to describe the validation process for the behaviour of 

sway frames. 

4.3.1 Comparisons of the SERIFA Predictions with the Experimental 

Results 

4.3.1.1 Description of the Test Frames 

In order to verify the sway frame response, direct comparisons are made against the 

full scale sway frame tests. A two-storey and one-bay semi-rigid sway frame as tested 

by Stelmack et al. [4-5] was chosen by the author to verify the SERIFA program 

against the actual frame response in sway mode. The test frame was a half scale 

model. 

The description of the frame is shown in Figure 4.12. The test frame employed wide 

flange sections of W5 x 16 for both beams and columns. The steel grade was A36 

and the value of the yield strength was given as 248 N/mm2 (36 ksi) with an elastic 

modulus of 200 kN/mm2. The flexural rigidity of the structural members was 

computed as EI = 1755 x 104 kN/cm2 and the gross sectional area as A= 30.19 cm2. 

The columns were connected to pinned bases and were oriented to bend about their 

strong axes. 



4.3.1.2 Analytical Model of the Test Frames 

Figure 4.13 shows the finite element model of the sway frame. In this model, the beam 

elements are connected to the column elements at the concentrated point of the 

intersection between the beam and column centre-lines. The material characteristic 

was modelled as elastic-perfectly plastic. 

4.3.1.3 Loading 

Figure 4.14 shows the corresponding loads applied to the frame. The sway frame was 

subjected to gravity point loads of 10.68 kN at the first storey beam at a distance of 

914.3 mm from the left and right connections respectively. The gravity loads were 

kept constant and then followed by the application of increasing lateral load. The 

lateral load at the first storey was applied incrementally at a level which was twice 

than that at the second storey. A detailed description of the loadings is available in 

reference [4-5]. 

4.3.1.4 Connection Types 

The column-to-base connections were designed to act as pinned bases (see Figure 

4.15). To enable the column web to be fixed between the two steel plate, the column 

flanges near the base were removed. A bolt of 1.25 inches nominal diameter was 

employed to join the column web to the two plates to form the pinned end condition. 

The beam-to-column connections consisted of top and bottom seat angle connections 

(see Figure 4.16). The size of the angles were 4 inches by 4 inches with the thickness 

of 1/2 inch. Standard holes with a nominal diameter of 1/16 inch greater than the bolt 

diameter were employed at the column flanges, beam flanges and angles. The top and 

seat angles were all bolted to the column flanges with 3/4 inch nominal bolts of grade 

A325. The corresponding experimental M-O curve and the idealised M-O model as a 

series of trilinear curves are shown in Figure 4.17. 



4.3.1.5 Response of the Sway Frame 

Figure 4.18(a) shows the load deflection response at the second storey of the sway 
frame due to increasing lateral load. As can be seen from the figure, the predicted 
load-deflection response agrees reasonably well with the test result. The nonlinearity 
behaviour of the load-deflection response as observed in the experiment is also 
demonstrated by the analytical prediction. Clearly, the program can trace the real 
behaviour of the load-deflection of the real sway frame. 

Similarly, Figure 4.18(b) shows the analytical load-deflection response at the first 

storey of the sway frame as compared against the test result. As demonstrated in this 

figure, the program closely traces the test load-deflection response which 
demonstrates the validity of the computer program to be used for analysing the 

response of sway frames under horizontal loading. No experimental results were 

available for testing the program for column failure. 

4.3.2 Comparison of the SERIFA Prediction with the Other 

Analytical Results 

In order to verify further the ability of the SERIFA program, the author decided to 

compare the results with the Deierlein's program [4-6]. Figure 4.19 shows the 

Deierlein's frame as used by Foley and Vinnakota to verify their program [4-6], [4-7]. 

The analytical model of the frame is shown in Figure 4.20. The frame was modelled 

with four elements for each beam and four elements for each column. It should be 

mentioned that Foley and Vinnakota quoted Deierlein as employing four elements for 

each beam and two elements for each column. 

The frame consisted of two different semi-rigid connections identified as 

TSAW-avel and TSAW-ave2 and were employed at the first storey and the second 

storey of the frame respectively. Figure 4.21 shows the M-q$ curve models of the 

connections with the corresponding parameters of the curve are given in Table 4.4. 
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The modulus elasticity was taken as E= 200 kN/mm2 (29,000 ksi) and the yield 

strength was taken as ay = 248 N/mm2 (36 ksi). The beams at the first and second 

storeys were W21 x 50 and W16 x 36 respectively. Whilst, the external and internal 

columns were W 12 x 16 and W 10 x 33 respectively. 

The frame was designed by Deierlein with a factored design load of 1.2DL + O. 5LL + 
1.3WL, where DL is the dead load, LL is the live load and WL is the wind load. In 

order to check the performance of the frame, a numerical load test was performed by 

applying a series of load increment denoted as y (1.2DL + O. 5LL + 1.3WL ) to the 

frame. The value of y was increased from the load level of y= 0.0 up to Tuft, where y 
is the load factor at various load levels and Tuig is the ultimate load factor in which the 

frame reaches its collapse load. 

Figure 4.22 shows the comparison of the analytical result as obtained from the 

SERIFA program with the Deierlein's program. It is seen from the figure that the 

load-deflection response as predicted by the SERIFA program agrees well with the 

Deierlein's result. The observed difference of load-deflection paths may be attributed 
by the different number of finite elements used in the frame models and the method of 

modelling the spread of yield. 

Table 4.5 presents the corresponding results of maximum connection rotations as 

obtained from the different programs. It can be seen from the table that the SERIFA 

program gives the maximum connection rotation of 38 milliradians as compared to the 

Deierlein's program which gives 42 milliradians. In the case of collapse load factor, 

the SERIFA programs gives yuIt of 1.8 as compared to 1.84 as obtained by Deierlein. 

The results show that the SERIFA predictions are in good agreement with the 

responses predicted by the Deierlein's program. 

The good comparisons with the analytical results of the other researchers show that 

the SERIFA program can predict favourably realistic analysis of semi-rigid sway 
frames. 



4.4 Conclusions 

The SERIFA program as formulated in Chapter 3 has been verified against the 

experimental tests. 

In the case of non-sway frames, it was pointed out that it is difficult to accurately 

simulate an experimental result. This is due to the presence of complex imperfections 

such as the wide variation of residual stresses and yield strength, the load eccentricity 

and the possible effect of experimental errors. These factors may lead to some 

discrepancies in certain cases of the analytical results. However by incorporating the 

complex imperfections with a larger initial geometrical imperfection, it was then 

possible to achieve a closer representation. 

In the case of sway frames, the analytical results compared favourably with the 

experimental results as well as with the analytical results of the other researchers. 

Based on the results of the verification, it can be concluded that the program can 

accurately predict the actual response of real frames both in non-sway and sway 

modes. With regard to this, the program can therefore be employed for extensive use 

in the analytical studies. Any result obtained from the program can be regarded as 

valid for representing the true behaviour of real frames. 
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Column 
designation 

Experimental Analytical 
(SERIFA) 

using actual initial using actual initial 
out-of-straightness out-of-straightness 
and a; =285 N/mm2 and a,. 275 N/mm2 
(see Figure 4.8(a)) (see Figure 4.8(b)) 

C4 560 609 560 

Table 4.1 Comparison of the experimental and analytical 
failure loads of column C4 in frame 1 

Column 
designation 

Experimental Analytical 
(SERIFA) 

using actual initial using larger initial 
out-of-straightness out-of-straightness 
and a285 N/mm2 and ay 265 N/mm2 
(see Figure 4.10(a)) (see Figure 4.10(b)) 

kN kN 
C2 590 666 591 

Table 4.2 Comparison of the experimental and analytical 
failure loads of column C2 in frame 2 

Column 
designation 

Experimental Analytical 
(SERIFA) 

using actual initial using larger initial 
out-of-straightness out-of-straightness 
and vy 285 N/mm2 and ay 285 N/mm2 
(see Figure 4.11(a)) (see Figure 4.11(b)) 

C5 620 705 632 

Table 4.3 Comparison of the experimental and analytical 
failure loads of column C5 in frame 2 



"Connection stiffness "Connection rotation 
Connection (kNm/rad) x 10'3 radians 
designation 

ki k2 k3 Of c52 03 
TSAW-ave2 15071 3853 624 1.95 8.05 50 
TSAW-avel 22189 4267 987 2.8 11.44 50 

Note: 
The values of connection stiffnesses k1, k2, k3 and 
the connection rotations 0 ,, OZ 03 correspond to Figure 3.13(b) of Chapter 3. 

Table 4.4 Parameters for M- b curve models shown in Figure 4.21 [4-6], [4-7] 

Maximum connection 
rotation and ultimate load SERIFA Deierlein 
factor due to [4-61, [4-71 
1.2DL+0.5LL+1.3WL 

Max. connection rotation 
(milliradians) 38 42 
ruft 1.8 1.84 

Table 4.5 Maximum connection rotations at ultimate load condition 
and ultimate load factor 
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Chapter 5 

Behaviour of SHS Beam-columns with 
Semi-rigid Connections in Non-sway 

Frames 

5.1 Introduction 

The verification presented in Chapter 4 showed that the program can give a reasonably 

good prediction of real frame response. The program was used subsequently to 

analyse a series of one-bay two-storey plane frames employing various types of 

semi-rigid connections. 

The aim of the study presented in this chapter is to investigate the behaviour of SHS 

columns with various types of connections in both elastic and inelastic ranges. This 

includes the investigation on the following aspects: 

" the phenomenon of moment shedding and its effect to the column performance 

9 the influence of semi-rigid connections to the behaviour of the columns. 

The study in this chapter, however, is limited to the response of a one-bay two-storey 

frame employing different types of connections. 
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5.2 Scope of the Parametric Study 

The study was conducted on a one-bay two-storey non-sway frame as shown in Figure 

5.1. The storey heights and the bay width were taken as 4m and 6m respectively. The 

frame consisted of 200 x 200 x8 SHS columns and 356 x 171 x 45 UB beams. In the 

case of EEP connections, the 356 x 171 x 45 UB beams were also utilised assuming 

that the use of thicker end plates will give a similar M-q$ curve as shown in Figure 

5.9(c) (the actual M-q5 curve was based on 356 x 171 x 67 UB beams). The base was 

assumed to be perfectly pinned. The reason for using the pinned base was to observe 
the effect of moment shedding at the top end of the column without the influence of 

any restraint at the base. The corresponding lower left column C3 and joint J3 which 

were chosen as the references for the investigation are shown in Figure 5.1. The finite 

element model of the analytical frame is shown in Figure 5.2. The material was 

assumed to behave as elastic-perfectly plastic as shown in Figure 5.3. Finally, Figure 

5.4 shows the deformed angle a, that is the angle between the beam centre-line to the 

column centre-line located at the underside of the beam. Also included in the figure 

are the various types of rotations that occur at the joint. 

5.2.1 Connection Types 

Five different connection types with different degrees of rotational stiffness were 

chosen, ranging from the most flexible "PINNED" connections to the extreme RIGID 

connections. Other cönnections between these extremes; partial-depth end plate 

(PDEP), flush end plate (FEP) and extended end plate (EEP) were also utilised (see 

Figures 5.5(a), 5.5(b) and 5.5(c)). 

The corresponding M-q5 characteristics of the semi-rigid connections are shown in 

Figure 5.6. All the M-qS curves were obtained from the full scale joint test results 

conducted by France [5-1]. The classifications of the connections by both strength and 

stiffness which are in accordance to EC3 [5-2] are shown in Figures 5.7 and 5.8 

respectively. 
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The M-O curves were modelled as a series of trilinear curves as given in Figures 

5.9(a), 5.9(b) and 5.9(c). The "PINNED" connection is assumed to have a very small 

linear stiffness of 13,333 kNcmhad to simulate the real pin connection. 

5.2.2 Imperfections 

Research carried out in three different countries by Bjorhovde & Birkemoe [5-3] in 

USA, Davison & Birkemoe [5-4] in Canada and Selveranas as reported by Kato [5-5] 

in Mexico shows that rectangular tubular columns have smaller geometrical 

imperfections ranging from L/3000 to L/6500. Bjorhovde also indicated that the 

maximum geometrical imperfection of columns with a practical length of about 4m to 

5m is L/3000. Therefore based on this justification, the imperfection of L/3000 was 

adopted in this study. The imperfection eo = L/3000 was taken at the column 

mid-height to represent the sinusoidal shape of the column. The imperfection shape 

was calculated as y= eo. sin(nx�L), where y is the lateral initial deflection due to the 

imperfection, x is the node latitude and L is the column height. The imperfection was 

applied to the lower columns only as shown in Figure 5.1. 

5.2.3 Loading 

A uniform distributed load of 30 kN/m was selected as an appropriate maximum load 

that will not cause any yielding to beams in all the five connection types considered in 

this study . In the first stage of the loadings, the uniform distributed load was applied 

to beam B2 to induce moment at the top end of column C3. The uniform load of 

30 kN/m was modelled as a series of point loads shown in Figure 5.2. The beam loads 

were kept constant and then followed by the application of incremental axial column 

loads located at both column heads of the upper storey columns up to collapse. Based 

on the beam and column loadings and the pin bases, the failure will occur at the lower 

storey columns and hence the performance of beam-column C3 can be explored. 



5.3 Behaviour at Column Mid-height 

This section discusses the response observed at the mid-height of the column with 

specific reference to Figures 5.10 to 5.20 unless otherwise stated. The actual deformed 

shapes at both service and collapse loads of the frame are shown in Figure 5.10. 

The two important issues to be investigated are: 

(i). the response of load versus deflection 

(ii). the spread of yield, loss of stiffness and reserve of strength. 

5.3.1 Response of Load versus Deflection 

The fundamental behaviour of a beam-column as part of a frame can be interpreted by 

first analysing the load-deflection response. Figure 5.11 illustrates the load-deflection 

response of the lower left column (column C3) with PDEP connections. The 

load-deflection behaviour is analysed based on the response observed at the column 

mid-height. 

As can be seen from Figure 5.11, there are two distinct regions in which the column 

behaves quite differently, first is the elastic range (OAB) and secondly, is the inelastic 

range (BC) which is shown in grey colour. The column will demonstrate its elastic 

behaviour from 0 to B and the inelastic behaviour from B to C. 

Line OA shows the response of the initial column deflection under the application of 

a uniform distributed load of 30 kN/m beam load. The level of the initial deflection 

depends on the magnitude of the beam load, the connection stiffness and the stiffness 

of columns Cl and C3. 

The increase in axial column load P as the beam load is kept constant gives curve AB. 

The response is nonlinear since at the early stage of the column loading due to the 

existence of column axial load and the column deflection which induced an extra 

moment of P-8. Hence, in the load-deflection response the only non linear effects are 

geometric. Laszlo [5-6] also reported the similar geometrical nonlinear response. In 
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range OAB, the deflection may be categorised as elastic-stable deflection because the 

column requires a significant load to induce a small deflection. 

When the curve reaches point B, the column starts to develop yield which indicates a 
first sign of material deterioration and hence the column starts to buckle inelasticly. 

Beyond point B, the load-deflection response is influenced by the elastic-plastic 

material behaviour which brings about the material nonlinearity effects. In the 

inelastic range BC, the material yielding has become an important factor which 

greatly influences the behaviour and the performance of the column. Due to material 

yielding, the column stiffness starts to deteriorate to a new lower level which can be 

observed from the reduction in the slope of the curve, particularly in the sudden shift 

from curves AB to BC. The nonlinearity of the curve is more obvious due to a 

combination of both geometric and material nonlinearities. 

In the inelastic range it is observed that a small axial load increment will cause the 

column mid-height deflection to increase rapidly. The column, however, is still 

stable. Due to this behaviour, the deflection in this range may be categorised as an 

inelastic-stable deflection. The column is still able to sustain additional loads up to 

point C which is the maximum load the column can carry. The load at this level is 

also known as the collapse load or the ultimate load. At point C the column is still 

stable with the internal and external forces are in equilibrium which is in accordance 

with Moy [5-7]. Any small load increment beyond this point will cause the column to 

become unstable with the internal and external forces not in equilibrium which 

indicates the collapse of the structure. According to Salmon & Johnson [5-8] the 

ultimate load is defined as the load which becomes the boundary between stable and 

unstable deflections of a compression member. Therefore any deflection up to point C 

is categorised as stable and any point beyond point C as unstable. 

In range BC, the process of progressive yielding or plastification along the member 

length and across the cross section at mid-height of the column has occurred. During 

the development of yield spreading there is nevertheless an increase in column 

strength that can be seen from the rise of inelastic curve from B to C, that is the 

difference between the collapse load and the load at first yield. 



Near the peak of the curve, it can be seen that a small load increment will induce a 

significantly large deflection. This gives a signal indicating that the column is 

approaching failure as a result of loss of stiffness. 

5.3.2 Spread of Yield, Loss of Stiffness and Reserve of Strength 

One of the important observation from Figure 5.11 is the sudden shift of the 

load-deflection response from the elastic curve AB to the inelastic curve BC. This 

sudden shift is associated with the loss of stiffness in the column. The other term for 

loss of stiffness as used by Wood [5-9] is the vanishing stiffness. This phenomenon 

develops as a result of yield spreading in the elastic-plastic columns. Figure 5.12 

relates the development of loss of stiffness at the critical section in the column to the 

load-deflection response shown in Figure 5.11. The loss of stiffness at a section can be 

monitored by knowing the percentage of reduction values of EI due to yielding at 

that particular section [5-10] . 

Figure 5.12 shows the loss of stiffness at the column mid-height cross section. As loss 

of stiffness is related to spread of yield, then the discussions of the phenomenon of 

loss of stiffness is predominantly due to the behaviour of yield spreading at this 

particular section. 

As can be observed from Figure 5.12, in the elastic range from 0 to B, no yielding has 

occurred and hence there is no loss of stiffness due to material degradation. The 

column stiffness starts to vanish after the formation of first yield at point B and 

continue to lose its stiffness up to point C. Once the first yield has formed, a further 

small load increment has caused a significant spread out of yield across the section 

and followed by the spreading along the element. This behaviour eventually has 

caused a sudden drop in the column stiffness. The slope of curve BC represents the 

rate of yield spreading with increasing axial load P. The greatly reduced slope of 

curve BC indicates that the rate of stiffness loss is very dramatic in which a small load 

P has caused a significant amount of stiffness loss. 



Hence, it can be seen that yielding is the parameter that has caused significant 
deterioration in the column stiffness. On the other hand, however, in terms of column 

strength, the yielded zone has reached its maximum yield stress, Cy in which the 

product of yield stress and the yielded area gives the maximum strength offered by 

that area (P= Qy x Ayleld ). This contributes to the increase in column capacity. 
Therefore, any further load increment will be resisted by the development of plastic 

zone absorbing the remaining elastic core as well as the strength contributed from the 

elastic section itself. However the increase in column strength due to inelastic action 
is normally limited by the lower bound failure due to vanishing stiffness and increase 

in column flexibility. 

Other important results of the study show that, in the case of columns which are 

subjected to axial load, bending and imperfections, it is observed that at collapse load, 

the cross section which corresponds to the maximum deflection normally has about 

50% of its section yielded in the compression face. This is in agreement with Baker 

[5-11] and Gent & Milner [5-12] who noted that for a single curvature column, the 

instability always occurs below the full plastic moment. 

Another observation from Figure 5.12 shows that about 60% stiffness loss has 

occurred at the mid-height critical section. This also means that at the point just before 

column collapse (point C), the column stiffness at the critical section is about 60% 

lower than that of the original elastic stiffness. 

The loss of stiffness is a useful parameter and has been used in many design methods 

such as those due to Gent and Milner [5-12] and Wood [5-9]. Studies by Gent & 

Milner [5-12] on open section columns had shown that the column stability is 

controlled by one flange , that is at failure load, one of the flanges will tend to remain 

elastic while the other becomes plastic and hence they estimated that about a 50% loss 

of stiffness would occur. As a result of this, they adopted a reduction factor of 0.5 in 

their design method. Wood [5-9] agreed with the concept of 50% vanishing stiffness. 
However, he used a factor of 40% reduction in column stiffness instead of 50% in his 

variable stiffness method to give a more conservative approach. 



In tangent modulus theory, the loss of stiffness which reduces the column strength is 

modelled by assuming that, at time of failure, the column material has the tangent 

modulus Et which is less than the elastic modulus E [5-13]. This leads to the 

prediction of the failure loading for axially loaded columns by incorporating the 

reduced modulus Et into Euler equation, i. e. the Engesser equation: 

(g2 Er ) 
(KL/r2) 

(5.1) 

where crcr = critical stress just before the column buckles, 

K= effective length factor, L= column length, r= radius of gyration 

The reason for highlighting the various design methods is to show the importance of 

loss of stiffness and how it is incorporated into design. As in the simplified design 

method (see sections 6.6.2 and 7.3), the results of the collapse loads which are 

employed as the fundamental criteria for the design method have already considered 

the effect of vanishing stiffness, i. e. through the incorporation of a bilinear 

stress-strain c -e model in the analyses. 

The Perry-Robertson design method assumes the maximum strength of the column is 

achieved after the first yield [5-9]. This assumption neglects the benefits of any extra 

reserve of strength in the inelastic range as shown in this study. Baker [5-11] 

suggested that columns can sustain further loading after the first yield. This is in 

agreement with Wood who suggested that the maximum strength in a column is 

achieved when the column stiffness has vanished. This vanishing stiffness only occurs 

at a certain point beyond the first yield. As the column stiffness completely vanishes, 

it will experience an infinite displacement. This is in agreement with the definition by 

Salmon & Johnson [5-8] who argued that beyond the ultimate load the column has 

unstable deflections. 

In this section, the instability of the column has been described by the deterioration of 

the column stiffness, which in line with Wood [5-14], who suggested that instability 

in elastic-plastic range is best demonstrated by the deterioration of stiffness. 
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5.4 Behaviour at Column Top End 

This section discusses the corresponding response occurring at the column top end of 
joint J3 (see Figure 5.1). Unless otherwise stated the discussion will refer to Figures 

5.10 to 5.20. The two main important responses to be investigated are: 

(i). the column rotation at the joint 

(ii). the moment shedding at the column top end. 

It is also of interest to note the relationship between the response of column rotation 

and the amount of moment shedding particularly in the inelastic range. 

5.4.1 Behaviour of Rotations at the Joint 

There is an interaction between the lateral deflection at column mid-height and 

rotation at the column top end (joint J3). At the initial stage of beam loading, the 

rotation at column top end influences the level of column deflection. As the column 

load P is applied incrementally, the effect of extra moment of P-8 influences the rate 

of column end rotation. When the column loses its stiffness, the sudden increase in 

lateral deflections causes the end column to rotate very rapidly. Clearly, it can be seen 

that the interaction between column end rotation, beam rotation and connection 

rotation can influence the frame behaviour. This section will explain further the 

development of beam end rotation, connection rotation and column end rotation which 

directly influence the performance of the column under investigation. 

Figure 5.13 shows the response of the moment-rotation of the connection at joint B. 

When the beam load is applied, the connection rotates up to point A. However, as can 

be observed from the curve, the moment at the connection reduces with increasing 

column load P and this has caused the connection to unload to point C. The reason of 

connection unloading is explained in Section 5.4.2.2. Due to the connection 

unloading, the connection contributes its initial stiffness kl to the stiffness of the 

column up to collapse. Hence it can be said that the deterioration of the column 



stiffness discussed in section 5.3.2 is not due to any deterioration in the stiffness of the 

connection. 

Figure 5.14 shows the response of the rotations at joint J3 with increasing axial load 

P. Lines OA represent the initial rotations of the column end, beam end and the 

connection at joint J3 due to the applied beam loads. When the column load is 

increased from A to B, it is observed that the column end rotation increases at a faster 

rate than the beam end rotation. This is expected because the axial load P is directly 

applied to the already deflected column which then increases the column deflection 

and eventually the column end rotation. As for the connection rotation, it decreases 

immediately after the commencement of the application of the column axial loads. A 

decrease in connection rotation represents an unloading which is in accordance with 

the M-0 curve response shown in Figure 5.13. 

Referring back to Figure 5.14, when the curve has reached point B in which the first 

yield has formed, the column will be subjected to an abrupt stiffness loss. This effect 

has caused the column to become more flexible and eventually has triggered a sudden 

increase in lateral deflection and a large end rotation, i. e. a large Ocolumn 

To explain this further, it is of interest to use a term called the stiffness factor. 

According to Rygol [5-15], the stiffness factor is a true measure of the capacity to 

resist rotation. In this case, the stiffness factor at the column end is defined as the 

column end moment divided by the column end rotation, i. e. Mc /Ocolumn 
. In this 

regard, the yielded column with a large Ocolumn has a low value of stiffness factor. 

This means that the column can no longer provide resistance against the rotation at its 

end. As a result, the column end rotation increases very rapidly with the increase in 

column loads. Consequently, the deteriorated column allows the large column end 

rotations to propagate. This is followed by the rapid unloading of the connection and 

the rapid increase in the beam rotation. The rapid change of all the rotations can be 

observed clearly after the formation of first yield from B to C. This behaviour can be 

seen even more clearly in the cases of columns with stiffer connections such as FEP, 

EEP and RIGID which are shown in Figures 5.25,5.36 and 5.47 respectively. It can be 



seen from the steep slope BC of the curves indicating a small increase in column axial 
load has caused very abrupt changes in all the beam, column and connection rotations. 

Another observation from Figure 5.14 is that, the rate of end beam rotation is not as 

rapid as the column end rotation. The rapid column end rotations relative to moderate 
beam rotations have caused the connection rotations to decrease and unload very 

rapidly. Referring back to Figure 5.4(b), as the Oconnection unloads, the angle a 
increases with increasing axial load. Physically, this action indicates that the beam, 

with the help of the connection has restrained and pulled the column top end back 

towards its initial position as the mid-height column deflection continues to increase 

(see Figure 5.4(a)). The use of stiffer connections will have larger restraint effects and 

permit the column to undergo larger deflections with consequently larger end 

rotations. 

5.4.2 Moment Shedding & Redistribution of Moment at Ultimate 

State 

5.4.2.1 Behaviour of Moment Shedding 

The responses of load-deflection, loss of stiffness and column end rotation have been 

discussed in the previous sections. Consequently, the most important phenomenon 

associated with these responses is the progressive shedding of moment at the top end 

of column C3. 

Figure 5.15 shows the response of moment at the top column end using PDEP 

connections with increasing axial column loads. The moment at A is the moment due 

to the beam load. Further inspection of this figure shows that this moment is actually 

shed and can be relaxed to almost zero at the ultimate load level. This response of 

moment shedding as the structure approaches its ultimate load has been studied 

experimentally by many researchers [5-11], [5-12], [5-16]. 



Moment shedding is a phenomenon in which the existing end moment supported by 

the column end is shed to the adjoining members. This moment shedding occurs in 

two different stages: 

(i). Moment shedding in the elastic range. 

(ii). Moment shedding in the inelastic range. 

Referring back to Figure 5.15, it can be seen that the moment shedding in the elastic 

range starts to develop from A to B immediately after the application of column loads. 

It is seen that the rate of moment shedding shows a constant rate in the elastic range 
(AB) and subsequently followed by an increasing rate in the inelastic range (BC). 

As the column attains its collapse load (point C), a significant amount of moment at 
the column top end is released and hence the remaining moment is very small - if it is 

relaxed to zero, it is analogous to a pin ended column. In some cases the moment at 

collapse load actually changes sign and induces a reversal of moment. Hence, it is 

observed from this behaviour that the detrimental effect of vanishing stiffness due to 

yielding has contributed to another effect which is the beneficial effect of relaxing the 

column end moment. 

Another observation is that the moment at column mid-height keeps increasing as the 

column failure load is approached (see Figure 5.16). This behaviour occurs due to the 

increasing lateral deflections at the column mid-height with the increase in column 
loads. This in turn produces increasing strains and stresses at the column mid-height 

cross section. As a result, this effect contributes to the increasing bending moments as 

can be seen from the figure. 

The release of the column end moment from column C3 causes the redistribution of 
bending moments of the adjoining members beam B2 and column Cl. Of most 
interest is the redistribution of moment at beam B2 as shown in Figure 5.17. The 

redistribution of moments from beam end MQ to midspan Mb occurred quite rapidly 
in the inelastic range which is associated with the dramatic moment shedding at the 

column top end. As the beam end moment reduced rapidly, the beam midspan 

moment increased accordingly. This behaviour is more obvious for columns which 



utilised stiffer connections such as EEP and RIGID which are shown in Figures 5.39 

and 5.50 respectively. 

The reduction of beam end moment indicates a reduction in end restraint moment. 

Figure 5.18 shows the percentage of beam end restraint moment in terms of Mp up to 

collapse load, where Mp is the beam plastic moment. It shows that the end restraints 

start to decrease at point A and the reduction becomes more significant after the first 

yield (point B). The corresponding M-O response of the connection as a result of the 

variation of moments at the beam ends is shown in Figure 5.13. The presence of the 

connection initial stiffness k1 as a result of unloading from B to C implies that the 

reduction of end restraint is not due to the deterioration of the connection rotational 

stiffness but is rather due to deterioration of the column stiffness. The column, which 

normally assists the connection to restraint the beam, has yielded and becomes more 

flexible and hence reduces the effective end restraint at the beam end. This is in 

agreement with the current state of knowledge in which the degree of restraint 

provided by the connection is dependent on the relative stiffness of the 

beam-to-column connection, the beam and the column [5-17]. 

The plot of the end restraint moment in this aspect is to quantify the maximum 

moment distributed to the midspan and the minimum effective restraint the joint can 

offer. With this knowledge, the beam can be designed safely to provide the required 

moment resistance due to the moment redistribution at ultimate loads. 

5.4.2.2 Redistribution of Moment at the Joint 

This section discusses the response of column rotation at joint J3 which leads to the 

moment redistribution. Gent & Milner [5-12] suggested that one of the main 

parameters which mainly influence the moment redistribution in rigid frames is the 

joint rotation. That is true because the rigid joint will undergo a single global rigid 

body rotation. Hence, the joint rotation can be either the beam rotation or the column 

rotation. In the case of semi-rigid frames, however, the author suggests that the 

column end rotation is one of the important parameters influencing the response of 
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moment shedding. This is due to the fact that the increase in column rotations has 

caused the column to lose its resistance which causes the moment redistribution. 

The behaviour of the interaction between the column end rotation and the moment 
distribution at the joint is shown in Figure 5.19. At point A, the initial beam load has 

contributed end moment M. to the joint. Moment MQ has caused the lower and upper 

column to rotate and, in order to maintain equilibrium, moment MQ is resisted by the 

moment at the upper column, M� and the moment at the lower column, MM . 

As the column load is applied incrementally, the column end rotation increases very 

gradually in the elastic range (AB). At this stage the lower column (column C3) has to 

resist moment from the beam load, which is negative in direction, as well as moment 

from the axial load which is positive in direction (see section 5.6). As a result of these 

moments which act in opposite directions, moment reversal has taken place and hence 

the column starts to relax its end moment which causes MM to decrease. In order to 

maintain compatibility, the released moment from the column end is distributed to the 

upper column (column Cl) and the beam (beam B2). As the distributed moment is 

negative in direction, it increases the negative upper column moment and reduces the 

positive beam end moment. Therefore, as can be seen from Figure 5.19, the curve M� 

increases and curve Mb decreases with increasing column end rotations. It should be 

mentioned that, after point A, the increasing column end rotation shown in the figure 

is associated with the increasing in column axial loads. 

In the inelastic range (BC), the column stiffness has deteriorated due to yielding 

which causes the column end to rotate very rapidly. The column has lost its resistance 

against the end moments and hence releases the moment to the upper column and the 

beam at a very dramatic rate which then causes sudden moment redistribution. 

Similarly, as has occurred in the elastic range, the negative moment released from the 

column end has increased the upper column moment and reduced the beam end 

moment. As a result, curve M� continues to increase and curve Ma continues to 

decrease at a very dramatic rate. The reduction of moment Ma has caused the 

unloading of the connection. 
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5.4.2.3 Configuration of Bending Moments at Ultimate Load 

The development of moment redistribution as described in section 5.4.2.2 shows that 

there is a significant change in the bending moment configuration as the collapse load 

(ultimate load) is approached. Therefore, another important aspect which needs to be 

considered is the configuration of bending moments of the frame at collapse load. The 

focus is now given to the configuration of moment on the failed column (column C3), 

on the upper column Cl and on the beam B2. 

Results of the study show that the bending moments at the ultimate load are totally 

different to those at the service load and this has important implications on the 

development of the design method. The comparisons and the behaviour of the bending 

moment are as follows: 

1. Upper column (see Figure 5.20(a)) - At collapse load, the moment diagram of the 

upper column shows the sign of plastic moment. This indicates the development 

of plastic zone absorbing the elastic core at the lower part of the upper column in 

order to provide enough resistance to the moment released by the lower column. 

This response, however, has not caused collapse of the upper column. 

2. Beam B2 (see Figure 5.20(b)) - the configuration of the bending moment at 

ultimate load shows that the beam can be treated as simply supported, and with a 

certain percentage of restraining moment. 

3. Lower column (see Figure 5.20(c)) - At service load the column has to carry both 

moment and axial load. In the current design method these actions have to be 

considered in the interaction equation. However at collapse load, the bending 

moment of the column is similar to the bending moment of a pin ended column. 

This occurs due to the relaxation of the column top end moment. This behaviour is 

in accordance with the finding of Gent & Milner [5-12], who concluded that the 

condition of the column when it has largely relaxed at its end moments is similar 

to an axially loaded column with an initial curvature. This behaviour shows that 

the column at ultimate load can be treated as carrying axial load only. 



On the basis that at the collapse load (ultimate load), the frame is in a state of stable 

equilibrium then the response of such bending moments can be adopted as a 
fundamental feature for a simplified design approach. 

5.5 The Influence of Connection Restraint on the 

Column Behaviour 

Sections 5.3 to 5.4 have discussed the overall beam-column behaviour with semi-rigid 

connections. The behaviour of beam-columns with respect to a more specific 

connection type will be discussed in this section. 

5.5.1 Column Behaviour with Various Connection Types 

5.5.1.1 PDEP Connections 

The discussion on the behaviour of the lower column will refer back to Figures 5.10 to 

5.20. 

One important observation from the load-deflection response (see Figure 5.11) is that 

the steeper ascending slope of curve AB indicates that in the elastic range, the flexible 

PDEP connections demonstrate the ability to provide substantial restraint so that the 

column can sustain high axial loads. However, as the column yielded, it is seen that in 

the inelastic range, this relatively flexible connection can no longer provide sufficient 

restraint and additional stiffness to the column as shown by the dramatic change in 

the slope BC. 

Due to the fact that the PDEP connection itself has limited rotational stiffness, then 

the effective restraint offered by the column and the connection at the beam ends is 

minimal. The corresponding end restraint moment due to 30 kN/m beam load is 

7.1 kNm (see Figure 5.17). In order to maintain compatibility at the joint, the lower 

column is able to provide resistance of -3.2 kNm and the remaining moment is 



transferred to the upper column (see Figure 5.15). The small amount of moment 

transferred to the column has caused the column to undergo a small end rotation of 

about 0.6 milliradian and hence a small mid-height deflection of -0.4 mm (see Figures 

5.14 and 5.11 respectively). 

In the column loading stage, it is seen that the formation of first yield is delayed until 
1615 kN as a result of small strains associated with the small initial deflections (see 

Figure 5.11). As the first yield is delayed, the corresponding percentage of moment 

shedding in the elastic range is quite large, i. e. about 36% has been relaxed (see 

Figure 5.15). 

After the first yield, the column is capable of carrying additional loads due to inelastic 

action up to 1638 kN, that is 1.4% of reserve of strength above the first yield load (see 

Figure 5.11). It is observed that at collapse load, a corresponding of 60% loss of 

stiffness has occurred at the critical section located at mid-height of the column (see 

Figure 5.12). The corresponding moment shedding in the inelastic stage is 58% (see 

Figure 5.15). Hence, it is observed that a total of 94% of the detrimental moment has 

been shed from the column end and consequently has been relaxed to almost zero. 

The plot of rotations with increasing loads shows that in the inelastic range, the PDEP 

connection is unable to provide sufficient restraint which can increase the column 

stiffness and then permit the column to undergo larger end rotation (see Figure 5.14). 

The evidence can be seen from the extent of the column end rotation in the inelastic 

range from B to C which is only about 0.3 milliradian. Hence, it can be concluded that 

columns with PDEP connections have a very low rotation in the inelastic range. The 

maximum column rotation is 1.3 milliradians and the maximum connection rotation is 

9.5 milliradians. 

The effective beam end restraint moment at service load is observed at about 3.4% of 
Mp of the beam (see Figure 5.18). However at collapse load, this has been decreased to 

3.2% of Mp as a result of moment shedding. The corresponding reduction of beam end 

restraint moment is followed by the increase of 0.3% in the midspan moment. 

The distribution of moment at joint J3 shows that most of the shed (released) moment 

as indicated by the descending slope of curve MM from the lower column is largely 



attracted by the upper column as shown by the steep ascending slope of curve M� (see 

Figure 5.19). On the other hand, the moderate slope of curve MQ shows that the beam 

only attracted a small amount of the shed moment. This is due to the fact that the 
PDEP connections only permit a small amount of shed moment to be redistributed 
back to the beam. 

The plot of bending moments at collapse load, as shown in Figure 5.20, indicates that 
by utilising PDEP connections which are classified as pin by EC3 (see Figure 5.8), the 
frame members can be treated individually. The effect of moment eccentricity as 

required in the current U. K. design method can be neglected. The beam can be treated 

as simply supported with zero end restraint and the column can be designed as axially 
loaded without any load eccentricity. This is a straightforward design method which is 

based on actual frame response. 

5.5.1.2 FEP Connections 

The discussion in this section refers to Figures 5.21 to 5.31. 

With the use of FEP connections, the effective restraint offered by the column and the 

connection at the beam ends has increased. As a result of beam loading, the 

corresponding end restraint moment at beam ends is 20.5 kNm (see Figure 5.28). The 

lower column is able to provide resistance of about -9.7 kNm and the balance is 

transferred to the upper column (see Figure 5.26). The moment transferred to the 

lower column has induced 1.7 milliradians column end rotation and -1.24 mm 

mid-height deflection (see Figures 5.25 and 5.22 respectively). 

Due to larger initial column deflections, an earlier formation of first yield is observed 

at 1535 kN (see Figure 5.22). In the elastic range, about 19% of moment shedding has 

occurred (see Figure 5.26). This is followed by 79% of moment shedding in the 

inelastic range. The column end moment at collapse load has been relaxed to -1.6 
kNm which corresponds to a total of 98% of the moment shedding. The collapse load 

is observed at 1592 kN (see Figure 5.22). The reserve of strength is 3.7% above the 

first yield load. 



The use of FEP connections has increased the value of the column rotation in the 

inelastic range (from B to C) to about 1.2 milliradians as compared to 0.3 milliradian 

with PDEP connections (see Figure 5.25). Associated with the larger inelastic column 

rotation is the larger amount of moment shedding in the inelastic range, that is 79% of 
the moment has been shed as compared to 58% with PDEP connections. It is also 

observed that the maximum column rotation is 3.5 milliradians. Whilst, the maximum 

connection rotation is 6.7 milliradians. 

The effective beam end restraint moment at service load has increased to 9.8% of MP 

(see Figure 5.29) as compared to 3.4% of Mp with the PDEP connections. At collapse 
load, the end restraint moment has decreased to 7.8% of Mp due to the moment 

shedding. 

Figure 5.30 shows the development of moment distribution at the joint. The shed 

moment is partly distributed to the upper column and the beam. The descending slope 

of curve MQ indicates that the beam with FEP connections has attracted a quite large 

amount of the shed moment as compared with the PDEP connections. This implies 

that the stiffer FEP connections permit a larger amount of shed moment to be 

redistributed back to the beam. 

Due to the relaxation of moment at column top end, the plot of bending moments at 

collapse load of column C3 shows similarity to that of an axially loaded case (see 

Figure 5.31). Hence, a beam-column with FEP connections can be designed as an 

axially loaded compression member. Subsequently, the beam with FEP connections 

can be designed as simply supported with an end restraint moment of 5% of Mp of the 

beam. 

5.5.1.3 EEP Connections 

The discussion for columns with EEP connections will refer to Figures 5.32 to 5.42. 

The initial end restraint moment due to beam loading is 44.1 kNm (see Figure 5.39). 

The lower column provides resistance of about -21.1 kNm and the balance is resisted 
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by the upper column (see Figure 5.37). The transferred moment has induced -3.7 

milliradians column end rotation and -2.8 mm mid-height deflection (see Figures 5.36 

and 5.33 respectively). Early formation of first yield is observed at 1390 kN. At first 

yield load, the column end moment has decreased to -17.9 kNm which indicates that 

about 15% of moment shedding has occurred in the elastic stage (see Figure 5.37). 

As can be observed from Figure 5.36, the column end rotation in the inelastic range 
develops very rapidly with increasing axial loads. The extent of the rotation in the 

inelastic range from B to C is 2.8 milliradians indicating larger inelastic rotation at the 

column end. This implies that the column will experience a larger amount of moment 

shedding and is able to sustain more axial load in the inelastic range. Another 

important observation is that the maximum column rotation with EEP connections is 7 

milliradians, whereas the maximum connection rotation is 1.7 milliradians. 

The collapse load is 1540 kN with the reserve of strength 11% above the first yield 

load (see Figure 5.33). The detrimental negative moment of -21.1 kNm has been shed 

by 100% before changing to a positive moment of +1.27 kNm (see Figure 5.37). It 

can be seen that the detrimental column moment has been relaxed to almost zero and 

has changed sign to become a restraining moment. 

The effective beam end restraint moment at service load is 21.2% of Mp (see Figure 

5.40). At collapse load, the beam end restraint moment has decreased to 11.1 % of Mp 

but is greater than 10% of Mp . The descending slope of curve MQ indicates that the 

beam with EEP connections has attracted a large amount of shed moment as compared 

to the FEP connections (see Figure 5.41). This is due to the fact that the EEP 

connections permit a large amount of shed moment to be redistributed back to the 

beam. 

The bending moment of the lower beam-column at collapse load shown in Figure 5.42 

is similar to that the bending moment of an axially loaded column. Again, the 

beam-column can be designed as axially loaded compression member. Whereas, the 

beam can be designed as simply supported with end restraint moment equal to 10% of 

Mp of the beam. 



5.5.1.4 RIGID Connections 

The discussion for columns with RIGID connections will refer to Figures 5.43 to 5.53. 

The results show that with RIGID connections, the end restraint moment is 51.3 kNm 

(see Figure 5.50). The lower column provides resistance of about -23.4 kNm and the 
balance is resisted by the upper column (see Figure 5.48). The transferred moment has 

induced -4.1 milliradians column end rotation and -3.1 mm mid-height deflection (see 

Figures 5.47 and 5.44 respectively). Due to large initial deflections, first yield is 

achieved early at 1375 kN. At first yield, the column end moment has decreased to 

-19.7 kNm which indicates that about 16% of moment shedding has occurred in the 

elastic stage (see Figure 5.48). 

As can'be observed from Figure 5.47, the column end rotation in the inelastic range 
develops very rapidly with increasing axial loads. The extent of column end rotation 
in the inelastic range (from B to C) is 3.3 miliradians as opposed to 0.3 milliradian 

with PDEP connections. The large extent of the column end rotation also indicates 

that columns with RIGID connections possess larger rotation to permit larger moment 

redistribution, thus enabling the column to sustain more axial load. The maximum 

column rotation is 7.9 milliradians. It is seen that the columns with RIGID 

connections show good behaviour in the inelastic range in terms of reserves of 

strength and ability to undergo large deflections. Another observation is that, the 

column rotation is in close agreement with the beam rotation. This demonstrates a 

close agreement with the theory in which when rigid connections are employed, the 

column rotation is equal to the beam rotation (see Figure 5.4(b)). 

The collapse load is observed at 1538 kN with the reserve of strength increased to 

11.9% above the first yield load (see Figure 5.44). The final column end moment is 

+1.8 kNm in which the negative moment has been shed by 100% before changing to 

the positive moment ( see Figure 5.48). 

The effective beam end restraint moment at service load is 24.6% of Mp (see Figure 

5.51). At collapse load, the end restraint moment has decreased to 10.8% of Mp but is 

greater than 10% of Mp M. The descending slope of curve MQ indicates that the beam 



with RIGID connections has attracted a large amount of shed moment as compared 

to the other PDEP and FEP connections (see Figure 5.52). 

The bending moment of the lower column at collapse load is similar to the bending 

moment of an axially loaded compression member (see Figure 5.53). Hence, the 

column can be designed as axially loaded only. Whereas, the beam can be designed as 

simply supported with end restraint moment equal to 10% of Mp of the beam. 

Comparisons of results between EEP and RIGID connections show considerably 

similarity and indicate that EEP connections behave very closely to rigid connections. 

5.5.1.5 PDEP Connections with Eccentricity Moment 

The discussion will refer to Figures 5.54 to 5.64. 

The most significant observation from this study is that the column end moment due 

to eccentricity is also shed and relaxed to almost zero as the column undergone 

yielding. The configuration of bending moment diagrams at collapse load, again, 

shows that the column can be designed as axially loaded and the beam as simply 

supported. These results give more evidence that columns with flexible connections 

can be designed without incorporating the eccentricity moment as normally used in 

practise. 

5.5.1.6 "PINNED" Connections 

The discussion will refer to Figures 5.65 to 5.75. 

The significant observation from the response of columns using "PINNED" 

connections is that even with a significantly small stiffness connection (see Figure 

5.68), the column still demonstrates a high column stiffness in the elastic range. It is 

evident from the steep slope of the load-deflection response from A to B as shown in 

Figure 5.66. The first yield is seen at 1645 kN and the collapse load is 1655 kN. It is 



observed that a significant proportion of the axial column load capacity occurs in the 

elastic range. 

The maximum connection rotation is observed at 10.7 milliradians (see Figure 5.68) 

which in very good agreement with the connection rotation calculated by theory, i. e. 

Op,,, = wL3/24EI 

_ [(30 N/mm) x (6000mm)3 [24 x (205 x 103 N/mm2) x (12100 x 104 mm4 )J 

= 0.01088 radian 

= 10.9 milliradians 

Furthermore, it can be observed from Figure 5.69 that the connection rotation is in 

close agreement with the beam rotation. Again, this demonstrates a close agreement 

with the theory in which when pinned connections are employed, the connection 

rotation is equal to the beam rotation (see Figure 5.4(b)). 

On the other hand, the maximum column rotation is only 0.6 milliradian (see Figure 

5.69). After the attainment of first yield the column only managed to rotate for about 

0.1 milliradian (from B to Q. This reflects the inability of this almost "PINNED" 

connection to contribute additional stiffness to the columns in the inelastic range. 

Assuming that the "PINNED" connection has perfectly zero stiffness, it is the elastic 

column stiffness that play a dominant role in sustaining the axial loads. Hence, it 

suggests that the connection stiffness is not an important parameter for the column to 

sustain high axial loads in the elastic range. 

Considering the behaviour of all connection types dealt with this frame, it can be seen 

that it is the presence of the connection that is the most important. This is in 

agreement with Kirby et al. [5-18] who suggested that for column design it is the 

presence of semi-rigid connection that is the most important feature, the stiffness of 

that connection being of secondary consideration. 

It is believed that the importance of connection stiffness is most dominant in the 

inelastic stage, i. e. when the column has yielded and lost its stiffness. This is evident 

from the comparison of load-deflection responses between "PINNED" and RIGID 

(see Figures 5.66 and 5.44 respectively) which show that the "PINNED" connected 



column can only sustain an additional axial of 10 kN whereas the RIGID connection 

can sustain 163 kN above that which causes first yield. 

5.5.2 Comparison of Column Behaviour with Various Connection 

Types 

The comparison of columns with PDEP, FEP and RIGID connections are made on the 

basis that all member sizes, loading and frame dimensions are the same - the only 

variable is the connection type. Therefore, any differences in the behaviour of the 

columns are attributed to the connection effects. Figure 5.76 shows clear evidence of 

different responses of exaggerated deformed shapes as a result of using various types 

of connections. 

In the following comparisons PDEP connections will be identified as flexible 

connections whereas EEP and RIGID as stiffer connections. FEP connections 

normally show a response intermediate between the two. 

t 

5.5.2.1 Comparison of Load-deflection Responses 

A direct comparison of load deflection response for columns with PDEP , FEP and 

RIGID connection is shown in Figure 5.77. The load-deflection plot shows clearly the 

response of columns with various connection types. 

It can been seen that the use of flexible connections has the following effects on the 

column response: 

1. Limit the transfer of detrimental beam end moment to the column resulting in a 

small initial column deflection during the beam loading phase. 

2. The small initial load deflection delays the formation of first yield. However, 

when the first yield is approached, the transition of the load-deflection response 

from the elastic to the inelastic range is very sudden due to the dramatic reduction 

in the column stiffness. 
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3. A small load increment in the inelastic range caused a significant spread of yield 

and hence a more sudden loss of stiffness in the column. Subsequently when 50% 

of the critical section has yielded, this is immediately followed a small load 

increment causing the ultimate load condition. 

4. Large axial column load capacity in the elastic range. 

5. Low inelastic column stiffness as can be seen for a very moderate and sudden 
load-deflection response in the inelastic range. 

6. Small reserve of strength above first yield. 

In contrast, the use of stiffer connections has the following effects to the columns: 

1. Induced larger initial column deflections in the beam loading phase. This is 

expected because the stiffer connection transmits a larger detrimental beam end 

moment into the column which result in a larger column end rotation and 

consequently a larger initial column deflection. 

2. The presence of large initial column deflections is accompanied by large initial 

strains which eventually led to the early formation of first yield. 

3. The gradual transition of the load-deflection response from elastic to the inelastic 

range resulting in a gradual loss of column stiffness. 

4. The effect of stiffer connections increased the end restraints and hence the 

connections have the ability to restrain the column as it undergoes large deflection 

particularly after the attainment of the first yield (in the inelastic range). 

5. Higher inelastic column stiffness as can be observed from the gradual slope of the 

load-deflection curve in the inelastic range. 

6. Large reserve of strength above first yield. 

5.5.2.2 Comparison of Loss of Stiffness 

Figure 5.78 shows the comparison of stiffness loss for columns with various 

connection types which influence the load-deflection response. 
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It can been seen that the use of flexible connections has the following effects on the 

loss of stiffness: 

1. The plot of stiffness loss with increasing column loads is very moderate 
indicating that a small load increment has caused a significant amount of stiffness 
loss in the column. 

2. The sudden loss of column stiffness is the factor for the abrupt change in the 

load-deflection curve. 

The use of stiffer connections has the following effects to the loss of stiffness: 

1. The inelastic slope of the load versus stiffness loss curves are steeper which 

indicate that the rate of stiffness loss is more gradual with increasing axial loads. 

2. Associated with gradual stiffness loss is the gradual spread of yield. Consequently 

the formation of 50% yielded at the critical section is delayed and hence, the 

remaining elastic stiffness of the column and the stiffness of the connection can be 

of benefit to sustain additional loads. 

5.5.2.3 Comparison of Beam End Restraints 

The interaction behaviour between the deteriorated column and the connection 

unloading has contributed to a variation in the end restraint. Figure 5.79 shows the 

percentage of the effective end restraint moment for various connection types. 

As can been seen, the use of flexible connections has the following effect to the beam 

end restraints: 

1. Small reduction of beam end restraint moment at ultimate load levels. 

The use of stiffer connections has the following effect to the beam end restraints: 

1. Large reduction of beam end restraint moment, however, it is seen in this study 

that for all the cases considered, the restraints at ultimate load levels are greater 

than 5% of Mp. 



5.5.2.4 Comparison of M-q$ Responses 

Figure 5.80 shows the response of M-O characteristics with various connection types. 

The reduction in column stiffness has caused the connection to unload and hence all 

connections have contributed their largest stiffness, kl throughout the loading stage. 

As can been seen, the use of flexible connections has the following effect to the M-0 

characteristics: 

1. The unload effect is very small indicating a small amount of moment reduction. 

The use of stiffer connections has the following effect to the M-O characteristics: 

1. A significant amount of unloading which indicates a large amount of end moment 

previously carried by the connections has been released to the beam midspan. 

5.5.2.5 Comparison of Column End Rotation 

Figures 5.81 to 5.83 show the comparisons of beam rotations, column rotations and 

connection rotations. 

Referring to Figure 5.82, it can be seen that the use of flexible connections has the 

following effect to the column end rotations: 

1. Small column end rotation in the inelastic range. 

The use of stiffer connections has the following effects to the column end rotations: 

1. Large column end rotation in the inelastic range which can cause more moment 

being redistributed to the adjoining members. 

5.5.2.6 Comparison of Moment Shedding 

Figure 5.84 shows the response of moment shedding at the column top end. It can be 

observed that the column end moments are relaxed to almost zero for all types of 

connections. 
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The use of flexible connections has the following effect to the moment shedding: 

1. A very small amount of moment shedding in the inelastic range. 

The use of stiffer connections has the following effects to the moment shedding: 

1. Early sudden moment shedding in the inelastic range due to early formation of 
first yield. 

2. The rate of moment shedding in the elastic range is more rapid as indicated by the 

steeper curves. This is due to the fact that stiffer connections has induced larger 

initial column deflections which enhance the P-S effect as the axial loads are 

applied. Consequently, the load increment P induced a larger amount of reverse 

moment in the negative direction which reduces significantly the positive beam 

end moments and hence increases the rate of moment shedding. 

3. Larger amount of moment shedding in the inelastic range. 

The shed moments have affected the neighbouring member particularly the beams. 

Figure 5.85 shows the bending moments of the beams at service loads and at ultimate 

loads for various connection types. 

The use of flexible connections has the following effect on the beam: 

1. Permits a small percentage of shed moment to be redistributed back to the beam. 

The use of stiffer connections has the following effect on the beam: 

1. Permits a larger percentage of shed moment to be redistributed back to the beam. 

5.5.2.7 Comparison of Moment Redistribution 

The development of moment redistribution at joint J3 up to collapse load for various 

types of connections is shown in Figure 5.86. 

The use of flexible connections has the following effects on the beam: 
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1. A very moderate slope of MQ indicating that only a small amount of released 

moment from the lower column is attracted by the connection and consequently a 

smaller amount of moment is redistributed back to the beam. 

2. The connection can only attract a small amount of the shed moment due to the 

limitation in the connection rotational stiffness. Consequently at collapse load, the 

bending moment in the beam has not changed significantly. 

3. As can be seen from the shaded areas of Figures 5.86(a) and 5.86(b), the column 

rotations in the inelastic stage for both cases are small, that is less than 0.5 

milliradian. This implies that the moment redistribution to the adjoining members 

in the inelastic stage is very abrupt. 

The use of stiffer connections has the following effects to the beam: 

1. The slope MQ has undergone a quite steep reduction indicating that a larger 

amount of shed moment is redistributed back to the beam. 

2. It can be seen that stiffer connections have the ability to attract more released 

moment from the lower column and then redistribute the moment back to the 

beam. Thus, at collapse load, the beam has undergone a significant change of 

moment due to the redistribution. 

3. As can be seen from the shaded areas of Figures 5.86(c), 5.86(d) and 5.86(e), the 

column rotations in the inelastic stage for the three cases are larger but still small, 

that is within the range of 1 to 4 milliradians. This implies that the moment 

redistribution to the adjoining members in the inelastic stage is fairly gradual. 

5.5.3 The Effect of Connections on Column Reserve Strength, Beam 

End Restraints, Column Rotation and Connection Rotation 

Table 5.1 shows direct comparisons of the column reserve of strength (Ps, - Py) / Py 

with respect to various types of connections, where Ps, is the collapse load and Py is 

the load at first yield. It is seen that flexible connections such as "PINNED" and 

PDEP have very small axial load reserve of strength which are less than 1.5%. As the 

connection stiffness is increased, the reserve of strength in the column increases. This 



can be seen in the reserve of strength shown by FEP, EEP and RIGID connections 

with values of 3.7%, 11 % and 11.9% respectively. It can be concluded that the use of 

stiffer connections will provide larger reserves of strength in the columns. 

Table 5.2 shows comparisons of beam end restraint moments with different 

connection types. It can be observed from this table that the stiffer the connection the 

larger is the reduction in the beam end restraint moment. The reduction in the end 

restraint moment is mainly attributed to the deterioration in the column stiffness as a 

result of yielding. 

Table 5.3 shows comparisons of column rotations at various conditions with different 

connection types. At collapse loads, it is seen that columns with "PINNED" and 

PDEP connections are unable to sustain additional axial loads when the column 

rotations are higher than 1.3 milliradians. Further observations show that frames with 

FEP connections fail when the column rotation is a maximum of 3.5 milliradian. 

Whilst, in the case of EEP and RIGID connections, the maximum column rotations 

are about 7 and 8 milliradians respectively. It can be concluded that the stiffer the 

connection the larger is the column end rotation at failure. 

Finally, Table 5.4 shows comparisons of connection rotations with various types of 

connections. It can be seen from the table that the maximum connection rotation for 

practical connections such as PDEP, FEP and EEP are not more than 10 milliradians. 

This is in agreement with the finding made by Ahmed and Kirby [5-19] who 

suggested that the anticipated maximum value of connection rotation in the case of 

semi-rigid non-sway frames of normal geometries up to collapse is in the vicinity of 
10 milliradians. 

5.6 Further Aspects of Moment Shedding 

It was mentioned in section 5.4.2.1 that the moment shedding at the column end starts 
to occur in the elastic stage. This section will explain further aspects of moment 

shedding in the elastic range. Two cases of analytical studies were considered. 



In case 1, a simple parametric study on a frame with outwards initial out-of- 

straightness at the lower columns was carried out. In the first loading phase, the frame 

was loaded with a constant beam load of 30 kN/m. The response of column end 

moment with increasing load is as shown in Figure 5.87(a). It is assumed that the 

bending moment transmitted to the column end does not change with increasing 

column loads. As can be seen from the figure, the beam load has induced negative 

moment Mbeam at the column end, acting in a clockwise direction. 

In the second loading phase, the frame was loaded with incremental axial loads 

without the presence of beam load. The response of the column is shown in Figure 

5.87(b). The application of axial loads to the column with an imperfection of L/3000 

has induced positive bending moment M jaj at the column end. 

In the main parametric study (see section 5.2.3), the beam is loaded first prior to the 

incremental axial column loads. Hence to simulate this loading, the response in the 

first loading phase is superimposed on the response in the second loading phase. The 

result is shown in Figure 5.87(c). The superimposed of Maz; al and Mbeam gives M, It 

can be seen that the column end moment MM decreases with increase in column load. 

The reduction of column end moment before yielding occurs in the column is 

identified as the moment shedding in the elastic range. As can be seen from Figures 

5.87(a), 5.87(b) and 5.87(c), the phenomenon of moment shedding is a consequence 

of the reversal moments acting at the joint. In this case, it can be seen that the 

reduction of moment in the elastic range is not dominant in which the column end 

moment is still significant (see Figure 5.87(c)). This implies that moment shedding in 

the inelastic range plays a significant role in relaxing the column end moment. 

In case 2, i. e. in the case of columns with inwards initial out-of-straightness, it is seen 

that both the gravity and axial loads have produced negative moments (see Figures 

5.88(a) and 5.88(b)). The addition of Maxtal and Mbeam has caused the column end 

moment, MM to increase with increase in column load (see Figure 5.88(c)). 

The above response is based on the superimposed loads. The true phenomenon of 

moment shedding for both cases 1 and 2 with the beam load applied first and followed 

by the incremental axial loads to failure is shown in Figures 5.89 and 5.90 
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respectively. It is seen that the column with inwards initial out-of-straightness gives 

smaller amount of moment shedding in both the elastic and inelastic ranges. The 

percentage values of moment shedding for each case are shown in Figures 5.89 and 
5.90 respectively. The column in case 2 failed at 1568 kN as compared to 1581 kN in 

case 1 (see Figure 5.91). However, the difference of the ultimate loads is small, i. e. 

about 0.8%. The study conducted in this thesis is focused on the outwards initial 

out-of-straightness columns only. 

5.7 Relation to Design 

Results of the study show that beyond yielding the configuration of moment in the 

frame has changed dramatically due to the phenomenon of moment shedding. The 

configuration of moments at ultimate load shows that a beam-column with end 

restraints can be treated as an axially loaded compression member. As for the beams, 

the bending moment configuration diagram can be simplified as simply supported 

with a certain amount of end restraint. Preliminary studies on a series of two-storey 

and one-bay frames conducted in this chapter show that the suggested amount of end 

restraint moment of the external ends of external beams may be taken as; 0% for 

flexible connections such PDEP connections, 5% of Mp of the connected beams for 

semi-rigid FEP connections and also 5% of Mp of the connected beams for EEP and 

RIGID connections. It should be mentioned that the end restraint moment of 5% of Mp 

instead of 10% of Mp (see sections 5.5.1.3 and 5.5.1.4) is adopted for EEP and RIGID 

connections for a more conservative approach. The connections can be determined as 

either flexible, semi-rigid or rigid connections based on the current connection 

stiffness classification method. 

Table 5.5 shows some of the beneficial and detrimental items that may be useful for 

design considerations. 



5.8 Conclusions 

The parametric study on the behaviour of beam-columns with semi-rigid connections 

in the elastic and inelastic ranges for non-sway frames has been discussed. The study, 

however, is limited to a one-bay and two-storey frame only. 

The results show that the behaviour beyond yielding is significantly different from the 

behaviour in the elastic range. This is due to the effect of moment shedding which 

significantly influenced the form of moment transfer from the initial beam loads up to 

the collapse condition. At the collapse load, the structure is seen to become analogous 

to a statically determinate system in which the columns and the beams can be treated 

individually. 

On the basis that at collapse load the structure is still in a state of stable equilibrium, 

the configuration of the bending moments can be adopted as a fundamental feature for 

a true simplified design method. The results have shown that at collapse load, the 

column end moment reduced and usually can be relaxed to zero (± 0). Therefore, the 

bending moment diagram of a beam-column at ultimate load is similar to that the 

bending moment diagram of an axially loaded compression member. On this basis, the 

columns with semi-rigid connections can be designed as carrying axial load loads 

only. 

As a result of moment redistribution due to moment shedding, beams with semi-rigid 

connections can be treated as simply supported with a certain degree of fixed end 

restraint. Beams with simple semi-rigid connections such as PDEP connections can 

be designed as simply supported with zero end restraints. Similarly, the external ends 

of external beams with semi-rigid connections such as FEP and EEP connections can 

be designed assuming a restraining moment equal to 5% of Mp of the connected beam 

to take into account the semi-rigid effect. 

The most significant advantage of this simplified design method is that both beams 

and columns design are independent of the connection M-q characteristics. 



Another important conclusion from this study is that it is seen that the occurrence of 

moment shedding is more obvious when columns buckle about minor axes. It is 

believed that one of the factors that may contribute to this effects is the smaller second 

moment of area in the minor axes such as In, for H columns and I or In, for SHS 

columns. This can be explained by the fact that, once the column has yielded, more 

sudden vanishing stiffness occurs due to the smaller values of EI that are associated 

with the minor axis flexure. This in turn causes a larger effect of moment shedding. 

In addition, columns with imperfections carrying axial loads and moments which 

failed in single curvature are seen to have about 50% of the area at the mid-height in a 

yield condition prior to collapse. This is observed in columns of intermediate 

slenderness, approximately those with 20 <A< 100 . It 
is also seen that the presence 

of bending moments at column ends due to beam loads can be concluded to be 

analogous to a pin ended column with imperfections as both will reduce the ultimate 

capacity. 

Further important conclusions regarding the connection characteristics which can 

influence the column performance are as follows: 

1. The degree of restraint offered by the connections influences the attainment of first 

yield, rate of yield spreading and the rate of vanishing stiffness in the columns. 

2. In this loading regime with beam loads applied first followed by increasing axial 

loads to failure, columns with the more flexible connections have small initial 

deflections which delays the formation of first yield. 

3. The use of flexible connections leads to some effects such as small initial column 

deflections, small column rotations and high first yield loads. As a result, a 

significant proportion of the axial column load capacity is achieved in the elastic 

range. It can be concluded that the use of flexible connections is analogous to a 

pin ended column with a small imperfection that can provide high ultimate load 

capacity. 



4. It is seen that the stiffness of the connections is more important and becomes more 

dominantly utilised in the inelastic stage, that is when the column starts to lose its 

stiffness after the attainment of first yield. 

5. In the inelastic range, columns with more flexible connections experience more 

rapid rate of yielding and hence dramatic loss of stiffness. This effect has resulted 

in the column being able to carry only small additional axial loads and hence only 

small reserve of strength. 

6. Increasing the column end restraints will enable the connection to further restrain 

the column after the attainment of first yield and permit larger column end 

rotations and larger column deflections. This effect delays the spread of yield and 

consequently delays the loss of stiffness. This in turn will enable the column to 

carry larger additional axial loads as the detrimental moment is being shed and 

relaxed. Consequently, the columns with stiffer connections offer larger reserves 

of strength above first yield. 

7. The extent of column rotation in the inelastic range is influenced by the 

connection restraint. The stiffer the connection the larger is the value of the 

column end rotation at failure and consequently permits larger moment shedding 

in the inelastic range. 

8. The amount of moment shedding redistributed from the column ends to the beams 

depends on the degree of connection restraint. Less stiff connections will attract a 

small amount of shed moment and hence permit a small amount of the moment to 

be redistributed back to the beam. As a consequence, the beam with flexible 

connections will not undergo significant change of bending moment as a result of 

moment redistribution. 
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LOAD Connection Types 
"PINNED" PDEP FEP EEP RIGID 

Collapse load, P,,,, (kN) 1655 1638 1592 1540 1538 
First yield load, P,. (kN) 1645 1615 1535 1390 1375 
Reserve of strength') (kN) 10 23 57 150 163 
Percentage of reserve 

of strength (2) (%) 0.6% 1.4% 3.7% 11% 11.9% 

Note: 
(1). Reserve of strength = P. - P, 

(2). Percentage of reserve of strength = 

Table 5.1 Comparisons of collapse loads, first yield load and reserve 
of strength with different connection types 

PERCENTAGE OF 
EFFECTIVE END RESTRAINT Connection Types 
MOMENT 

"PINNED" PDEP FEP EEP RIGID 
At beam load (% of MP) 0.68% 3.4% 9.8% 21.2% 24.6% 
At collapse load (% of MP) 0.66% 3.2% 7.8% 11.1% 10.8% 

Percentage of reduction" (%) 2.9% 6.8% 20.4% 47.6% 56.1% 

Note: 
(1). Percentage of reduction =[% at beam load -% at collapse load) /% at beam load ]x 100% 

Table 5.2 Percentage of effective end restraint moment at beam ends 

COLUMN ROTATION Connection Types 
"PINNED" PDEP FEP EEP RIGID 

(1). At beam load (millirad. ) -0.1 -0.6 -1.7 -3.7 -4.1 
(2). At first yield load (millirad. ) -0.5 -1.0 -2.3 -4.2 -4.6 
(3). At collapse load (millirad. ) -0.6 -1.3 -3.5 -7 -7.9 

(4). Elastic rotation (a) (millirad. ) -0.4 -0.4 -0.6 -0.5 -0.5 
(5). Inelastic rotation(b) (millirad. ) -0.1 -0.3 -1.2 -2.8 -3.3 
Note : 
(a). Elastic rotation = rotation at first yield load - rotation at beam load 
(b). Inelastic rotation = rotation at collapse load - rotation at first yield load 

Table 5.3 Comparisons of column rotations with different 
connection types 



CONNECTION ROTATION Connection Types 
"PINNED" PDEP FEP EEP RIGID 

(1). At beam load (millirad. ) -10.7 -9.5 -6.7 -1.7 0 
(2). At first yield load (millirad. ) -10.3 -9.1 -6.3 -1.6 0 
(3). At collapse load (millirad. ) -10.2 -8.9 -5.4 -0.9 0 
(4). Maximum rotation (millirad. ) 10.7 9.5 6.7 1.7 0 

Table 5.4 Comparisons of connection rotations with different 

connection types 

Items Beneficial effects to columns Detrimental effects to 
columns 

Yielding in columns " Moment shedding " Loss of stiffness 

Flexible connections " Smaller values of " Small axial load capacity 
column rotations and (small reserve of 
column deflections strength) in the inelastic 

" High first yield load range 
" High axial load capacity 

in the elastic range 

Stiffer connections " High axial load capacity " Large values of column 
(high reserve of strength) rotations and column 
in the inelastic range deflections 

" Early formation of first 

yield 

Table 5.5 List of beneficial and detrimental items to columns 
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Chapter 6 

Ultimate Strength of SHS 

Beam-columns with Semi-rigid 

Connections in Non-sway Frames 

6.11 Introduction 

The significant behaviour observed in the study conducted in Chapter 5 was the 

development of moment shedding at the column top end as the collapse load is 

approached. Related issues concerning the behaviour at ultimate load levels such as 

the loss of stiffness and moment redistribution were discussed. These responses 

eventually lead to a simple configuration of bending moment in the beams and 

columns. As a consequence, the column can be treated as an axially loaded 

compression member and the beam as a simply supported member with a certain 

value of end restraint moment. 

The analysis of the beam-column behaviour described in Chapter 5 focused on the 

problems of external columns with pinned bases and various types of restraint at the 

top end only. In view of this matter and to extend the investigation further, this 
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i. 

chapter. studies the other beam-column cases, i. e. the upper edge, the upper 
intermediate and the internal columns. 

The studies are conducted to: 

" investigate the behaviour of internal columns 

investigate the redistribution of moment at ultimate load levels 

" investigate the values of end restraint moment to be used for designing beams with 
semi-rigid connections 

" investigate the applicability of the upper external, the upper intermediate and the 
internal beam-columns to be designed as axially loaded compression members 

" investigate the ultimate axial load strength of beam-columns with semi-rigid 
connections 

" study the factors that influence the ultimate strength of beam-columns 

" investigate the relation between the behaviour at the ultimate load levels and the 
proposed simplified design method. 

The parametric study was limited to a series of low rise two and three storey frames 

with SHS columns. The analyses were carried out without the incorporation of 

residual stress as this effect is considered negligible in tubular columns [6-1]. 

Finally, before commencing to the main parametric study, it is also of interest to 

understand the basic behaviour of columns with pinned connections. This is due to the 

fact that the behaviour of pin ended column is normally employed as a basis for 

understanding the behaviour of semi-rigidly restrained columns. 

6.2 Behaviour and Strength of Axially Loaded 

Columns with Pinned End Connections 

The behaviour of a pin ended column is well understood so that it has become the 

reference of strength for other column types. Thus, pin ended columns are normally 

taken as the anchor point for determining the strength of columns with semi-rigid 

connections. 
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In order to demonstrate the behaviour of a pin ended column, a simple parametric 

study using the SERIFA program was conducted on the portal frame shown in 

Figure 6.1. The connections used were perfectly pinned. The column heights were 

varied from Im up to 10m with the initial geometric imperfection of L/800. 

Incremental axial loads were applied at the column heads up to failure. 

The plots of the ultimate strength curves of pin ended columns are shown in 

Figure 6.2. The upper bound to buckling load consists of the plastic squash load AB 

and the theoretical Euler elastic buckling load curve BC. The slenderness At is the 

transition slenderness from curve AB to curve BC. In the case of perfect pin ended 

columns, when A is less than At, the ultimate strength of the column is denoted by the 

squash load curve AB. Whereas, in the case of perfect pin ended columns with A> At 

the ultimate strength is denoted by the elastic Euler buckling curve BC. However in 

reality, the columns are not really perfect, the presence of initial imperfections such as 

initial-out-of straightness and residual stresses reduces the column ultimate strength. 

Examples of pin ended column strength curves with the inclusion of imperfections are 

the BS 5950 [6-2] and the SERIFA curves as shown in the figure. The SERIFA 

strength curve which demonstrates the good agreement with the BS 5950 curve is 

obtained by using an initial geometrical imperfection of L/800. Referring to the 

SERIFA curve, the columns are then classified into three different categories namely 

"short", "intermediate" and "slender" columns. As can be seen from the figure, the 

difference between the upper bound buckling load and the SERIFA buckling load is 

more obvious in the intermediate range of the column slenderness. This is due to the 

fact that in this range, both material and geometrical imperfections are present both of 

which reduce the column ultimate strength significantly. 

Figure 6.3(a) shows the load-deflection response which explains the three types of 

failure modes for columns in each of the three categories. In the first failure mode, it 

can be ' observed that the "short" column fails by squashing. In this case, the stiffness 

loss in the column is attributed to the yielding of the material only. As can be seen 

from Figure 6.3(b) the actual deflection is significantly small which suggests that the 

effect of geometrical deformation does not influence the column stiffness. In the 

second failure mode, an "intermediate" column fails by elastic-plastic buckling. The 
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failure is influenced by the stiffness loss due to both geometrical deformation and 

material degradation (yielding). Finally in the third failure mode, a "slender" column 
fails due to excessive deflections and shows the response of pure elastic buckling 

without any form of yielding throughout the section. This implies that the loss of 

stiffness in "slender" columns is mainly attributed from the effect of geometrical 
deformation. The associated diagrammatic failure modes of the three column 

categories are shown in Figure 6.4. Most practical columns in multi-storey buildings 

fall in the category of the "intermediate" columns and hence show the elastic-plastic 

behaviour. 

Knowing the behaviour of pin ended columns, the study is extended to the behaviour 

and strength of semi-rigidly restrained columns as described in the following sections. 

6.3 Parametric Study on Beam-columns with 

Semi-rigid Connections 

6.3.1 Description of the Frames 

In order to investigate the behaviour and ultimate strength of external and internal 

columns at collapse load level, the following types of frames were examined (see 

Figure 6.5) : 

(i). Frame 1, a two-storey one-bay frame. 

(ii). Frame 2, a two-storey two-bay frame. 

(iii). Frame 3, a three-storey two-bay frame. 

Frames 1,2 and 3, respectively, were employed to investigate the strength of the upper 

edge column Cl, the upper intermediate column C2 and the internal column C5. 

These columns were then referred as the studied columns. The storey height h was 

taken ý as 2m, 3m, 4m, 5m, 6m and 7m. This in turn gives a practical column 

slenderness ratio ranging from 25 to 90. In practice, typical columns normally will 

have slenderness ratios well below 75 and in many cases as low as 30 [6-3]. The frame 

bay 
, 
width b was taken as 6m for all cases. The beams were all 356 x 171 x 45 UB. All 
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the studied columns were taken as 200 x 200 x8 SHS. In order to ensure failure of 

the studied columns, the first storey of each frame was designed to have larger column 

sizes of 200 x 200 x 10 SHS coupled with fully fixed bases (except in frame 1, where 

the first storey columns also consisted of 200 x 200 x8 SHS columns). 

All members were designated to have grade 43A steel with the yield stress value of 

275 N/mm2. The steel was assumed to possess an elastic-perfectly plastic stress-strain 

relationship as shown in Figure 6.6. The modulus of elasticity was taken as 

205 kN/mm2. 

6.3.2 Imperfection and Connection Characteristics 

The initial geometrical imperfection of L/3000 (see Figure 6.7) was included in all 

the three frames used in this parametric study due to the reasons discussed in section 

5.2.2 of Chapter 5. The geometrical imperfection was applied to the studied column 

only. 

In the case of connections, four types of flowdrill connections namely PDEP, FEP, 

EEP and RIGID connections were employed in the parametric study (see Chapter 5, 

Figure 5.5). The connection characteristics were those obtained by France [6-4] who 

conducted investigations on the behaviour of flowdrill connections in isolated 

subassemblage tests. The corresponding M-O characteristics, the connection 

classifications by strength and by stiffness are shown in Figures 5.6,5.7 and 5.8 of 

Chapter 5. The trilinear model of the connection M-qi relationships used in the 

analyses are shown in Figure 5.9 of Chapter 5. 

6.3.3 Loading 

The columns were all tested under the loading system described below. 

" In phase one of the loading, a uniform distributed load was loaded to the right 

beam which was connected to the top end of the column under investigation (see 

Table 6.1). The purpose was to transfer the detrimental beam end moment to the 
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top end of the column. The beam load was then kept constant throughout the 

second loading loading phase. Except in frame 3, another beam loading was 

applied at the left beam connected to the lower end of the studied column. The 

reason was to induce a single curvature type of column buckling. According to 

Wood [6-5], this type of buckling is the most critical for columns with high axial 

loads. 

" In the second phase of the loading, incremental column axial loads were applied at 

the column head of the studied column up to failure. Hence in all the cases 

considered, the frames failure were triggered by the failure of the studied 

columns. 

The beam loads used were 30 kN/m and 45 kN/m. The justification of employing the 

30 kN/m load was based on the following aspects: 

" The distribution of floor loading was assumed as in Figure 6.8. The spacing 

between plane frames was taken as 5 m. The secondary beam spacing was taken as 

2.5m. The unfactored dead load DL was considered as 4.0 kN/m2. The typical live 

load LL was taken as 4.0 kN/m2 as being typical for buildings in UK [6-6]. The 

corresponding factored dead load was assessed as 1.4DL + 1.6LL = 12 kN/m2. 

Assuming precast concrete floor planks spanning in one way resulted in the 

factored distributed load of 30 kN/m on the beam. 

. The beam remains elastic with different connection types and column heights. 

In the case of 45 kN/m beam load, it was the maximum load as obtained by designing 

the beam as a simply supported member in accordance with BS 5950 [6-2]. With this 

model, the maximum free moment of the beam was obtained as wL2 /8= 202.5 kNm, 

where w is the uniformly distributed load and L is the beam length. The free moment 

was just below the plastic moment capacity of the beam, i. e. Mp = 212.9 kNm. As a 

result of the large distributed load of 45 kN/m, it was observed that the beam with 

PDEP connections had its section partially yielded. However the yielded beam did not 

cause any failure to the frame. 



6.4 Behaviour of Internal Beam-columns with 
Semi-rigid Connections 

In presenting the parametric study results, this section discusses the two fundamental 

responses of load-moment and load-deflection of the internal columns based on the 

parametric study on frame 3. These responses coupled with the knowledge of 
behaviour presented in Chapter 5 can provide further understanding of the column 

behaviour and its significance in design. 

6.4.1 Response of Load-Deflection 

Figure 6.9(a) shows the load-deflection characteristics of an internal column with 4m 

height and the corresponding slenderness ratio of 51.1. It can be seen that the slopes of 

load-deflection curves in the elastic range are almost similar for PDEP, FEP, EEP and 

RIGID connections. This implies that in the elastic range, the stiffness of the column 

is not much influenced by the connection stiffness. However, a closer observation to 

the final slope of the load-deflection curves in the inelastic range shows that there is a 

role played by the various types of connections. It can be noticed that after the 

formation of first yields, the slopes are much steeper with EEP and RIGID 

connections as compared to the FEP and PDEP connections. It is evident from this 

response that the important of connection stiffness is more significant in the inelastic 

range of the column. The significant contribution of the stiffer connection is to delay 

the rate of stiffness loss in the column. This response coupled with the shedding of the 

detrimental moment permits the column with the stiffer connections to sustain larger 

axial loads in the inelastic range. Hence, the columns with stiffer connections are able 
to provide larger reserves of strength as compared to the columns with less stiffer 

connections. On the other hand, it is also seen that the use of less stiffer connections 

such as PDEP and FEP connections can enhance the column axial failure load to 

almost close to that of EEP and RIGID connections. This is due to the fact that the 

use of less stiff connections have some beneficial aspects such as less detrimental 
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moment and the ability to delay the first yield. This in turn permits the column with 

PDEP connections to sustain high axial failure load. 

Figure 6.10(a) shows the load-deflection response of the more slender column with 

7m height and the corresponding slenderness ratio of 89.4. It can be seen that in the 

elastic range, the slopes with EEP and RIGID connections are slightly steeper than the 

slopes with FEP connections. However as can be seen from the figure, the stiffening 

effect is very small and has little significance to the column. Hence, it indicates that 

increasing connection restraint has little influence on the performance of the slender 

column in the elastic range. 

Figure 6.11(a) shows the comparison of load-deflection responses between the 

columns with slenderness ratio of 51.1 and 89.4. It can be seen in the elastic range AB 

that the load-deflection curves of columns with higher slenderness ratios are more 

gradual than the curves of the columns with lower slenderness ratios irrespective of 

connection types. The gradual slopes indicate that in the elastic range, the slender 

columns are more vulnerable to the rapid stiffness loss due to the geometrical 

deformation as compared to the columns with lower slenderness. This initiated an 

early first yield and hence an early inelastic moment shedding. 

6.4.2 Response of Load-moment and Moment Shedding 

Figure 6.9(b) shows the load-moment response of the column with slenderness ratio 

of 51.1 with the corresponding load-deflection response shown in Figure 6.9(a). 

Similarly, Figure 6.10(b) shows the load-moment response of the column with 

slenderness ratio of 89.4 with the corresponding load-deflection response shown in 

Figure 6.10(a). As can be seen from the two load-moment figures, the plots of axial 

loads against end moments show that the initial detrimental moment is progressively 

shed with increasing axial load. Eventually, dramatic moment shedding is observed 

when the column start to undergo yielding. 



After the detrimental negative moment is relaxed to zero, the moment will then act as 

a reverse moment (positive moment). This reversal of moment acts in the opposite 

direction to the column rotation. This in turn results in the column being restrained 

further at its ends. 

It is also of interest to compare the response of moment shedding of the columns with 

respect to different slenderness ratios. In view of this, Figure 6.11(b) shows the 

comparison of moment shedding between the column with slenderness ratio of 51.1 

and the columns with higher slenderness ratio of 89.4. For each slenderness ratio, four 

different connection types are utilised. It is seen that in the elastic range, irrespective 

of ' connection types used, the slopes of load-moment responses A to B are more 

gradual with the higher slenderness columns than the lower slenderness columns. 

This reflects the fact that in the elastic range, more rapid moment shedding occurs in 

the slender columns. This is because the slender columns tend to have more 

appreciable loss of elastic stiffness with increasing axial load as shown in the gradual 

load-deflection response A to B of Figure 6.11(a). 

The results of the comparison suggest that: 

The rate of moment shedding is dependent on the rate of stiffness loss. The more 

rapid is the loss of stiffness, the quicker is the rate of moment shedding. 

" Columns with higher slenderness tend to have higher stiffness loss in the elastic 

range due to geometric deformation. Hence, it can be concluded that the higher the 

slenderness of the columns the more rapid is the rate of moment shedding. 

Asa result of a smaller detrimental moment and rapid rate of moment shedding, a 

slender column will undergo a large restraining moment effect at the collapse load 

level. This suggests that the more slender columns tend to have larger restraining 

effect from the reversal of moment. This behaviour is also noted by Gent and Milner 

[6-7]. 



6.4.3 Response of Beam-columns with the Inclusion of Eccentric 

Loads' 

In this study, the analyses were performed by modelling the connection to be located 

at the concentrated point of the intersection between beam and column centre-lines. 
Figures 6.12(a) and 6.12(b), respectively, show the actual beam-to-column connection 

and the connection model which neglects the offset. 

The study of connection offset in open section was investigated by Rifai [6-8]. 

According to Rifai, in the case of open section columns, the model neglecting 

connection offset is acceptable only if the column buckles in minor axis. This is due to 

the fact that in this case, the beam is connected to the column web in which the offset 

between the connection and the column centre-line is minimal [6-9]. Thus, the 

moment due to eccentricity load is negligible. However in the case of the beam is 

connected to the column flange, the offset may be significant and needs to be 

considered. This effect is modelled by Rifai by employing an extra rigid element with 

a length of D/2 between the intersection of the beam-column centreline and the actual 

location of the connection at the column face, where D is the column depth (see 

Figure 6.12(c)). 

In this study, however, a different approach is used to model the connection offset. An 

additional eccentricity moment which is equivalent to that of M=Rxe is applied at 

the intersection of beam and column centre-lines, where R is the beam reaction and e 

is the offset (see Figure 6.12(d)). The connection location remains at the intersection 

of the beam and column centre-lines. Eventually, the total applied moments at the 

intersection consist of the eccentricity moment, M=Rxe and the moment 

transmitted by the actual connection restraint. The study on the offset model was 

limited to the internal column in frame 3 only. It is expected that other column 

problems may also show similar fashion of response. The results of the study using 

the offset model are presented in Figures 6.13 to 6.16. 

Figure 6.13(a) shows the load-deflection response of the internal column with 4m 

height and PDEP connections. It can be observed that the inclusion of additional 
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moment due to connection offset has caused larger column deflection. As a result, the 

ultimate axial load reduced slightly by 2.4%, that is from 1660 kN to 1620 kN. This is 

due to the fact that the larger column deflection has triggered an earlier formation of 
first yield which caused the column to lose its stiffness earlier. In the case of FEP, 

EEP and RIGID connections, the load-deflection responses are shown in Figures 

6.14(a), 6.15(a) and 6.16(a) respectively. It is observed that as the connection stiffness 
is increased, the difference in the load-deflection path as well as the difference in the 

ultimate load decreases. This can be seen clearly in the case of EEP and RIGID 

connections where the difference of load-deflection response is minimal. This in turn 

resulted in a very small difference in the column axial failure loads. For example, with 

EEP connections the column axial failure load with the offset model is only reduced 

by 0.3% from 1650 kN to 1645 kN. The results show that the modelling of connection 

at column face are seen to have little effects on the collapse load and the 

load-deflection response of the columns with the use of EEP and RIGID connections. 

The explanation to this is that the EEP and RIGID connections can provide almost 

full continuity in the transmission of forces within the beams and columns. Hence the 

effect of eccentricity is minimal. 

The corresponding behaviour of moment shedding in the case of columns with PDEP, 

FEP, EEP and RIGID connections is shown in Figures 6.13(b), 6.14(b), 6.15(b) and 

6.16(b) respectively. As can be seen from these figures, the inclusion of connection 

offset has caused a variation in the distribution of moments. However the other 

important observation is that even with the offset model, the column head is still 

subjected to the shedding phenomenon in which the moment is eventually relaxed to 

zero and then act as restraining moment. This phenomenon shows more evidence that 

the column with eccentricity moment also behaves as axially loaded compression 

member at the ultimate load level. 



6.5`Configuration of Bending Moments 

As a result of the moment shedding and the corresponding redistribution of moments, 
it is important to identify the bending moments which are meaningful for design 

purposes. In view of this, it is noted that the bending moment diagrams at the initial 

beam load levels (lower load levels) and at the collapse load levels are recognised as 
the important bending moments for design criteria. The bending moments at the lower 

load levels are used for designing the connections, whereas, the bending moments at 

the higher load levels are used for designing the beams and the columns. 

The' load levels mentioned above refer to the levels of column loads. Figure 6.17(a) 

shows the levels of column loads namely the lower load level PI and the higher load 

levels P2 , P3 and Ps, 
. 
The corresponding responses of beneficial and detrimental 

items that are present at the column ends with respect to different load levels are 

shown in Figure 6.17(b). The higher load levels P2, P3 and Ps, are defined as the 

various equilibrium points near the ultimate loads at which the column can still be 

considered as an axially loaded compression member. 

The load levels PI , P2, P3 and Psr are associated with the column loads Pl , P2, P3 

and Psr respectively. The definition of the various column loads are as follows: 

" Pj is the column load due to beam loads with the presence of maximum acting 
moment. 

P2 is the column load with the presence of small acting moment. At this load level, 

the presence of connection restraint permits the column to sustain high axial load 

which is greater than the strength of pin ended column. Hence, the column can be 

treated as axially loaded. 

. P3 is the column load with the presence of zero moments or moments that are 
close to zero. At this load level the column is behaving as an axially loaded 

member. 

" P, s,. is the collapse load of the column, sometimes with the presence of restraining 
moments. At this load level the column is behaving as an axially loaded member. 

The following sections discuss the configuration of bending moments at the lower and 
higher load levels and their effects on the design of connections, beams and columns. 
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6.5.1 Beam Moments at Lower Load Levels and the Connection 

Capacity 

In. the proposed simplified design method (see Chapter 7, section 7.6.3), it is 

suggested that the end restraint moments at beam ends to be used for beam design are 

adopted based on the inelastic end restraint moments (due to inelastic column) at the 

ultimate load level. The suggested inelastic end restraint moments for the simplified 
beam design method are as follows: 

" 0% of end restraint moment for both external and internal beams with the use of 
pinned connections. 

" 5% of Mp for external ends of external beams and 10% of Mp for internal ends 
with the use of semi-rigid and rigid connections. 

The above inelastic end restraint moments are associated with the values of elastic end 

restraint moments at the lower load levels. This in turn corresponds to the connection 

capacities at the lower load levels. 

In view of the above, sections 6.5.1.1,6.5.1.2 and 6.5.1.3 discuss the requirements of 

the connections at the lower load levels in order to obtain the required inelastic end 

restraint moments at the higher load levels. 

6.5.1.1 Pinned Connections 

Tables 6.2(a), 6.3(a) and 6.4(a) show the values of elastic end restraint moments at the 

lower load level P1 as obtained from frames 1,2 and 3 respectively. 

Referring to PDEP connections, it is seen that the values of elastic end restraint 

moment in all the three frames are less than 5%. Such values of elastic end restraint 

moments can provide inelastic end restraint moments at the higher load levels of less 

than 5% (see Tables 6.2(b), 6.2(c), 6.3(b), 6.3(c), 6.4(b), 6.4(c) and 6.4(d)). This 

satisfies the 0% of end restraint moment as suggested in the proposed simplified 

design. 



Examination of the M-O classification shows that the connection has its moment 

capacity less than 5% of Mp and is classified as pinned (see Chapter 5, Figures 5.7 

and 5.8). Based on this justification, it is suggested that the pinned connections to be 

used in the proposed simplified design should satisfy the following conditions: 

" The connection must have a minimum moment capacity of 5% of Mp as 
classified by strength. 

" The connection must be within the pinned boundary as classified by stiffness. 

The connections should be classified based on the EC3 specifications [6-10]. 

6.5.1.2 Semi-rigid Connections 

In the case of semi-rigid connections, it is seen that the values of elastic end restraint 
moments with FEP, EEP and RIGID connections at the lower load level P1 are within 

the range of 13% - 15%, 24% - 36%, 27% - 47% respectively (see Tables 6.2(a), 

6.3(a) and 6.4(a)). Such values of elastic end restraint moments can provide inelastic 

end restraint moments at the higher load levels of more than 0.0SMp for the external 
beams and 0.10Mp for the internal beams (see Tables 6.2(b), 6.3(b) and 6.4(b)). 

To justify the requirement of the connections, it is appropriate to refer the FEP 

connection which have the lowest inelastic end restraint moments as compared to EEP 

and, RIGID connections. Examination of the M-q5 classifications shows that the 

maximum moment capacity of the FEP connection is close to 0.25Mp and it is just 

qualified to be classified as semi-rigid connections ( see Chapter 5, Figures 5.7,5.8). 

Hence, based on this justification, it is suggested that the semi-rigid connections to be 

used in the proposed simplified design should satisfy the following conditions: 

" The connection must have a minimum moment capacity of 25% of Mp as 
classified by strength. 

" The connection must be within the semi-rigid boundary as classified by stiffness. 

Similarly, the connections should be classified based on the EC3 specifications. 



6.5.1.3 Rigid Connections 

In this study, the rigid connections follow the same requirement of the semi-rigid 

connections. With this respect, the connections should satisfy the following: 

" The connection must be within the rigid boundary as classified by stiffness. 

The connections should be classified based on the EC3 specifications. 

6.5.2 Beam Moments at Higher Load Levels and the Restraining End 

Moments at Beam Ends 

In the case of beam design based on conditions at the ultimate load level, the inelastic 

end restraint moment is selected when the column reaches its ultimate load. So far in 

this study, the investigation on the end restraint moment at the beam ends is 

concentrated on the exact state of the column collapse load. The disadvantage is that 

small values of inelastic end restraint moment occur at the beam ends as the column 

failure load is approached. This is due to the fact that the values of end restraint 

moment decreases with the increased in axial load. 

In view of the above, various equilibrium points at higher load levels P2, P3 and PS,. 

are investigated to obtain larger values of inelastic end restraint moment at the beam 

ends. 

6.5.2.1 Values of inelastic end restraint moments of external beams 

Tables 6.2(b) and 6.2(c) show the values of inelastic end restraint moment of the 

external beams of frame 1 at load levels P2 and P, 3, respectively. 

It can be observed from the tables that in the case of PDEP connections, the end 

restraint moment satisfies the requirements of 0% end restraint moment at both load 

levels P2 and Ps, . 



In the case of FEP, EEP and RIGID connections, the values of end restraint moment 

are satisfied at load level P2 . Thus, based on this justification, it is possible to obtain 

the inelastic end restraint moment at the external ends of the external beams up to 

0.05M, with the use of FEP, EEP and RIGID connections. Hence, the suggested 

values of end restraint moment to be used at the external ends of the external beam are 

as follows: 

0% for PDEP connections. 

" 5% of Mp for FEP, EEP and RIGID connections. 

6.5.2.2 Values of inelastic end restraint moments of internal beams 

Tables 6.3(b), 6.3(c) and 6.3(d) show the values of end restraint moment of the upper 

internal beams of frame 2 at load levels P2 , P3 and Ps, respectively. 

It is seen that the PDEP connection satisfies the 0% requirement at all load levels P2, 

P3 and Psr . In the case of FEP connections, the suggested end restraint moment of 

10% of Mp is satisfied at load level P2. Whilst, with the EEP and RIGID connections, 

the suggested inelastic restraint moment is satisfied at all the three load levels P2, P3, 

and PS, . 

Similarly, Tables 6.4(b), 6.4(c) and 6.4(d) show the values of inelastic end restraint 

moment for the internal beams of frame 3 at load levels P2 , P3 and P, sr respectively. 

It is observed that with PDEP, EEP and RIGID connections, the requirement of the 

end restraint moment is satisfied at load level Psr . However in the case of FEP 

connections, the end restraint moment is only satisfied at load level P3 but not at load 

level Psr . 

Based on the above results, it is suggested that the values of inelastic end restraint 

moment at the internal beam ends to be used in beam design are as follows: 

" 0% for PDEP connections. 

" 10% of Mp with FEP, EEP and RIGID connections. 
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As can be seen from the tables, the value of end restraint moment is defined in terms 

of Mp 
. of the beam. This corresponds to the capacities of the connections which are 

also classified in terms of Mp of the beams. 

6.5.3 Column Moments at Ultimate Load Levels 

Figures 6.18(a), 6.19(a) and 6.20(a) show the response of column top end moment 

with increasing column load for the upper edge of frame 1, the upper intermediate 

column of frame 2 and the internal column of frame 3 respectively. The important 

phenomenon to be observed from this figure is the decreasing rate of column top end 

moment due to moment shedding. This phenomenon has resulted in the change of 

column bending moment configuration at the ultimate load level. The corresponding 

bending moments of the studied column before and after the moment shedding 

phenomenon are shown in Figures 6.18(b), 6.19(b) and 6.20(b) respectively. These 

figures show the comparison of bending moment diagrams at the initial beam load 

level and at the collapse (ultimate) load level with respect to various connection types. 

Clearly, in all the limited cases considered and irrespective of connection types, the 

bending moments at collapse loads are in the general forms of the bending moments 

of axially loaded restrained columns. It is evident from these results that at ultimate 

load levels, the restrained beam-column behaves in a similar manner as an axially 

loaded compression member with a certain degree of end restraint. 

Based on the analysis results presented above, it is now recognised that beam-columns 

behave differently at both service and ultimate load levels. At the lower load level, 

the moment transferred by the beam causes a detrimental effect to the column (see 

Figure 6.21(a)). The corresponding bending moment is shown in Figure 6.21(b). On 

the other hand, at the ultimate load level, the column top end moment instead of being 

detrimental has become beneficial by inducing a reversal of moment which restrained 

the column (see Figure 6.21(c)). The typical corresponding column bending moment 

diagram at this stage is shown in Figure 6.21(d). Based on this figure, it is believed 

that as a result of the moment reversal, a point of inflection can develop at the point of 

transition between negative and positive moments. Experimental observations by 
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Davison [6-11] showed evidence of such existence of inflection points within the 

column length employing "simple" semi-rigid connections of web cleat types. 

6.6 Ultimate Strength of Beam-columns 

The problem of interaction between the axial load and moment which occurs at the 

lower load level diminishes as the ultimate load level is approached as a result of 

moment shedding phenomenon. As a consequence, the bending moment diagrams of 
beam-columns at collapse load are analogous to the bending moment diagrams of 

axially loaded columns with end restraints. This response demonstrates that 

beam-columns can be treated as axially loaded members. 

In view of the above, the values of the ultimate strength of the beam-columns obtained 

from the analysis can be utilised to relate the ultimate strength of semi-rigid end 

restrained beam-columns to the ultimate strength of the pin ended columns. In other 

words, the failure load of the beam-columns which are treated as axially loaded at 

ultimate load can be compared directly to the ultimate axial failure load of the pin 

ended columns. 

Consequently, the ultimate strength of beam-column can be presented as follows: 

1. The strength curves (see Figure 6.22(a)). 

2. The ap;, values (see Figure 6.22(b)). 

6.6.1 Ultimate Strength of Beam-columns Using the Strength Curves 

The maximum axial load strength of semi-rigidly restrained beam-columns over a 

wide spectrum of slenderness can be presented in the form of these curves. 
Consequently, the comparison between the strength of semi-rigid end restrained 
beam-columns and the strength of pin ended columns can be described by the plots of 

such column curves. Referring to Figure 6.22(a), if Ps, is greater than Pp;,, BS 5950 , 
it 

indicates that the ultimate axial load of the semi-rigid beam-column is greater than the 
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ultimate axial load of the pin ended column as specified by BS 5950. This implies 

that the use of BS 5950 pin ended strength curve to design the beam-column as an 

axially loaded column will result in a safe design method. 

The other important criterion of beam-column strength curve is that it can be 

employed to determine the effective length factor of a beam-column with semi-rigid 

end restraints. 

6.6.1.1 The Effective Length and the Solution of Beam-Columns at the Ultimate 

Load Level 

The ultimate axial load of an axially loaded column with end restraints can be 

evaluated using the effective length method. The concept of effective length is widely 

used in design as a simplified method to take into account the effect of connection 

restraints at the column ends. The term effective length KL is defined as the length of 

the buckled deflected shape between points of zero curvature. This is the length of an 

equivalent pin ended column which has the same load capacity as the end restraint 

column [6-12]. 

Figure 6.23(a) shows the condition of a beam-column at ultimate load level which 

behaves as an axially loaded restrained member. In some cases, at the ultimate load 

level, the column end moments reverse in sign and act in the opposite direction to the 

column rotation. This results in the column ends being restrained further by the 

reversal of moment. Hence, the equivalent solution of the restrained beam-column at 

ultimate load level is shown in Figure 6.23(b). As can be seen from the figure, the 

beam-column can be modelled as a pin ended column but with a reduced effective 
length. Hence, knowing the effective length factor K, will enable the ultimate axial 
load Ps, of the end restrained beam-column with the length L to be calculated as if it 

were a pin ended column with the length KL. 

Consequently, the ultimate strength of beam-column Ps, can be compared with the 

ultimate strength of an equivalent pin ended column Pp�, as shown in Figure 6.23(c). 

Knowing this relation will enable the restrained beam-column to be designed as a pin 
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ended column with a reduced effective length. In this study the ultimate strength of 

restrained beam-column is compared directly against the strength of pin ended column 

as that specified by the BS 5950 and EC3 specifications. The reason is that the 

restrained beam-column can then be designed as axially loaded based on these two 

specifications. 

According to Jones et al. [6-13], the effective length can also be defined as the length 

(slenderness) which gives the same strength on the basic column curve for pinned 

ends as' the failure load for the actual column with its actual end restraint. Based on 

this definition, the effective length factor K is obtained by dividing the pinned column 

slenderness to the restrained column slenderness, i. e. 2p,,, / A,,. as shown in Figure 

6.22(a). In this study, the corresponding effective length factors of the studied 

columns as obtained by this method are presented in Table 6.5. Inspection of the 

results show that with the use of PDEP and FEP connections, the effective length 

factors, vary from 0.8 to 0.85 for the external column, 0.62 to 0.63 for the upper 

intermediate column and 0.55 to 0.57 for the internal column. Whereas, in the case of 

EEP and RIGID connections, the effective length factors vary from 0.7 to 0.77 for the 

external column and 0.5 to 0.52 for the upper intermediate and the internal columns. 

Hence, to avoid complexity in determining the effective length factors, it is suggested 

that the simplified forms of effective length factors are adopted. In the case of both 

ends are restrained with semi-rigid connections such as PDEP and FEP connections, 

the effective length factors of 1.0 and 0.85 are employed for the external and internal 

columns respectively. Whereas, when both ends are restrained with EEP or RIGID 

connections, the effective length factors of 1.0 and 0.7 are used for external and 

internal columns respectively. 

6.6.2 Ultimate Strength of Beam-columns Using the ap� Values 

Another method of investigating the results of the beam-column strength is by using 

the ap;,, values. The diagrammatic relation between the beam-column strength curves 
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and the ap, n values can be seen by referring back to Figures 6.22(a) and 6.22(b). The 

ap,,, is defined as 

apin = Psr / Ppin (6.1) 

in which Ps, is the ultimate axial load (collapse load) of semi-rigidly connected 

column, Pp;,, is the ultimate axial load of equivalent perfectly pin ended column. The 

concept of ap,,, was first introduced by Kirby et al. [6-15] as an index to identify the 

beneficial effect of connection restraints as opposed to the detrimental effects of the 

connections. 

The beneficial and detrimental effects are present due to the fact that the connection 

has dual functions in the column response [6-16]. The response at the column ends as 

a result of these dual functions of the connection is illustrated in Figure 6.17(b). First, 

the connection contributes to the detrimental effect by transferring a disturbing 

moment to the column which reduces the column axial load strength. Secondly, the 

connection contributes to the beneficial effect by providing restraint to the column 

which enhances the column axial load strength. 

Knowing the detrimental and the beneficial effects, the ap; � values provide a simple 

approach to identify which one of the two effects is more dominant. 

The use of ap;,, values enable the following assessment to be made: 

1. Whenap; 
�>1.0 

" The beneficial effect of connection restraint outweighs the detrimental effect of 
the column moment. 

" The strength of beam-columns with semi-rigid connections is greater than the 

strength of the equivalent pin ended axially loaded column. 

" The beam-column can be designed as axially loaded member without the 

consideration of moment. 



2. When a,, = 1.0 

"' The beneficial effect of connection restraint is equal to the detrimental effect of 
the column moment. 

" The strength of beam-columns with semi-rigid connections is equal to the strength 
of the equivalent pin ended axially loaded column. 

The beam-column can be designed as axially loaded member without the 

consideration of moment. 

3. When ap; n <1.0 

" The detrimental effect of the column moment outweighs the beneficial effect of 
the connection restraint. 

" The strength of beam-columns with semi-rigid connections is less than the 

strength of the equivalent pin ended axially loaded column. 

" The beam-column should be designed using interaction equations considering 
both the axial load and the detrimental moment. 

The justification of designing beam-columns as axially loaded compression members 

is based on the behaviour of beam-columns discussed in Chapter 5. Consequently, 

based on the ap;,, values, in-depth studies on the ultimate strength of beam-columns 

with respect to various types of parameters can be carried out. 

In this study, the results of ultimate strength of the beam-columns in terms of ap;,, 

values are presented in Tables 6.6 - 6.17. 

As can be seen from the tables, the ultimate strength of semi-rigidly restrained 

beam-column Ps, is compared against the ultimate strength of pin ended column 

Ppin BS 5950 as specified by clause 4.7.4 of BS 5950 [6-2], giving the value of ap;,,. 

This. is due to the fact that the strength of the beam-column with semi-rigid 

connections will later be designed using the ultimate strength of the pin ended column 
specified by the BS 5950 code. In addition, the ultimate strength of semi-rigidly 
restrained beam-columns Ps, is also compared with the strength of pin ended column 

Pp;,, EC3 as specified by clause 5.5.1 of EC3 [6-10] to obtain the ap,,, value. The results 

show that in all 288 cases considered, all the ap;,, values are in excess of unity except 
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in three cases where the ap;,, values are slightly less than unity, i. e. 0.99. This shortfall 

is related to the edge columns and only represents 1% of all the cases considered. 
These results suggest that semi-rigidly restrained beam-columns can be designed 

safely as axially loaded members using the BS 5950 or EC3 pin ended column curves. 

6.7 Parameters Influencing the Axial Load Strength 

of Beam-columns 

Knowing that beam-columns can be treated as axially loaded members, it is of interest 

to study the important parameters that can influence the ultimate axial load of the 

semi-rigidly restrained beam-columns. 

6.7.1 Influence of Column Slenderness 

Figures 6.24 to 6.28 show the ultimate strength curves of the selected beam-column 

problems considered in this study. The overall range of the column slenderness is 

from 25.5 to 89.4. It can be seen from these figures, that the strength of the 

beam-columns with the slenderness ranging from 25 to 50, irrespective of connection 

types, is not less than 90% of the squash load. Whereas for the slenderness ranges 

between 50 to 90, it is seen that the ultimate carrying capacity of the column is greater 

than 80% of the squash load. This implies that within the practical range of column 

slenderness, the connection stiffness is seen not to be the main parameter in 

controlling the ultimate column load. For comparison, full scale test results on rigid 

frames also show that the failure loads of the intermediate columns are close to 97% 

of the squash load [6-5]. 

On the other hand, Tables 6.6(a), 6.7(a), 6.8(a) and 6.9(a) presented the values of ap;,, 

for columns with PDEP, FEP, EEP and RIGID connections respectively. The values 

of ap;,, are presented for various column slendernesses. In general, it can be seen that 

increasing the column slenderness increases the values of a,,,,. For example, the value 
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of ap;,, increases from 1.06 with 4m column to 1.35 with 7m column (see Table 

6.6(a)). Other results presented in Tables 6.10 to 6.17 also show similar patterns of 
increasing ap;,, values with the increase of column slenderness. This implies that the 

effect of increasing column strength with the use of stiffer connections is more 

significant for slender columns. The higher values of ap;,, with the higher slenderness 

columns indicate the more significant effect of the connection restraint as opposed to 

the detrimental effect of the acting moment. This is to be expected as the higher 

slenderness column induces a smaller detrimental moment and sufficiently have larger 

effect of restraining moment. This is in agreement with Jones et al. [6-17] who 

suggested that the greater improvements in column strength can only be achieved 

significantly in column with slenderness beyond practical range. 

6.7.2 Influence of Beam Loads 

Figures 6.24 and 6.26, respectively, show the ultimate strength curves of the upper 

edge and the upper intermediate beam-columns with 30 kN/m beam load. Similarly, 

Figures 6.25 and 6.27 respectively, show the ultimate strength curves of the upper 

edge and upper intermediate columns with 45 kN/m beam load. In general, it is 

observed that irrespective of connection types, increasing the beam load from 

30 kN/m to 45 kN/m reduces the column ultimate axial load. This is to be expected 

because the column end moment increases as the beam load is increased. This in turn 

resulting in larger deflection, earlier first yield and earlier stiffness loss in the column. 

Consequently, these effects reduce the ultimate strength of the columns. Hence, the 

effect of increasing beam load is analogous to increasing the column imperfection. 

This is in agreement with Gent and Milner [6-7] who first suggested that the effect of 

beam load is analogous to the column imperfection. 

However, it is seen that even with the presence of high bending due to the large beam 

load, the ultimate axial loads of the external and internal columns are reduced to not 
less than 80% of the squash load (see Figures 6.25 and 6.27 respectively). Baker et al. 
[6-18] also noted that for open section columns, the most severe case of column end 

moment does not reduce the ultimate column capacity by more than 21.5%. Hence, it 
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is seen that the effect of bending moment transferred to the column is small in 

reducing the ultimate collapse load of the column. 

Tables 6.6 to 6.13 show the comparison of the ap;,, values between the beam loads of 
30 kN/m and 45 kN/m. As can be observed from the tables, for each column height 

the values of ap;,, decrease as the beam load is increased from 30 Min to 45 Min. 

For example, the value of ap;,, for column with 4m height decreases from 1.06 to 1.04 

with PDEP connections, from 1.04 to 1.02 with FEP connections, from 1.06 to 1.02 

with EEP connections and from 1.07 to 1.04 with RIGID connections (see Tables 

6.6(a) & 6.6(b), 6.7(a) & 6.7(b), 6.8(a) & 6.8(b) and 6.9(a) & 6.9(b) respectively). 

This implies that a larger detrimental moment transmitted by the beam load reduces 

the column axial load capacity. However even with the presence of the very large 

beam load of 45 kN/m, the values of ap;,, are all above unity except in three cases 

which are very close to unity (see Tables 6.6(b), 6.7(b), 6.8(b)). This implies that even 

with the presence of large detrimental moment, the column can still sustain high axial 

failure load. This result is in agreement with Baker et al. [6-18] and Gent [6-19] who 

suggested that the ultimate axial load capacity of the column is not seriously affected 

by the column end moment. 

6.7.3 Influence of Load Eccentricity 

This section discusses the effect of load eccentricity to the internal column only. 

Hence, the results presented are limited to the internal columns. It is expected that 

other cases of columns will demonstrate a similar behaviour. 

The higher ultimate strength of columns associated with PDEP connections as 

compared to the FEP, EEP and RIGID connections is due to the fact that the effect of 

load eccentricity at the column face is not taken into account (see Figure 6.28). 

However when the model of connection offset is adopted then the ultimate load of 

column with PDEP connections is lower than the columns with FEP, EEP and RIGID 

connections (see Figure 6.29). The similar response is also observed with the use of 



FE? connections in which the ultimate strength is larger than the ultimate strength 

with the EEP connections (see Figure 6.25). 

Figure 6.30 shows the comparison of the ultimate strength curves as modelled 
including the connection offset and not including the connection offset. On the other 
hand, Table 6.18 shows the percentage difference in the ultimate load as modelled 

using the two methods. The results show that in terms of ultimate load capacity, the 

inclusion of offset connection reduced the column capacity by not more than 6% with 

the most flexible PDEP connections and less than 3% with FEP connections. In other 

words, modelling the connection at the beam-column centre-line intersections can 

give a higher prediction of the column ultimate strength by not more than 6% with 

PDEP connections and not more than 3% with FEP connections. There is no 

significant difference in the ultimate loads between the two models when the stiffer 

connections such as EEP and RIGID connections are utilised. The effect of connection 

offset can be seen even more clearly in Figure 6.31. It can be seen that the stiffer the 

connection the lesser is the effect of modelling the connection at the true location. 

Tables 6.14 to 6.17 show the ap, � values with different connection types and were 

obtained based on the two models described above. As can be observed from the 

tables, the ap;,, values reduce slightly with the incorporation of eccentricity moment. 

For example, the value of ap,,, for column with 4m height decreases from 1.08 to 1.06 

with PDEP connections, from 1.07 to 1.06 with FEP connections, from 1.08 to 1.07 

with EEP connections and from 1.09 to 1.08 with RIGID connections (see Tables 

6.14(a) & 6.14(b), 6.15(a) & 6.15(b), 6.16(a) & 6.16(b) and 6.17(a) & 6.17(b) 

respectively). The values of ap;,, are well above unity. This indicates that even if 

eccentricity moment is included, the benefit of connection restraint is still dominant. 

6.7.4 Influence of Connection Stiffness 

Figures 6.24 to 6.30 show the ultimate strength curves of beam-columns with 

semi-rigid end restraints. It can be seen that the failure loads of the beam-columns 

with quite flexible connections such as PDEP and FEP are close to the failure loads 
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with EEP and RIGID connections. It is also seen that in this range of slenderness, the 

use of, less stiff connections such as PDEP and FEP connections can enhance the 

column strength to more than 80% of the squash load. 

Figure 6.32 shows the ultimate loads of the internal columns with semi-rigid 

connections as compared to the strength of columns with rigid connections. It is seen 

that PDEP and EEP connections can sustain the column axial loads up to 95% of the 

strength of columns with RIGID connections. In the case including connection offset, 

the use of PDEP and FEP connections can attain 90% and 95% of the columns with 

RIGID connections respectively (see Figure 6.33). 

Tables 6.6 to 6.9 show the effect of different connection types such as PDEP, FEP, 

EEP and RIGID connection types on the ultimate strength of beam-columns as a part 

of frame 1. It can be seen that by changing flexible connections to stiffer connections 

has not increased the ap,,, values significantly. For example, in the case of column 

with 4m height, the value of ap;,, only increases from 1.06 with PDEP connections to 

1.07 with RIGID connections (see Tables 6.6(a) and 6.9(a) respectively). In other 

words, even with the use of less stiff connections such as PDEP and FEP connections, 

the ap;,, values are seen to be close to the ap;,, with EEP and RIGID connections. 

Similarly, examination of the ap;,, values in frame 2 as presented in Tables 6.10 to 

6.13 also show that the increase of ap;,, values with respect to increasing connection 

stiffness is not significant. 

The results of the ultimate strength curves and the ap; n values suggest that the use of 

flexible and less stiff semi-rigid connections are able to enhance the column strength 

to almost the strength of columns with rigid connections. Hence in this range of 

slenderness, it is seen that increasing the end restraints has less effect in increasing the 

column ultimate strength. 

These results are in agreement with the observation made in the testing of full scale 

semi-rigid frames carried out at BRE [6-20], [6-21]. In fact, the behaviour observed in 

this full-scale frame test has been incorporated in the latest amendment in IStructE 

steelwork building structures design manual [6-22]. The basis of the amendment is 
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such that it is now believed that ordinary connections of beams to columns can 
develop the full stiffness of the beam members [6-23]. Clearly, the flexible and 

semi-rigid connections possess some degree of restraint which reduces the column 

effective length and hence increases the column capacity. 

Wood [6-5] noted in his research that the column collapse load is not sensitive to the 

connection stiffness. Furthermore, according to Kirby et al. [6-15] , it is the presence 

of the, connection that is the most important while the connection stiffness is of 

secondary importance. Studies conducted by Chen also show that increasing the 

stiffness of the joint does not necessarily increase the load carrying capacity of the 

frame [6-24]. Other results of Chen [6-25] show that the ultimate load-carrying 

capacity of a portal frame is not dependent on the connection types used. He suggested 

that as long as the connection has enough strength to carry the moment, the failure of 

the frame can be obtained by assuming the connection to be rigid. Overall, it can be 

concluded that the variation in connection rotational stiffness has very little influence 

on the value of the ultimate column loads. 

Gent [6-19] also noted that the rigidity of the connections had no influence on the 

column design. He then suggested that the principal effect of semi-rigid connections 

is just to reduce the initial column end moment as compared to rigid connections. 

Having recognised that the use of less stiff connections can also enhance the column 

axial failure load, it is therefore possible to design the column by employing less stiff 

connections without reducing the column strength. This in turn will minimise the 

connection cost. In practice, however, many designers continue to specify unnecessary 

full-strength or fully welded connection which eventually increases the connection 

cost [6-26]. In view of this matter, designers should be aware of the limited benefit of 

employing full-strength connections in increasing the column strength. Indeed, the 

IStrucE Committee has recognised that even connections designed to develop the full 

resistance moment of the beams full strength connections may not develop the full 

stiffness [6-23]. 



6.8 Relation to Design 

As a result of moment shedding phenomenon and the limited study on the apt, values, 
it is reasonably justified that a simplified design method can be carried out as follows: 

" The beam can be treated as a simply supported member with a certain value of end 
restraint moment to include the effect of semi-rigid end restraint. 

" The beam-column can be treated as an axially loaded compression member 
perhaps with a reduced effective length to include the effect of semi-rigid end 
restraint. 

6.8.1 Design of Beams 

The results of the study show that at higher load levels, beams with PDEP connections 

are seen to have very small values of inelastic end restraint moment, i. e. less than 5% 

of Mp . Based on these results, it is suggested that for designing beams in simple 

construction, the end restraint moment at beam ends is taken as zero. 

On the other hand, it is seen that at higher load levels, the beams with FEP, EEP and 

RIGID connections can still possess a certain amount of inelastic end restraint 

moment which may be beneficial for reducing the beam mid-span moment. This in 

turn can result in more economical beams. Based on the results of the parametric 

study,, it is suggested that the following values of end restraint moment may be used 

for designing beams in semi-rigid and rigid constructions: 

W., 0.05Mp at external ends of external beams. 

(ii). 0.1 OMp at all internal beam ends. 

It is also' worth noting that the use of FEP connections as opposed to the PDEP 

connections can change the structural system from simple construction to semi-rigid 
construction in which further savings in beam design can be achieved. In addition, 
further benefits may be attained at serviceability conditions as the semi-rigid joints 

will significantly reduce deflections. 
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6.8.2 Design of Columns 

The results of the study show that the design of restrained beam-columns at the 

ultimate load level in non-sway frames can be performed in a simple manner as only 

axial loadings are considered. The design approach is based on the elastic-plastic 
behaviour of the column as it approaches the ultimate limit state. 

It was discussed in section 6.6.2 that the connection has dual role functions. First, by 

inducing the detrimental moment and secondly by providing the beneficial restraint 
effects. These two aspects are incorporated in design as discussed herein. 

In the current column BS 5950 [6-2] design method, in order to incorporate the 

detrimental effect of the actual moment transferred to the column, it is required to 

have an accurate knowledge of M-q5 curve characteristics. However in the case of a 
design method based on the ultimate load level as in the proposed simplified 

elastic-plastic ap;,, design method, the detrimental moment acting on the column 

diminishes and no longer present. This indicates that it is not necessary to determine 

the actual moment transferred to the column. Hence, the design of a beam-column 

with semi-rigid end restraints at the ultimate load level is no longer dependent on the 

M-0 characteristics. 

On the other hand, in order to include the beneficial effect of the end restraint at the 

column ends, the reduced column effective length is employed. Consequently, 

realising that there is no significant difference in the ultimate column load due to the 

variation in connection stiffness, it is suggested that a simplified form of effective 

length is used for determining the axial resistance of the column. The suggested 

effective lengths are as follows: 

(i). In the case where both ends are restrained by semi-rigid connections such as 
PDEP, FEP connections, the effective lengths are Le = 0.85L and Le = 1. OL for 

the internal and external columns respectively. 

(ii). In the case of both ends are restrained by EEP or rigid connections, the effective 
lengths are Le = 0.7L and Le = I. OL for the internal and external columns 
respectively. 

The above effective lengths are based on the results discussed in section 6.6.1.1. 
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6.8.3 Design of Connections 

It is possible to design the connection without having to match the strength of the 

connected beam in order to achieve high ultimate column capacity. This is based on 

the justification that the use of flexible PDEP connection can achieve almost 90% of 

the column load with RIGID connections. However the use of flexible connections 

may result in an uneconomical beam design. Therefore, in order to achieve economy in 

beam design, the FEP connection is suggested to be employed to get the benefit of the 

end restraint moment at the beam ends. Furthermore, the use of the FEP connections 

may not increase the connection cost significantly above PDEP connections unlike the 

use of EEP or RIGID connections. 

The other important design criteria of the connection is that in order to achieve the 

suggested inelastic restraint moment of 0.05Mp at external ends of external beams and 

0.1OMp at internal beam ends at the ultimate load level, the connection should have a 

minimum moment capacity of 0.25Mp as classified by strength using the EC3 

classification. 

6.9 Conclusions 

The parametric study on the behaviour and strength of SHS beam-columns at ultimate 

load level has been presented. It is seen that the study on the behaviour of 

elastic-plastic columns at higher load level leads to a more realistic design method. 

Moreover, the problem of the detrimental moment acting at the column end which 

normally occurs at a lower level diminishes as the column loses its stiffness at higher 

load levels. As a result, the design procedure based on the response at the ultimate 

load level is nothing more involved than the simple analysis and design of individual 

members of beams and columns. 

The parametric study described in this chapter was limited to a series of low rise 

multi-storey plane frames in the range of two to three storeys. The frames consisted of 

SHS columns with flowdrill connections. The study on the connection offset is limited 
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to the internal columns only. It is expected that other column problems may follow a 

similar response. Furthermore, it should be pointed out that the effect of residual 

stress has not been taken into account in the analysis as it is considered negligible in 

tubular columns [6-1]. 

The -study on the ultimate strength of beam-column was conducted on a column 

slenderness ratio in the range between 25 to 90. Such a range of column slenderness 

has already covered a wide range of practical SHS columns. As a result of the limited 

study, several important conclusions are presented as follows: 

1. The rate of decrease (shedding) in moment is dependent on the rate of stiffness 

loss in the columns. The more rapid the loss of stiffness in the column, the more 

sudden is the moment shedding. 

2. It is seen that a significant decrease of moments in the elastic range occurs in 

columns with high slenderness ratios. This is associated with the high stiffness 

loss in the elastic column as a result of large geometrical deformation. 

3. As a result of the moment shedding phenomenon, it is seen that at ultimate load 

level, the external and internal beam-columns can be designed as axially loaded 

compression members. 

4. The development of restraining moments which further enhance the column axial 

, 
failure load is seen to be more significant with slender columns. 

5. In all cases considered, the results of a,,,,, values are all above unity except in three 

cases which are just below unity. This shortfall only represents 1% of all the cases 

considered. This implies that SHS beam-columns can be designed safely as 

axially loaded compression members based on the BS 5950 or the EC3 pin ended 

column curves. 

6. The interior columns tend to have higher values of ap;,, as opposed to the external 

columns. This indicates that the effect of detrimental moment is minimal for the 

interior columns. 
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7. The earlier first yield load Py in the column with stiffer connections is 

counteracted by the larger reserve of axial load strength in the inelastic range. This 

in turn results in columns with stiffer connections being able to sustain larger axial 
failure loads than equivalent columns with more flexible connections. 

8. The additional eccentricity moment at the column end is also subject to the 
moment shedding phenomenon at the ultimate load level. The moment is relaxed 

to almost zero resulting in the column to behave as axially loaded only. The 

important implication is that, columns in simple construction can be designed as 

axially loaded without the inclusion of nominal (eccentricity) moment as 

employed in the current design method. 

9. The effect of increasing connection stiffness is seen to be less important for 

columns with practical slendernesses. It is seen that the use of flexible PDEP 

connections can enhance the ultimate column strength to about 90% of the column 

strength with RIGID connections. Therefore, in the practical range of column 

slenderness, there are no significant benefits of increasing connection restraints in 

order to enhance the column ultimate load. 

10. The only benefit of increasing connection stiffness is the increase of the restraint 

moments at the beam ends. This in turn reduces the maximum mid-span moment 

of the beams and hence resulting in shallower or lighter beam sections. In view of 

this, it is suggested that the use of FEP connections can minimise the unnecessary 

restraint in columns and can slightly enhance the end restraint at beam ends as 

opposed to the PDEP connections. 

11. In terms of stability and strength, SHS columns coupled with flowdrill 

connections are suitable for low-rise multi-storey non-sway frames. 
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Frame type Base type Loaded Studied 
beam no. column 

no. 
Frame I Rigid BI CI 

P-P, 
w kN/m 

P-P. 

BI 
C1 

Frame 2 Rigid B2 C2 
P. P. 

;k wm 

B2 
C2 

Frame 3 Rigid B4 & B5 C5 
P P, 

w Mm 

B4 
w kN/m CS 

B5 

A7 
.6 

Table 6.1 Loading combinations 



P- Psr 

w, kN/m 

P- Ps, 

071ITTTTFI 

Response of load-moment 

For all frames 
w= 45 kN/m 
h=4m 
b=6m 
Free moment = wb2/8 = 202.5 kNm 
Nominal beam plastic moment, Mp = 213 kNm 
Pp,,, BS 5950 = 1530 kN 

(a). Values of end restraint moment at P, 
Connection Beam end Elastic 

Moment end restraint 
moment 

(kNm) % of Mp 
PDEP 10.2 4.8% 
FEP 27.2 12.8% 
EEP 51.7 24.3% 

RIGID 58.4 27.4% 

b). Values of end restraint moment at P2 

ý6 
b 

FRAME 1 

Connection P2 apin BS 5950 Beam end Inelastic Suggested Satisfy the 
Moment end restraint restraint suggested 

moment moment restraint 

(k N) (kNm) % of Mp % of Mp moment 
PDEP 1535 1.00 9.9 4.6% 0% 

FEP 1545 1.01 11.2 5.3% � 
EEP 1530 1.00 10.8 5.1% 5% � 

RIGID 1530 1.00 12.9 6.1% � 

c). Values of end restraint moment at P, r 
Connection Psr Upin BS 5950 Beam end Inelastic Suggested Satisfy the 

Moment end restraint restraint suggested 
moment moment restraint 

(kN) (kNm) % of Mp % of Mo moment 
PDEP 1590 1.04 8 3.8% 0% 
FEP 1560 1.02 9 4.2% X 
EEP 1565 1.02 0.3 0.1% 5% X 

RIGID 1585 1.04 0.64 0.3% X 

h 

Table 6.2 Values of end restraint moment for external beams of frame 1 



ý a). Upper edge column (see Figure 6.25) 
Connection Ps, / Py ý-pm ksr K=ý. pin/ýsr 
PDEP, FEP 0.92 47 55 0.855 

0.83 68 85 0.800 
RIGID 0.88 59 76.6 0.770 

0.84 66 89.4 0.738 

(b). Upper intermediate column (see Figure 6.27) 
Connection Psr/ Py ý-pin xsr K=), pfn/ks, 
PDEP, FEP 0.95 40 64 0.625 

0.89 55 89 0.618 
EEP, RIGID 0.95 40 76.6 0.522 

0.94 45 89.4 0.503 

(c). Internal column (see Figure 6.28) 
Connection P5r / Py ý-pin ksr K=ý. 

phJksr 
PDEP, FEP 0.98 30 55 0.545 

0.91 51 89 0.573 
EEP, RIGID 0.99 32 63.9 0.501 

0.97 40 76.6 0.522 

Table 6.5 Calculation of effective length factor, K 

using beam-column strength curves 



SUMMARY OF ap,,, VALUES 
UPPER EDGE COLUMN (C2) 
Connection type : PDEP (Test 3) 

b=6m 

All beams 

356x171x45US 

Grade 43A 

Upper columns 

200x200x8SHS 

Grade 43A 

Lower columns 
200 x 200 x 10 SHS 

Grade 43A 

Beam elements =4 nos 

Column elements =4 nos 

(a). P,,,, BS5950 and P� with w= 30 kN/m 

P- Psr 

Frame 1 

w. kN/m 

IIIII 1= 

k 

w= 30 kN/m 

[1] 2 [1]/[Z 
Storey Psr Ppin cXpin 

height SERIFA BS 6960 

In 

(m) (kN) (kN) 
2 1655 1650 1.00 
3 1635 1600 1.02 
4 1615 1530 1.06 
5 1585 1430 1.11 
6 1550 1290 1.20 
7 1500 1110 1.35 

c). Po,,, EC3 and P, with w= 30 kN/m 

w= 30 kN/m 
1 [2] Ill/[2] 

Storey Psr Ppin (Xpin 

height SERIFA EC3 
h 

(m) (kN) (kN) 
2 1655 1565 1.06 
3 1635 1504 1 09 
4 1615 1427 1.13 
5 1585 1323 1.20 
6 1550 1186 1.31 
7 1500 1024 1.46 

b 

P- Psr 

KI 

h 

h 

(b). P,,,, BS5950 and Ps, with w= 45 kN/m 
w= 45 kN/m 

1] (2) [1]/[2] 

Storey Psr Ppin apin 

height SERIFA BS 5950 

h 

(m) (kN) (kN) 
2 1640 1650 0.99 
3 1620 1600 1.01 
4 1590 1530 1.04 
5 1560 1430 1.09 
6 1515 1290 1.17 
7 1455 1110 1.31 

d). Pp' EC3 and P:, with w= 45 kN/m 
w= 45 kN/m 

1 2 [11/2) 

Storey Psr Ppin apin 

height SERIFA EC3 
h 

(m) (kN) (kN) 
2 1640 1565 1.05 
3 1620 1504 1.08 
4 1590 1427 1.11 
5 1560 1323 1.18 
6 1515 1186 1.28 
7 1455 1024 1.42 

Table 6.6 Values of aP;,, of upper edge columns with PDEP connections 



SUMMARY OF ap;,, VALUES 
UPPER EDGE COLUMN (Cl) 

Frame 1 

Connection type : FEP (Test 18) 

b=6m 

All beams 

356 x 171 x 45 UB 
Grade 43A 

Upper columns 
200 x 200 x8 SHS 
Grade 43A 

Lower columns 
200 x 200 x 10 SHS 
Grade 43A 

P- Psr P- Psr 

w. kN/m 

IIIII 

-7 
Beam elements =4 nos 
Column elements =4 nos 

(a). Po,,, BS5950 and P, with w= 30 kN/m 
w= 30 kN/m 

t z [t[/[2] 

Storey Psr Ppin apin 

height SERIFA BS 5950 
h 

(m) (kN) (kN) 
2 1660 1650 1.01 
3 1630 1600 1.02 
4 1595 1530 1.04 
5 1550 1430 1.08 
6 1505 1290 117 
7 1455 1110 1.31 

(c). Pp,,, EC3 and P, with w= 30 kN/m 
w= 30 kN/m 

[1 2 1]/ 2 

Storey Psr Ppin spin 

height SERIFA EC3 
h 

(m) (kN) (kN 
2 1660 1565 1.06 
3 1630 1504 1 08 
4 1595 1427 1 12 
5 1550 1323 1.17 
6 1505 1186 1.27 
7 1455 1024 1.42 

Q 

n 

h 

h 

(b). Pp,. BS5950 and P� with w= 45 kN/m 
w= 45 kN/m 

1] 2) [1]i[2] 
Storey Psr Ppt� C(pin 

height SERIFA BS 5960 
h 

(m) (kN) (kN) 

2 1640 1650 0.99 
3 1605 1600 1.00 
4 1560 1530 1.02 
5 1500 1430 1.05 
6 1440 1290 1.12 
7 1380 1110 1.24 

(d). Pp, n EC3 and Ps, with w= 45 kN/m 
w= 45 kN/m 

[1] [2) 111/121 
Storey Psr Ppin apin 

height SERIFA EC3 
h 

(m) (kN) (kN) 
2 1635 1565 1.04 
3 1605 1504 1.07 
4 1560 1427 1.09 
5 1500 1323 1.13 
6 1440 1186 1.21 
7 1380 1024 1.35 

Table 6.7 Values of Upin of upper edge columns with FEP connections 



SUMMARY OF a,;,, VALUES 
UPPER EDGE COLUMN (Cl) 

lConnection type : EEP (Test 19) 

b=6m 

All beams 

356 x 171 x 45 UB 
Grade 43A 

Upper columns 
200x200x8SHS 
Grade 43A 

Lower columns 

200 x 200 x 10 SHS 
Grade 43A 

Beam elements =4 nos 

Column elements =4 nos 

(a). Po, n BS5950 and P� with w= 30 kN/m 
(w = 30 kN/m 

1 2 1/2 

Storey P5r Ppl� Ctp, n 
height SERIFA 8S 6950 

h 

(m) (kN) kN 
2 1670 1650 1 01 
3 1650 1600 1 03 
4 1620 1530 1.06 
5 1575 1430 1.10 
6 1520 1290 1.18 
7 1465 1110 1.32 

c). P_ EC3 and P� with w= 30 kN/m 

w= 30 kN/m 
t 2 Ill/ 2 

Storey Psr Ppin apin 

height SERIFA EC3 

h 
(m) (kN) kN 

2 1670 1565 1 07 
3 1650 1504 1 10 
4 1620 1427 1 14 
5 1575 1323 1 19 
6 1520 1186 1 28 
7 1465 1024 143 

P- Psr 

Frame 1 

w kN/m 

IIIIII 

P- Psr 

I 

I b 

w= 45 kN/m 
1 2 (11/(21 

Storey Psr Ppin apin 

height SERIFA BS 5950 
h 

(m) (kN) (kN) 
2 1640 1650 0.99 
3 1605 1600 1.00 
4 1565 1530 1.02 
5 1505 1430 1.05 
6 1435 1290 1.11 
7 1370 1110 1.23 

tu 

i 

h 

h 

(b). Pp, n BS5950 and P� with w= 45 kN/m 

w= 45 kN/m 
l1 21 [1]i[21 

Storey P5r PPjn apln 

height SERIFA EC3 

h 
(m) (kN) (kN) 
2 1640 1565 1.05 
3 1605 1504 1.07 
4 1565 1427 1.10 
5 1505 1323 1.14 
6 1435 1186 1.21 
7 1370 1024 1.34 

(d). Pp,, EC3 and P� with w= 45 kN/m 

Table 6.8 Values of Upin of upper edge columns with EEP connections 



After the detrimental negative moment is relaxed to zero, the moment will then act as 

a reverse moment (positive moment). This reversal of moment acts in the opposite 

direction to the column rotation. This in turn results in the column being restrained 

further at its ends. 

It is also of interest to compare the response of moment shedding of the columns with 

respect to different slenderness ratios. In view of this, Figure 6.11(b) shows the 

comparison of moment shedding between the column with slenderness ratio of 51.1 

and the columns with higher slenderness ratio of 89.4. For each slenderness ratio, four 

different connection types are utilised. It is seen that in the elastic range, irrespective 

of connection types used, the slopes of load-moment responses A to B are more 

gradual with the higher slenderness columns than the lower slenderness columns. 

This reflects the fact that in the elastic range, more rapid moment shedding occurs in 

the slender columns. This is because the slender columns tend to have more 

appreciable loss of elastic stiffness with increasing axial load as shown in the gradual 

load-deflection response A to B of Figure 6.11(a). 

The results of the comparison suggest that: 

" The rate of moment shedding is dependent on the rate of stiffness loss. The more 

rapid is the loss of stiffness, the quicker is the rate of moment shedding. 

" Columns with higher slenderness tend to have higher stiffness loss in the elastic 

range due to geometric deformation. Hence, it can be concluded that the higher the 

slenderness of the columns the more rapid is the rate of moment shedding. 

As a result of a smaller detrimental moment and rapid rate of moment shedding, a 

slender column will undergo a large restraining moment effect at the collapse load 

level. This suggests that the more slender columns tend to have larger restraining 

effect from the reversal of moment. This behaviour is also noted by Gent and Milner 

[6-7]. 
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SUMMARY OF ap;,, VALUES 
UPPER INTERMEDIATE COLUMN (C2) 
Connection type : PDEP (Test 3) 

b=6m 

All beams 
356x171x45UB 
Grade 43A 

Upper columns 
200 x 200 x8 SHS 
Grade 43A 

Lower columns 
200 x 200 x 10 SHS 
Grade 43A 

Beam elements =4 nos 
Column elements =4 nos 

(a). P... BS5950 and P, with w= 30 kN/m 

b 

w= 30 kN/m 
1 (2) [11/ 2 

Storey Pu Ppin Upin 
height SERIFA 8$ 6950 

h 

(m) (kN) (kN) 
2 1659 1650 1 01 
3 1645 1600 1.03 
4 1625 1530 1.06 
5 1610 1430 1.13 
6 1590 1290 1 23 
7 1560 1110 1.41 

c). P, EC3 and P� with w= 30 kN/m 

w= 30 kN/m 
t [21 1 (1)/121 

Storey Psr Ppin apm 

height SERIFA EC3 

h 
(m) (kN) (kN) 
2 1659 1565 1 06 
3 1645 1504 1 09 
4 1625 1427 1.14 
5 1610 1323 1.22 
6 1590 1186 1 34 
7 1560 1024 1.52 

0- Psr 

Frame 2 

w, kN/m 

liii! III III 

C2 e, 

b 

(b). Pp, n BS5950 and Ps, with w= 45 kN/m 
w= 45 kN/m 

1 2 [1]/[2] 

Storey Psr Ppin apin 

height SERIFA BS 6950 
h 

(m) (kN) (kN) 

2 1650 1650 1.00 
3 1635 1600 1.02 
4 1605 1530 1.05 
5 1585 1430 1.11 
6 1560 1290 1.21 
7 1525 1110 1.37 

(d). Pp, EC3 and P� with w= 45 kN/m 
w= 45 kN/m 

t z [1)/ 2j 
Storey Psr Ppin apin 

height SERIFA EC3 

h 

(m) (kN) (kN) 
2 1650 1565 1.05 
3 1635 1504 1.09 
4 1605 1427 1.12 
5 1585 1323 1.20 
6 1560 1186 1.32 
7 1525 1024 1 

. 
49 

Table 6.10 Values of Upin of upper intermediate columns with PDEP connections 



SUMMARY OF ct,,, VALUES 
UPPER INTERMEDIATE COLUMN (C2) 
Connection type : FEP (Test 18) 

b=6m 

All beams 
356x171x45UB 
Grade 43A 

Upper columns 

200x200x8SHS 

Grade 43A 

Lower columns 
200x200x10SHS 
Grade 43A 

Beam elements =4 nos 

Column elements =4 nos 

(a). P,,,, BS5950 and P., with w= 30 kN/m 

D 

w= 30 kN/m 
Ill [21 [111[21 

Storey Pu Ppin tXp, n 

height SERIFA BS 6960 
h 

(m) (kN) kN 

2 1670 1650 1 01 
3 1660 1600 1 04 
4 1642 1530 1 07 
5 1615 1430 1 13 
6 1590 1290 1 23 
7 1560 1110 141 

c). Pp,,, EC3 and P� with w= 30 kN/m 

w= 30 kN/m 
(t 2 (1]/ 2 

Storey Pu Ppln Upn 

height SERIFA EC3 

h 

(m) (kN) (kN) 

2 1670 1565 1.07 
3 1660 1504 1.10 
4 1642 1427 1.15 
5 1615 1323 1 22 
6 1590 1186 1 34 
7 1560 1024 1 52 

C2 e, 

0- Per 

Frame 2 

w kN/m 

II III III 

b 

(b). P, BS5950 and P� with w= 45 kN/m 
w= 45 kN/m 

(1 1 [2) [11/ 2 

Storey Psr Ppin apin 

height SERIFA BS 6960 
h 

(m) (kN) kN 
2 1670 1650 1.01 
3 1656 1600 1.04 
4 1630 1530 1.07 
5 1590 1430 1.11 
6 1548 1290 1.20 
7 1504 1110 1.35 

(d). P�, EC3 and P� with w= 45 kN/m 
w= 45 kN/m 

(1) [2) [11/ [2] 

Storey Psr Ppin apin 

height SERIFA EC7 
h 

(m) (kN) (kN) 
2 1670 1565 1.07 
3 1656 1504 1.10 
4 1630 1427 1.14 
5 1590 1323 1 20 
6 1548 1186 1.31 
7 1504 1024 1.47 

Table 6.1 1 Values of ap,, of upper intermediate columns with FEP connections 



SUMMARY OF ap,,, VALUES 
UPPER INTERMEDIATE COLUMN (C2) 
Connection type : EEP (Test 19) 

b=6m 

Al! beams 
356x171x45UB 
Grade 43A 

Upper columns 

200 x 200 x8 SHS 

Grade 43A 

Lower columns 
200 x 200 x 10 SHS 
Grade 43A 

Beam elements =4 nos 

Column elements =4 nos 

(a). P,,,, BS5950 and P� with w= 30 kN/m 

b 

(w= 30 kN/m 
1] [2) [11/[21 

Storey Psr Ppin apin 

height SERIFA BS 6960 
h 

(m) (kN) (kN) 
2 1675 1650 1 02 
3 1670 1600 1.04 
4 1655 1530 1 08 
5 1640 1430 115 

6 1620 1290 1 26 
7 1590 1110 1.43 

(c). P�, EC3 and P,, with w= 30 kN/m 
w= 30 kN/m 

1 2 1/2 

Storey Pu Pp1n C(pm 

height SERIFA EC3 
h 

(m) (kN) (kN) 
2 1675 1565 1.07 
3 1670 1504 1.11 
4 1655 1427 1 16 
5 1640 1323 1 24 
6 1620 1186 1 37 
7 1590 1024 1.55 

0- Psr 

Frame 2 

w, kN/m 

I 1111111 ii] 

C2 eo r 

b 

Cm 

(b). P,,,, BS5950 and P� with w= 45 kN/m 
w= 45 kN/m 

[t] 2] [t]i[Z] 

Storey Psr Ppin apin 
height SERIFA BS 5950 

h 

(m) (kN) (kN) 
2 1675 1650 1.02 
3 1660 1600 1.04 
4 1645 1530 1.08 
5 1620 1430 1.13 
6 1590 1290 1.23 
7 1550 1110 1.40 

(d). P,,,, EC3 and P� with w= 45 kN/m 
w= 45 kN/m 

(1) 2 [1]/[2 

Storey Psr Ppln apin 

height SERIFA EC3 

h 

(m) (kN) (kN) 
2 1675 1565 1.07 
3 1660 1504 1.10 
4 1645 1427 1.15 
5 1620 1323 1.22 
6 1590 1186 1.34 
7 1550 1024 1.51 

Table 6.12 Values of Upin of upper intermediate columns with EEP connections 



SUMMARY OF up,,, VALUES 
UPPER INTERMEDIATE COLUMN (C2) 
Connection type : RIGID 

b=6m 

All beams 

356 x 171 x 45 UB 
Grade 43A 

Upper columns 

200x200x8SHS 

Grade 43A 

Lower columns 
200 x 200 x 10 SHS 
Grade 43A 

Beam elements =4 nos 
Column elements =4 nos 

a). P�n BS5950 and P� with w= 30 kN/m 

b 

w= 30 kN/m 
(1) 2 [1] /2 

Storey PSI Ppta Ctpin 

height SERIFA BS 6960 
h 

(m) (kN) (kN) 

2 1675 1650 1.02 
3 1670 1600 1.04 

4 1660 1530 1.08 
5 1645 1430 1.15 
6 1625 1290 1.26 
7 1600 1110 1 44 

(c) Pp, EC3 and P, with w= 30 kN/m 

w= 30 kN/m 
1 [2) 1/2 

Storey Psr Ppin apin 

height SERIFA EC3 

h 
(m) (kN) (kN 
2 1675 1565 1.07 
3 1670 1504 1.11 
4 1660 1427 116 
5 1645 1323 1 24 
6 1625 1186 1 37 
7 1600 1024 1 56 

0- Psr 

Frame 2 

w kN/m 

liii 1111111 

C2 e, h 

b 

(b). Pp,. BS5950 and Ps, with w= 45 kN/m 
w= 45 kN/m 

j1 2 (11/121 

Storey Pu Ppin apin 

height SERIFA BS 6960 

h 
(m) (kN) (kN) 
2 1665 1650 1.01 
3 1660 1600 1.04 

4 1645 1530 1.08 
5 1625 1430 1.14 
6 1595 1290 1.24 
7 1560 1110 1.41 

(d). Pp,,, EC3 and P� with w= 45 kN/m 
w= 45 kN/m 

1 2 [11/[21 

Storey Psr Ppin Upin 

height SERIFA EC3 
h 

(m) (kN) (kN 
2 1665 1565 1.06 
3 1660 1504 1.10 
4 1645 1427 1.15 
5 1625 1323 1.23 
6 1595 1186 1.34 
7 1560 1024 1.52 

Table 6.13 Values of ap�n of upper intermediate columns with RIGID connections 



SUMMARY OF aq� VALUES 
INTERMEDIATE COLUMN (C5) 
Connection type : PDEP (Test 3) 

b=6m 

All beams 

356x171x45UB 

Grade 43A 

2nd & 3rd storey columns 

200x200x8SHS 

Grade 43A 

1st storey columns 

200 x 200 x 10 SHS 

Grade 43A 

Beam elements =4 nos 

Column elements =4 nos 

(a). Pp., BS5950 and P� without offset model 
w= 45 kN/m 

l] 2 [1]/ z 

Storey Psr Ppie apin 

height SERIFA BS 5960 
h 

(rn) (kN) (kN 
2 1680 1650 1 02 
3 1675 1600 1 05 
4 1660 1530 1.08 
5 1635 1430 1 14 

6 1595 1290 1 24 
7 1535 1110 138 

C). P,, � EC3 and P� without offset model 
w= 45 kN/m 

111 (2) [1Ji z 
Storey Psr Ppin Cxpin 

height SERIFA EC3 
h 

(m) (kN) (kN) 
2 1680 1565 1 07 
3 1675 1504 1 11 

4 1660 1427 1 16 

5 1635 1323 1.24 
6 1595 1186 1.34 
7 1535 1024 1.50 

Frame 3 

w kN/m 

P- Psr 
i 

w, kN/m 

IIIIIII I] 

A 
h 

4 

IIIIII1 11 

b b 

4 

h 

h 

ý 

(b). Pp, n BS5950 and Ps, with offset model 
w=45 kN/m 

t 2 [11/ [2 

Storey Psr Ppin apin 

height SERIFA 8$ 6960 
h 

(m) (kN) (kN 
2 1660 1650 1.01 
3 1645 1600 1.03 
4 1620 1530 1.06 
5 1585 1430 1.11 
6 1525 1290 1.18 
7 1455 1110 1.31 

(d). P, EC3 and P� with offset model 
w=45 kN/m 

t [2) [1 /2 

Storey Psr Ppin O(pin 

height SERIFA EC3 
h 

(m) (kN) (kN) 
2 1660 1565 1.06 
3 1645 1504 1.09 
4 1620 1427 1.14 
5 1585 1323 1.20 
6 1525 1186 1.29 
7 1455 1024 1.42 

Table 6.14 Values of ap, n of internal columns with PDEP connections 



SUMMARY OF ap., VALUES 
INTERMEDIATE COLUMN (C5) 
Connection type : FEP (Test 18) 

b=6m 

All beams 

356x171x45UB 

Grade 43A 

2nd & 3rd storey columns 
200 x 200 x8 SHS 
Grade 43A 

Frame 3 

P- Psr 

11 
w, kN/m 

III III 11-1 

w, kN/m 

I 1111111 
1st storey columns 
200x200x10SHS 
Grade 43A 

Beam elements =4 nos 
Column elements =4 nos. 

ý 

Lbýbý 
a). P., BS5950 and P, without offset model 

w= 45 kN/m 
Ill (21 [11/ (21 

Storey Psr Ppin apin 

height SERIFA BS 6960 

h 
(m) (kN) (kN) 

2 1675 1650 1.02 
3 1660 1600 1.04 
4 1640 1530 1.07 
5 1610 1430 1.13 
6 1575 1290 1.22 
7 1530 1110 138 

c). P, EC3 and P� without offset model 
w= 45 kN/m 

1 2 1j/ 2j 
Storey PS, Ppin apin 

height SERIFA EC3 
h 

(m) (kN) (kN) 

2 1675 1565 1.07 
3 1660 1504 1.10 
4 1640 1427 1.15 
5 1610 1323 1.22 
6 1575 1186 1.33 
7 1530 1024 1.49 

(b). Pp, n BS5950 and Ps, with offset model 
w= 45 kN/m 

1 [21 [1]/[2] 

Storey Psr Ppin apin 

height SERIFA BS 5960 
h 

(rn) (kN) kN) 
2 1665 1650 1.01 
3 1650 1600 1.03 
4 1621 1530 1.06 
5 1590 1430 1.11 
6 1550 1290 1.20 
7 1495 1110 1.35 

d). P,,,, EC3 and P, with offset model 
w= 45 kN/m 

(11 [2) [t /j2] 

Storey Psr Ppin apin 

height SERIFA EC3 

h 
(m) (kN) (kN) 

2 1665 1565 1.06 
3 1650 1504 1.10 
4 1621 1427 1.14 
5 1590 1323 1.20 
6 1550 1186 1.31 
7 1495 1024 1.46 

A 

h 

h 

h 

ý--- 

Table 6.15 Values of ap,,, of internal columns with FEP connections 



1/29/99 W3P2 14. XLS T19Comb 

SUMMARY OF ap;,, VALUES 
INTERMEDIATE COLUMN (C5) 
Connection type : EEP (Test 19) 

b=6m 

All beams 

356x171x45UB 

Grade 43A 

2nd & 3rd storey columns 

200 x 200 x8 SHS 

Grade 43A 

1st storey columns 
200 x 200 x 10 SHS 
Grade 43A 

Beam elements =4 nos 

Column elements =4 nos 

(a). Pp,, BS 5950 and P� without offset model 
w= 45 kN/m 

[1J [2) [1]/[Z 

Storey Psr Ppin C(pin 

height SERIFA BS 5960 
h 

(m) (kN) (kN) 
2 1675 1650 1.02 
3 1665 1600 1.04 
4 1650 1530 1.08 
5 1625 1430 1,14 
6 1600 1290 1.24 
7 1565 1110 1.41 

c). P,,, EC3 and Ps, without offset model 
w= 45 kN/m 

(1] 2 (1]i 2 

Storey Psr Ppin apin 

height SERIFA EC3 
h 

(m) (kN) (kN) 

2 1675 1565 1.07 
3 1665 1504 1.11 
4 1650 1427 1.16 
5 1625 1323 1.23 
6 1600 1186 1.35 
7 1565 1024 1.53 

Frame 3 

w, kN/m 

I III liii 

b 

w, kN/m 

P- Psr 

11111 III 

b 

14 
h 

14 
h 

h 

(b). P�n BS 5950 and P� with offset model 
w= 45 kN/m 

[t) 2 [t]/[2] 

Storey Psr Ppin apin 

height SERIFA BS 6950 
h 

(m) (kN) (kN) 
2 1675 1650 1.02 
3 1660 1600 1.04 
4 1645 1530 1.07 
5 1620 1430 1.13 
6 1590 1290 1.23 
7 1555 1110 1.40 

(d). PP,, EC3 and P� with offset model 
w= 45 kN/m 

1 2 [1]/ 2] 
Storey Psr Ppin 0-pin 

height SERIFA EC3 
h 

(m) (kN) (kN 
2 1675 1565 1.07 
3 1660 1504 1.10 
4 1645 1427 1.15 
5 1620 1323 1.22 
6 1590 1186 1.34 
7 1555 1024 1.52 

Table 6.16 Values of ap, n of internal columns with EEP connections 



SUMMARY OF ap,,, VALUES 
INTERMEDIATE COLUMN (C5) 

(Connection type : RIGID 

b=6m 

All beams 
356 x 171 x 45 UB 
Grade 43A 

2nd & 3rd storey columns 
200x200x8SHS 
Grade 43A 

1st storey columns 

200 x200x10SHS 
Grade 43A 

Beam elements =4 nos 
Column elements =4 nos 

(a). Pp, n BS 5950 and P� without offset model 
w= 45 kN/m 

Ill (21 (1]1[2] 

Storey PSI Ppin apin 

height SERIFA BS 6960 
h 

(m) (kN) (kN) 
2 1680 1650 1.02 
3 1680 1600 1.05 
4 1665 1530 1.09 
5 1645 1430 1.15 
6 1620 1290 1.26 
7 1585 1110 1.43 

c). Po,. EC3 and P, without offset model 
w= 45 kN/m 

1 2 (1]/ 2] 

Storey Psr Ppin apin 

height SERIFA EC3 

h 

(m) (kN) kN) 

2 1680 1565 1.07 
3 1680 1504 1 12 
4 1665 1427 1.17 
5 1645 1323 1.24 
6 1620 1186 1.37 
7 1585 1024 1 55 

Frame 3 

w, kN/m 

P- Psr 

w, kN/m 

IIIIIIII 

11 
h 

A 

1 11 111111 

b b 

I, 

h 

(b). PP,, BS 5950 and Ps, with offset model 
w= 45 kN/m 

[t] 2 [t]/[2) 

Storey Psr Ppin apin 

height SERIFA BS 5950 
h 

(rn) (kN) (kN) 

2 1680 1650 1.02 
3 1675 1600 1.05 
4 1660 1530 1.08 
5 1640 1430 1.15 
6 1615 1290 1.25 
7 1580 1110 1.42 

(d). P,,,, EC3 and Ps, with offset model 
w= 45 kN/m 

(1] 2 (1]/ 2] 

Storey Psr Ppin -pin 
height SERIFA EC3 

h 
(m) (kN) (kN 
2 1680 1565 1.07 
3 1675 1504 1.11 
4 1660 1427 1.16 
5 1640 1323 1.24 
6 1615 1186 1.36 
7 1580 1024 1.54 

Table 6.17 Values of ap;,, of internal columns with RIGID connections 



Column 
height 

Connection 
type 

P. 

without 
joint offset 

(W) 

pg 

with 
joint offset 

(kN) 

Difference 
in 

percentage 
(%) 

2 PDEP 1680 1660 1.2% 
FEP 1675 1665 0.6% 
EEP 1675 1675 0% 

RIGID 1680 1680 0% 

3 PDEP 1675 1645 1.8% 
FEP 1660 1650 0.6% 
EEP 1665 1660 0.3% 

RIGID 1680 1675 0.3% 

4 PDEP 1660 1620 2.4% 
FEP 1640 1621 1.2% 
EEP 1650 1645 0.3% 

RIGID 1665 1660 0.3% 

5 PDEP 1635 1585 3.1% 
FEP 1610 1590 1.2% 
EEP 1625 1620 0.3% 

RIGID 1645 1640 0.3% 

6 PDEP 1595 1525 4.4% 
FEP 1575 1550 1.6% 
EEP 1600 1590 0.6% 

RIGID 1620 1615 0.3% 

7 PDEP 1535 1455 5.2% 
FEP 1530 1495 2.3% 
EEP 1565 1555 0.6% 

RIGID 1585 1580 0.3% 

Table 6.18 The effect of joint offset to the ultimate strength 
of the columns with beam load of 45 kN/m 
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Figure 6.1 Portal frame model for determining Pp;,, 
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Figure 6.2 Strength curves of pin ended 200 x 200 x8 SHS column 



(2). Intermediate column 
h=5m 

A= 63.9 , eeM.. 
Ppin 

0 
n 

11 
1st yield 

11 

1st yield 

(3). Slender colurm 
h=10m 
x =127.7 
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Section not yielded 
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41 

I 
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(a). Load-deflection responses of short, intermediate and 
slender columns 
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(b). Actual load-deflection response of the short column 
shown in Figure 6.3(a) 
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Figure 6.3 Load-deflection responses of pin ended columns 



P 

where: 
d- mid-height deflection 

d 

P 

d 

Short Intermediate 
column column 

(1) (2) 

Slender 
column 

(3) 

Figure 6.4 Failure modes of pin ended columns 
(1). Squashing failure mode for 'short' column 
(2). Elastic-plastic buckling mode for 'intermediate' column 
(3). Elastic buckling mode for 'slender' column 



CI 
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(a). Frame 1 
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All beoms 356 x 171 x 45 U8 
Steel grade 43A 
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(c). Frame 3 
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All beams 356 x 171 x 45 U8 
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Figure 6.5 Frame geometry and member designation 
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(b). Frame 2 

First storey columns : 200 x 200 x 10 SHS 
Other columns : 200 x 200 x8 SHS 

All beams 356 x 171 x 45 U8 
Steel grade 43A 

Notation: 
8 Beam 

C Column 
J: Connection 
b boy width 
h storey height 
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Figure 6.6 Bilinear material model 
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Figure 6.7 Geometrical imperfection 
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Figure 6.8 Assumed distribution of beam loading 
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(a). Load-deflection response of columns with height of 4m 
using different connection types 
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(b). Moment shedding response of columns with height of 4m 
using different connection types 

Figure 6.9 
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(b). Moment shedding response of columns with height of 7m 
using different connection types 

Figure 6.10 
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Figure 6.12 Idealisation of connection 
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Chapter 7 

Simplified Design of 

Semi-rigid Non-sway Frames 

7.1 Introduction 

The results of investigations carried out in Chapters 5 and 6 indicate that the 

behaviour of inelastic columns at higher load levels can be used as the basis for 

designing beam-columns in a simple manner. The results showed that the frame can 
be rendered as statically determinate due to the phenomenon of moment shedding. 

This leads to a simplified design method known as the avi,, approach. 

In view of the above, the objectives of this chapter are: 

to demonstrate the possible use of the api,, design in the daily design routine 

to extend the current api,, simplified design method for simple, semi-rigid and 

rigid frames with tubular SHS columns 

0 to verify the api,, design method with the experimental results 



to compare the ap;,, design method with the current design methods. 

Included in this chapter is the brief overview of the current simple, semi-rigid and 

rigid design methods based on BS 5950. 

7.2 Current Design Method 

BS 5950 [7-1] allows non-sway frames to be designed in three different methods 

namely; simple, semi-rigid and rigid design methods. Reference [7-2] adopts the 

following terminology to relate the connection types, the design methods and the 

frame construction types: 

pinned connections are used in simple design to produce simple construction 
frames 

semi-rigid connections are used in semi-rigid design to produce semi-continuous 

construction fraines 

rigid connections are used in rigid design to produce continuous construction 

frames. 

In UK practice, the most popular methods of design are the simple design and then 

followed by the rigid design. The simple and rigid design methods are based on the 

assumptions that the connections are perfectly pinned and rigid respectively. 

Although, the assumptions neglect the actual semi-rigid response of the connections, 

the two design methods still be the preferred option for designers. Some of the reasons 

of their popularity with respect to analysis and design are as follows: 

simplicity in the analysis and design in the case of simple design 

availability of elastic rigid programs for analysing rigid frames 

the analysis and design of the simple and rigid frames are not dependent on the 

M-0 characteristics of the connections. 

7-2 



Although, the research on semi-rigid connections has been conducted for more than 

60 years, the implementation of the semi-rigid design is still very limited. Some of the 

many possible reasons of not using semi-rigid design with respect to analysis and 
design are: 

" lack of simplified semi-rigid design methods 

the BS 5950 semi-rigid design method as specified in clause 2.1.2.4(a) [7-1] 

requires sufficient M-0 connection characteristics which must be based on 

experimental evidence or an involved calculation such as using Annex J of EM 

[7-3]. 

Current design rules, irrespective of construction systems, require the use of 
interaction equations which relate a combination of axial load and moments. This is 

due to the fact that the design procedures are formulated based on the response of 
beams and columns as observed at the lower load levels in which axial load and 

moments are present. The interaction equation is normally in the general form of 

P M., 
-MY < 1.0 - P� , M, 

ý 
M�Y 

where 

(7.1) 

P is the axial load 
P" is the axial load capacity 
M, is the bending moment about x-x axis 
M", is the bending moment capacity about x-x axis 
my is the bending moment about y-y axis 
Mý, is the bending moment capacity about y-y axis 

The exact form of Equation (7.1) varies from code to code. In the case of BS 5950, the 

form of the interaction equation is discussed in the following sections. 



7.2.1 Simple Design 

In UK, most of the non-sway multi-storey buildings are built based on the simple 

construction system [7-4]. The popularity is partly attributed to the simplicity of the 

connections which leads to a more economical connection fabrication cost. The 

frames are designed based on the simple design method in which the members can be 

treated individually. 

In this design method, beam members are designed as simply supported with 

perfectly pinned ends and totally neglect the effect of connection restraint although in 

reality, flexible connections such web cleat can possesses some amount of rotational 

stiffness and strength [7-5]. The columns are designed as axially loaded with the 

inclusion of nominal moment due to eccentricity. 

Columns in a simple frame can be designed using the interaction equation as specified 

by clause 4.7.7 BS 5950 [7-1] 

Fc M. 
+ 

My 
<1 

Ag. pc Mbs py. Zy 

where 

Fc 

PC 
Ag 
A 
My 

Mbs 
Zy 

Py 

is the compressive force 
is the compressive strength 
is the gross cross-sectional area 
is the nominal moment about the major axis 
is the nominal moment about the minor axis 
is the buckling resistance moment for simple columns 
is the elastic modulus about the minor axis 
is the design strength 

(7.2) 

The connections which are employed for simple construction frames are normally web 

cleats or partial depth end plates. However in the, past, even FEP connections with a 

significant amount of rotational stiffness and strength have been regarded as pinned 

connections in simple constructions. In fact, FEP connections are the most popular 

and have been used extensively. Recent guidelines from SCI, however, have 

discouraged the use of FEP connections in simple constructions by not including this 

7-4 



connection in the design manual [7-6]. This reflects that FEP connections possess 

significant rotational stiffness and strength which are then more suitable to be 

employed in semi-rigid frames. 

7.2.1.1 Contradictions of the Simple Design Procedures Based on BS 5950 

This section discusses some contradictions that occur in simple design procedures. 
The reason for this discussion is to demonstrate that the contradictions may be 

eliminated if the phenomenon of moment shedding is taken into consideration as the 

basis of the design procedures. 

The procedures of the simple design method based on BS 5950 specifications [7-1] 

that are seen to have some contradictions are listed as follows: 

Clause 2.1.2.2 requires that the connections are assumed to be pinned and hence 

no adverse moment will be transmitted to the column. On the other hand, clause 

4.7.7 of BS 5950, however, requires that the moment due to "partial fixity" to be 

included in addition to the "nominal moments" due to eccentricities. This 

assumption conflicts with the pin model in clause 2.1.2.2. Logically, if the 

connection is modelled as perfectly pinned then the "partial fixity" moment should 

not be present in the column (i. e. only moment due to eccentricity should be 

present). In fact, the requirement of the moment due "partial fixity" is in 

accordance with clause 2.1.2.4 which eventually resulted in the semi-rigid design 

method. 

Another contradiction that appears in simple construction is the treatment of 

loading in the column design. Clause 4.7.7 specifies that it is not necessary to 

consider the effect of pattern loading on columns. The clause adds further that all 
beams may be assumed to be fully loaded. As a result, the internal columns are 

normally designed as axially loaded because the eccentricity moments meeting at 

the joint due to the fully loaded beams are cancelled out (assuming beams of equal 
lengths). However according to Nethercot [7-7], if the eccentricity moment is to be 



included as required in clause 4.7.6 then the effect of an unbalance loading 

arrangement which can induce larger unbalance moment at internal columns as 
shown in Figure 7.1 may need to be considered. 

In view of the above, it is seen that the design procedures of simple construction as 

specified in BS 5950 are mainly of an empirical nature rather than on the actual 
behaviour of the frames. This is supported by Home [7-8] who pointed out that the 

simple design method is based on the contradictory assumptions regarding the 
interaction between beams and columns. 

However the above contradictions may no longer be present if the design procedures 

are based on the response of moment shedding and the inelastic column at the ultimate 
load level. That is, as a result of moment shedding, the acting moment on the column 

can be neglected. Hence, the effect of eccentricity moment and the patterned loading 

can be ignored in the design. As a consequence beam-columns can be designed as 

axially loaded. This also suggests that some assumptions made in the simple design 

are actually based on the response of an inelastic column at the ultimate load level. 

7.2.2 Semi-rigid Design 

BS 5950 provides two alternatives for designing semi-rigid frames [7-11. The first 

alternative, takes account of partial continuity at the joint. The semi-rigid moment 

transferred from the beam to the column is evaluated based on the M-0 characteristics 

of the connections. Thus, sufficient knowledge of the connection M-0 characteristic is 

needed. The second alternative, is by adopting the simple design but in order to 

incorporate the effect of semi-rigid connections, a restraint moment not exceeding 

10% of the free moment is assumed in the simply supported beam model. The column 

is then designed to resist the acting moment transmitted by the connection as well as 

the moment due to connection eccentricity. The basis for the design approach, 

however, is not given. 



The beneficial aspects of semi-rigid design as compared to the simple design is that 

the use of semi-rigid connections reduces the beam midspan moment which 

consequently may lead to lighter and shallower beams. 

7.2.3 Rigid Design 

This design assumes full fixity between the beam and column. The column can be 

designed using a simplified interaction equation as specified in Clause 4.8.3.3 [7-1] 

which is given as follows: 

Fý 
+ mM + mMy <1 

Ag. pc Mb py. Zy 

where 

(7.3) 

F, is the compressive force 

PC is the compressive strength 
Ag is the gross cross-sectional area 

M is the equivalent uniform moment factor 

Mb is the buckling resistance moment for simple columns 
ZY is the elastic modulus about the minor axis 

Py is the design strength 
M, is the applied moment about the major axis x-x 
my is the applied moment about the minor axis y-y 

Although, it is evident that the design of rigid framing can lead to economical beam 

design, the use of these connections in practice is still minimal as compared to simple 

framing. Factors that can contribute to the unpopularity of the rigid system are the 

complexity in connection design and higher cost of connection fabrication which may 

involve extensive welding. The use of the interaction equation in the current design 

method has resulted in heavier columns due to larger bending moments transferred by 

the rigid connections from the beam to the column. This in turn increases the cost of 

columns. 
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Several attempts have been made to popularise rigid construction [7-9], [7-10] . The 

most significant one is the variable stiffness method proposed by Wood [7-9]. This 

method has resulted in lighter beams and columns as opposed to the current BS 5950 

rigid design. However, the rigid connections employed in this system require column 

web stiffeners which again may contribute to the complexity in the design and 
fabrication aspects. The trend is that despite of many attempts to popularise the rigid 

construction many designers still prefer the simple construction types. 

7.3 The Simplified Design Method (The apin Method) 

A simplified design method called the avi, has been developed at the University of 

Sheffield. The main criteria of this design method is that the effect of acting moments 

are taken as being outweighed by the column end restraint and hence the column can 

be designed as axially loaded. Previous studies on the a'. j, method have been related 

to the open section columns [7-11], [7-12], [7-13], [7-14], [7-15], [7-16]. Recently, 

based on this study, the api,, method has been adopted in the scheme design of 

semi-continuous braced frames published by the Steel Construction Institute, UK 

[7-2]. 

The use of the ai,, method is further investigated by the author for possible use in 

frames with tubular SHS columns. The results of the study conducted in Chapters 5 

and 6 indicate that the ap, design method can be used for simple, semi-rigid and 

rigid non-sway frames with the tubular SHS columns. As a consequence, beams can 
be designed as simply supported with a certain value of end restraint moment and 

columns can be designed as axially loaded. 



7.4 Basis of the ap1n Method 

The basis of the proposed apm method is the phenomenon of moment shedding and 

the response of inelastic columns at the ultimate limit state with the beams remaining 

elastic (see Figure 7.2). The phenomenon of moment shedding has been observed in 

the experimental results of both semi-rigid and rigid frames [7-4], [7-17], [7-18], 

[7-19]. The results of the study carried out in chapters 5 and 6 show that when the 

column starts to become inelastic, the column end moment is dramatically shed and 

relaxed to zero. This is followed by the redistribution of moments from the yielded 

column to the neighbouring members. This in turn resulted in a simple configuration 

of internal forces in the frame members. Eventually, the frame members can be 

rendered as statically determinate in which the columns can be treated as axially 

loaded and the beams as simply supported with a certain value of end restraint 

moment. The results show that the eccentricity moments due to beam reactions acting 

at the column face are also subjected to moment shedding and eventually relaxed to 

almost zero. 

As a result of the above phenomenon, the api. design method neglects the moments 

resulted from the eccentric load and that transmitted by the connections. 

In addition, research work on open section columns at the University of Sheffield 

since 1980 [7-12], [7-13], [7-14], [7-15], [7-17] discovered that the effect of column 

end moment can be ignored because the detrimental moment is outweighed by the 

beneficial effect of the connection restraint. 

The idealisation of the frame for the api,, design is discussed as follows: 

Figure 7.3(a) shows a semi-rigid non-sway frame carrying gravity loads. The 

corresponding internal moments in the frame due to working load are shown in 

Figure 7.3(b). 

In order to obtain the response of the inelastic column with the beam remaining 

elastic, a series of incremental loads is applied at the column heads of the top 

storey columns to cause failure of thý lower columns. When the lower columns 
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fail as the ultimate load is reached, the corresponding internal moments of the 

-Trame that can be rendered as statically determinate are shown in Figure 7.3(c). 

At ultimate load, the column is not subjected to the acting moment as the moment 
is already shed to the adjoining members. As a result, the internal moment of the 

column is similar to the moment of axially loaded columns. Consequently, the 
internal moment of the beam which is affected by the failed column is in the form 

of the bending moment of a simply supported beam with end restraints. 

Based on the above, the configuration of moments at ultimate load level is adopted as 
the basis of the api,, design. 

7.5 Verification of the api,, Design Method 

This section discusses the verification of the simplified design method against the 

results of full scale tests. 

First, Table 7.1 shows the comparison of column capacity as predicted by the various 
design methods against the actual capacity of the columns as obtained from the two 

dimensional full scale test. The test frame was a non-sway frame with semi-rigid 

connections [74], [7-21]. The various design methods presented in the table are; 
(i). The simple design based on BS 5950 [7-1]. (ii). Moore & Nethercot design 

method [74]. (iii). The api,, method based on BS 5950. It should be mentioned that 

the first two design methods are formulated based on the behaviour of frames at 

working load and hence, the interaction equations are employed. Whereas, the third 

design method is based on the behaviour of inelastic column at the ultimate load and 

the design is implemented without any interaction equation. As shown in the table, 

Pdesign is the column strength as predicted by the various design methods and Pe,, is 

the actual column strength as obtained from the test. Observation from the table shows 

that the values of Pd,, ign I Pten from the simple design are quite low, i. e. in the range 

of 0.55 to 0.69. This indicates the conservatism of the BS 5950 simple design. On the 
other hand, the values of Pdesign / Pt,, t as obtained from Moore & Nethercot and the 
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api,, design methods are quite close to 1.0, i. e. in the range of 0.67 to 0.89. This 

indicates that both design methods are safe and reasonably give accurate prediction of 

the actual column capacity. 

Secondly, Table 7.2 shows the comparison of the predicted column capacity against 

the actual column capacity as obtained from the three dimensional full scale test. The 

test frame was a non-sway frame with semi-rigid connections [7-14]. The design 

methods presented in the table are; (i). The simple design based on BS 5950. (ii). The 

afl design method as suggested by Lau [7-13]. This design method adopts the a'Pl', 

approach with the effective length factor, K obtained from the chart in Appendix E of 

BS 5950 [7-1]. The beam stiffness which is required in the chart is modified by 

incorporating the slip factor, 8 to take into account the effect of semi-rigid 

connections. (iii). The api,, method. Similarly, as in the previous case, the results of 

P, /P,,, t for the first design method are quite low, i. e. in the range of 0.3 8 to d,, io 
0.61. Again, this indicates the conservatism of the simple design method based on BS 

5950. Whereas, the values of Pd,, io IPI,,, t as obtained from the ap and api,, methods 

are quite close to 1.0, i. e. in the range of 0.75 to 0.86 and 0.64 to 0.9 respectively. 

This indicates that both design methods are safe and reasonably give accurate 

prediction of the actual column capacity. This also implies that the api,, design can 

provide more economical column as compared to the current BS 5950 design method. 

Finally, Table 7.3 shows part of Wood's extract [7-9] on the comparison of the 

predicted column capacity against the actual capacity of the column as obtained from 

the full scale test. The frame was a two dimensional non-sway frame with rigid 

connections [7-22], [7-23]. The design methods presented in the table are; 

(i). Variable stiffness method [7-9]. (ii). BS 449 rigid with the use of interaction 

equation [7-24]. (iii). BS 449 safe load table neglecting all the column end moments. 

The value of Fdmgn / Ft.., is the ratio between the column capacity as predicted by 

the design method and the actual column capacity as obtained from the full-scale test. 

Column 1 of the table shows the values of Fd,, ign I FI,, t as obtained from the Wood's 

variable stiffness design method. In column 2 of the table, BS 449 rigid represents the 

ratio of Fdesign lFtest in which the Fd,, ign is based on the BS 449 design method using 

the interaction equations. The corresponding values of Fdejo / Ft,, t are in the range 
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of 0.19 to 0.99 implying that the design is safe. Another method presented in column 

3 of the table, totally neglect all the bending moments and the column capacity is 

predicted based on the capacity of pin ended columns as obtained from BS 449 Safe 

Load Tables. It can be seen that the values of Fd,,, i, IFt,, t are in the range of 0.58 to 

0.99 indicating that the design is safe and reasonably give accurate prediction of the 

actual column capacities. According to Wood [7-9] there is no foundation for this 

design approach except relying on the concept of moment shedding. 

Based on the three verifications, it can be concluded that the simplified api,, design 

approach is found to be satisfactory when compared with the actual test results. 

7.6 Design for the Ultimate Limit State 

7.6.1 Analysis 

In order to design beams and columns, it is necessary to determine the axial forces and 

moments occurring in the members. Based on the response of the inelastic columns 

with the beams remaining elastic, the beams and columns can be analysed as isolated 

members and consequently can be modelled as follows: 

In the case of columns, the effect of moments transferred by the beams is ignored 

because of the moment shedding phenomenon at ultimate load levels. As a 

consequence, any pattern loading such that shown in Figure 7.1 is not required. 

Hence, the columns can be modelled as axially loaded compression members (see 

Figure 7.4(a)). 

The beams are modelled as simply supported with a certain value of end restraint 

moment at the beam ends. Figure 7.4(b) shows the typical bending moments of 

beams with pinned connections. Similarly, Figure 7.4(c) shows the typical bending 

moments of beams with semi-rigid and rigid connections. The corresponding 

values of end restraint moments at the beam ends are given in section 7.6.3. 
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7.6.2 Methods of Design 
II 

The design of any frame or any of its individual members may be carried out by one of 
the following methods: 

" Simple design. 

" Semi-rigid design. 

4P Rigid design. 

All the design methods mentioned above are associated with various types of 

connections as utilised in the frames. The suitable connections for the above design 

methods, respectively, are: 

" Pinned connections. 

" Semi-rigid connections. 

4, Rigid connections. 

The classification of the connections can be determined based on clause 6.9.6 of the 

EC3 classification [7-3]. The following sections discuss the three design methods for 

designing beams, columns and connections. 

7.6.3 Design of Beams 

The beams are designed as follows: 

Simple design. 

The beams are modelled as simply supported with pin ends. This in turn results in 

zero end restraint moments at the beam ends (see Figure 7.5). 

" Semi-rigid design. 

The beams are modelled as simply supported with a certain percentage of end 

restraint moment to incorporate the effect of semi-rigid connections. The end 

restraint moments of the beams are suggested as follows (see Figure 7.6(a)): 

5% of Mp at the external ends of external beams. 

10% of Mp at all internal beam ends. 
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It should be mentioned that the above values of end restraint moments at the beam 

ends are obtained based on the results of the parametric studies conducted in 

chapter 5 (see section 5.7) and chapter 6 (see section 6.8). 

In order to simplify the analysis, the end restraint moments at both ends of the 

external beams are taken as 5% of Mp of the external beams (see Figure 7.6(b)). 

This will result in a conservative design of the external beams. Whereas, the end 

restraint moments at both ends of the internal beams are taken as 10% of M of 'P 
the internal beams (see Figure 7.6(c)). 

Once the beams have been designed as above, the connections at the external 
beam ends and at the internal beam ends located at supports B and C (see Figure 

7.6(a)), should then be designed for moment which is equal to 10% of MP of the 

external beam or 10% of Mp of the internal beam, whichever is the larger. This is 

to ensure equilibrium of moments at supports B and C. Furthermore, by choosing 

the larger end moment, the beam midspan moment of either the external or 
internal beam will not be increased. Hence, all the beams that have been designed 

previously are still safe. 

Rigid design 

The beams are modelled as simply supported with a certain percentage of end 

restraint moment to incorporate the effect of rigid connections. The end restraint 

moments of the beams are suggested as follows (see Figure 7.6(a)): 

(i). 5% of Mp at the external ends of external beams. 

(ii). 10% of Mp at all internal beam ends. 

Similarly, the above values of end restraint moments at the beam ends are 

obtained based on results of the parametric studies conducted in Chapter 5 (see 

section 5.7) and chapter 6 (see section 6.8). 

In order to simplify the analysis, the end restraint moments at both ends of the 

external beams are taken as 5% of Mp of the external beams (see Figure 7.6(b)). 

Again, the simplification will result in a conservative design of the external 
beams. Whereas, the end restraint moments at both ends of the internal beams are 

taken as 10% of Mp of the internal beams (see Figure 7.6(c)). 
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Similarly, the connections at supports B and C (see Figure 7.6(a)) should be 

designed for 10% of Mp as explained in semi-rigid design. 

7.6.4 Design of Columns 

The columns are designed as follows: 

* Simple, semi-rigid and rigid design. 

Basically, the procedures of column design are similar for all the three design 

types namely simple, semi-rigid and rigid design. The only difference is the value 

of effective length of the column which depends on the degree of the connection 

restraint. 

In term of design process, the advantage of this method is that the use of 
interaction equation is no longer employed. This is possible due to the fact that at 

ultimate load levels, the acting moments transferred by the connections as well as 

the eccentricity moments are ignored as a result of moment shedding phenomenon. 

Consequently, as the acting moments on the columns are ignored than any 

arrangement of pattern loadings which can induced severe unbalanced moment is 

not required. The most severe loading condition is due to axial loads only and can 

be obtained by assuming all beams to be fully loaded at all levels. Thus, the 

procedures of designing beam-columns follow the procedures of designing axially 

loaded compression members as specified in BS 5950 [7-1], EC3 [7-3] or BS 449 

[7-24]. 

in order to include the beneficial effect of the connection restraints at the column 

ends, the reduced effective length of the column (see section 7.6.4.1) is used. 
Figure 7.7(a) shows the beam-column: model at the ultimate load level with the 

restraining moment. The equivalent solution of the beam-column with the reduced 

effective length is also shown (see Figures 7.7(b) and 7.7(c)). 



The strength of beam-column with length L is evaluated as equal to the strength of pin 

ended column with the effective length KL. Eventually, the beam-column can be 

designed as a pin ended if the effective length factor K is known. It should be 

mentioned that, the definition of the column effective length has been discussed in 

section 6.6.1.1. 

7.6.4.1 Column effective length factor, K 

The effective length or the buckling length of a restrained column is dependent on the 

stiffness of the connections. However results of column failure loads presented in 

Chapter 6 shows that a moderate increase in the connection stiffness, e. g. from PDEP 

to FEP connections, does not increase the column failure load significantly. This 

suggest that the column buckling length is not largely affected by the moderate change 

in the connection restraint. In view of this, it is reasonably justified to use the 

simplified form of effective length as presented in Tables 7.4 and 7.5. 

The effective length factor can be conservatively taken as unity [7-12]. In this study, 

the effective length factor of unity is taken for the following cases: 

(i). The upper edge external columns (see Table 7.4(a)). 

(ii). The lower external columns (see Tables 7.5(a), 7.5(b) and 7.5(c)). 

The suggested effective length factors as shown in the tables which maintain the 

simplicity are almost identical to Table 24 of BS 5950 [7-1] and Table 5 of IStructE 

manual [7-25]. The suggested effective lengths can be used for the api" design based 

on BS 5950 [7-1] and EC3 [7-3]. The research results from Chapters 5 and 6 show 

that even less stiff connections such as PDEP connections can provide significant 

restraint to the column ends. Hence, it is acceptable to use these tables in designing 

beam-columns with connections that are categorised as pinned. However, these tables 

if used for columns with rigid connections can result in a more conservative design. 

Based on the recommended effective length factors, the column design is not 
dependent on the relative stiffness of the connections, beams and columns. This is in 
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contrast with the more rigorous design practice such as clause 4.7.2 in Appendix E of 
BS 5950 [7-1] and the method suggested by Bjorhovde [7-26], which requires the 
information of connection M-0 curves and the relative stiffnesses of the connected 
members. 

Basically, the main criteria of this simplified method is simplicity which can favour 
designers for their routine design work. Tberefore, no attempt is made to evaluate the 

accurate effective lengths. 

7.6.4.2 Design of Column Based on BS 5950 

The procedures of the api,, column design method based on BS 5950 follow the rules 

specified in clause 4.7.4 [7-1]. The formula of the axial compression resistance is 

given as follows: 

P51 
Pc 

where 

P is the external axial load 

P, is the column capacity 

(7.4) 

and Pp = Ag. pc (7.5) 

where 

Ag is the cross sectional area 

p,, is the compressive strength 

The value of compressive strength, p, depends on the column slenderness, A= KUr 

and design strength, py - 
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7.6.4.3 Designed of Column Based on EC3 

The procedures of the api,, column design method based on EC3 follow the rules 

specified in clause 5.5 [7-3]. The formula of the axial compression resistance is given 

as follows: 

N 
<1 Nb, Rd 

where 

N is the external axial load 

Nb, Rd is the buckling resistance 

(7.6) 

and Nb, na = X., 8A. A. fl yml (7.7) 

where 

X 

QA 
}'ml 

A 
f 

is the reduction factor for the relevant buckling mode 

= 1.0 for class I section 
= 1.05 
is the gross sectional area of the column 
is the yield strength 

In order to avoid local buckling, the cross section of the columns must be of plastic 

section classification. 

7.7 Design for Serviceability Limit State 

In this study, the procedures of design for serviceability limit state is suggested as 

follows: 

Assume the beam as simply supported with pinned connections as suggested by 

Anderson and Tahir [7-27]. According to them, serviceability calculations can be 

simplified by retaining the assumption of pinned connections without sacrificing 

economy. If, however, this design check is not satisfactory then continue to step 2. 
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2. Incorporate the actual semi-rigid connections and use the serviceability design 

check as suggested by Gibbons et al. using Equation (7.8). This method, however, 

requires the information of connection stiffness which can be obtained from the 

connection M-0 curves. 

The actual deflection of beams with semi-rigid connections as suggested by Gibbons 

et al. [7-28] can be determined as follows: 

Ssr = Brigid + (1-p) (Spin - Brigid) (7.8) 

where 5, , Jpi,, and 4igid are beam midspan deflections with semi-rigid, pin and rigid 

connections respectively. 

The dimensionless factorp is defined as 

.__ 
Msr 

where 

Msr 
Mrigid 

P= 0.0 

, u=1.0 

Mrlgld 

is the semi-rigid moment 
is the rigid moment 
when X. =0 
when M, = M,. igid 

(7.9) 

The semi-rigid moment, M, can be determined by using the graphical method known 

as the beam line method [7-29]. An alternative is to evaluate M, based on the 

following equation: 

Msr 

where 

ý- 

Mr+gid 
=1+ Mrrgui 

Y'Pill "C! 

(7.10) 

Opj" is the end rotation of simply supported beam 
Ci is the initial tangent stiffness of the M-0 curve 



The values of Jpj,, , 
grigid and Mrigid that are required for Equations (7.9) and (7.10) 

can be determined by using the elastic computer program. 

The author believes that it is possible to simplify further Equation (7.8) by using a 

suitable value of p that is expected to occur in real frame. For example, a limited 

study by Lau [7-13] on frames using FEP connections (with 12mm end plates) shows 

that the minimum value of a for the semi-rigid connections considered is seen to be 

in the vicinity of 0.3. Therefore, based on this result, it may be suggested that the 

conservative value of degree of fixityu may be taken as equal to 0.3 and consequently 

Equation (7.8) can be simplified further. However, a more extensive study is needed 

to find a more reliable value of the minimumu. 

7.8 Design of Connections 

In order to achieve the values of inelastic end restraint moments at beam ends as 

specified in section 7.6.3, the connections must satisfy the following criteria: 

" Simple design. 

The connections must be in the category of pinned connections with the moment 

capacity less than 0.25Mp of the connected beams. Normally, PDEP connections 
fall into this category. 

" Semi-rigid design. 

The connections must be in the category of semi-rigid connections and must have 

a minimum strength capacity of 0.25Mp of the connected beams. Normally, FEP 

and EEP connections fall in this category. However the use of FEP connections is 

suggested because of their wide acceptance in practice and they are less complex 
in terms of fabrication. 



" Rigid design. 

The connections must be in the category of rigid connections. 

The connections are classified into the three main categories namely pin, semi-rigid 

and rigid connections in accordance to section 6.9.6 of EC3 [7-3]. The design of the 

connections follows the BS 5950 code as specified in section 2.1.2.4 of paragraph (6) 

[7-1]. This clause states that 'the beam-to-column connections are designed to 

transmit the appropriate restraint moment, in addition to the end reactions assuming 

the beams are simply supported'. 

7.9 Discussions 

This section discusses the results of designs as determined by the ap', and other 

various methods. The calculations of all the related design examples are given in 

reference [7-3 11 

7.9.1 Comparison of the Current EC3 and the api,, Design Methods 

for Simple Frames 

Table 7.6(a) shows the results of simple design of the ECCS frame [7-30] with 

5.4 kN/m beam load. In comparing the design results between the current EC3 simple 

design and the api,, design methods, it is seen that both methods give similar sizes for 

beams and columns. 

It should be mentioned that in the ECCS example, the design of the columns was 

carried out without the inclusion of eccentricity moments. The effective length factors 

of the internal and external columns were taken as unity and the connections were 

assumed as nominally pinned. In the case of api,, design, the effective length factors 

for the external and internal columns were taken as 1.0 and 0.85 respectively. The 

eccentricity moment is not included in any column due to the moment shedding 
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phenomenon. The calculations of the api,, design method are given in example I of 

reference [7-3 1 ]. 

7.9.2 Comparison of the Current EC3 and the api,, Design Methods 

for Semi-rigid Frames 

Table 7.6(b) shows the results of semi-rigid design of the ECCS with 54 kN/m beam 
load. In comParing the design results between the current EC3 semi-rigid design and 
the api, design methods, it is seen that both design methods give similar sizes of 

columns but not the beams. 

The size of beams as designed by the ai,, is seen to be larger then the size of beams 

as obtained from the EC3 method. This is resulted from the smaller values of end 

restraint moments as employed in the avi,, design, i. e. 0.05Mp and OJOMp of the 

connected beams for the external and internal beams respectively, as compared to the 

ECCS design example which employed beam end restraints up to 0.26Mp of the 

connected beams. This results in the api,, approach having larger span moments and 
hence larger beams. The design calculations are given in example 2 of reference 
[7-311. 

7.9.3 Comparison of the Current BS 5950 and the api,, Design 

Methods for Simple Frames 

Table 7.7(a) shows the results of simple design of the ECCS frame with 60 Min 

beam load. The table shows the design results of the current BS 5950, the api" with 

open section columns and the api,, with SHS columns. 

The results show that the avi,, design with open section columns gives smaller external 

columns as compared to the current BS 5950 simple design. It is also observed that 

V,. the api,, design with SHS columns provides smaller columns as compared to the a 
design with open section columns. 
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On the other hand, both the current BS 5950 and api,, design methods give similar 

sizes of beams. This is as to be expected because in both design methods, the beams 

are designed as simply supported with zero end restraint moments. 

The design calculations are given in example 3 of reference [7-3 1 ]. 

7.9.4 Comparison of the Current BS 5950 Method and the apl,, 

Design Method for Semi-rigid Frames 

Table 7.7(b) shows the results of semi-rigid design of the ECCS frame with 60 kN/m 

beam load. The table shows the comparison of beam and column sizes as designed by 

the current BS 5950 semi-rigid design method, the api,, with open section columns 

and the api, with SHS columns. 

It. can be seen that the api,, design method gives smaller external columns as 

compared to the current design method. The use of SHS columns reduces the column 

weight quite significantly. 

It is also seen that the beam sizes designed by BS 5950 and the ap. are identical. The 

BS 5950 design employs the values of end restraint moment of O. IOMf,. ee where Mft,,, 

is the maximum midspan moment of a simply supported beam. However, the ai,, 

method employs 0.05Mp and OJOMp of the end restraint moments at the external and 
internal beam ends respectively. For this type of frame example, it is seen that there is 

no significant difference in the values of end restraint moments as calculated by the 

BS 5950 design and the api,, method, resulting in the similar beam sizes. The 

calculations of semi-rigid design are given in example 4 of reference [7-3 1 ]. 



7.9.5 Comparison of the Variable Stiffness and the api,, Design 

Methods for Rigid Frames 

Table 7.8 shows the results of rigid design as obtained from the Wood's variable 

stiffness method and the api,, design. The api,, design is implemented based on the 

effective length factors suggested by the BS 449 specifications [7-24]. 

The reason of using the BS 449 effective length factors is to demonstrate that the use 

of these effective lengths can give similar results to that the Wood's variable stiffness 

method. If, however, the proposed effective lengths presented in Tables 7.4 and 7.5 of 
this thesis are employed, more conservative column sections will be obtained. 

As can be seen from the table, the api, and Wood's variable stiffness methods give 
identical size of columns except in one case where the api,, gives a slightly larger 

column than the Wood's variable stiffness method, i. e. 152 x 152 x 37 UC as opposed 

to 152 x 152 x 30 UC. 

The identical results of the column sizes between the Wood's variable stiffness and 

the a,, i,, methods may be because of the following similarities: 

both design methods are formulated based on the phenomenon of stiffness loss 

and moment shedding 

both design methods are based on the response of inelastic column at ultimate load 

levels. 

The design calculations of the ai,, method are given in example 5 of reference [7-3 1 ]. 



7.9.6 Benefits of the api,,, Design Method 

The benefits of the api,, design method as compared to the current simple design of 

BS 5950 are as follows: 

9 external and internal columns are designed as axially loaded 

beams are designed as simply supported with 0.05Mp and O. IOMp of end restraint 

moments for external and internal beams respectively 

" lighter or smaller external columns 

" lighter or shallower beams. 

Finally, Table 7.9 shows the coMParison of column design at working load (lower 

load) and ultimate load levels. 

As can be seen from the table, the design of column at working load levels requires 

the use of interaction equations and the sufficient knowledge of the connection M-ý 

characteristics. One of the criteria of this design is that the stiffer the connections, the 

larger is the acting moment at the column. This in turn resulted in larger or heavier 

columns, whereas, the design of columns at ultimate load levels is not subjected to 

acting moment and not dependent on the connection M-ý characteristics. As the 

column is designed solely due to axial load and not dependent on the acting moment 

then the use of pin, semi-rigid and rigid connections will result in similar size of 

columns (subjected that similar column effective lengths are adopted for columns with 

pin, semi-rigid and rigid connections). In relation to this, Figure 7.8 shows that with 

the avi,, design, the same column size can be used for either simple, semi-rigid or rigid 

frames. 



7.10 Limitations of the Simplified Design method 

Based on the limited studies carried out in this thesis, the author suggests that the 

simplified design method presented in this thesis is limited to low rise multi-storey 
frames of up to six storeys. Further investigation is needed to study the applicability of 
the method for portal frames particularly in the aspects of redistribution of moments 
and the values of end restraint moment at the ultimate load levels. 

7.11 Conclusions 

The api,, method offers a straightforward simplified design approach which is based 

on the true behaviour of elastic-plastic column at ultimate load levels. As a result of 
the moment shedding phenomenon, the non-sway frames can be rendered as statically 
determinate. The beams can be designed as simply supported with a certain value of 

end restraint moments and the columns can be designed as axially loaded. 

The configuration of internal forces at ultimate load levels in the members can be 

simplified as being independent of the relative stiffness of the connected members. In 

other words, a knowledge of stiffnesses of the beams, columns and connections are 

not required in the design for strength of the beams and columns. Consequently, the 

M-0 characteristics of the connections are also not essential. The stiffnesses of the 

connections and beams, however, may be required for the serviceability checks if the 

beam distorts more than is permissible assuming pinned ends. 

At the ultimate load levels, the columns are not affected by the beam moments and 
hence consideration of pattern loading is not required. 

The significant advantage of this design method is that the design calculations for 

beams and columns are simplified dramatically. The design method eliminates the 
interaction equations as normally used in the current design methods. More 

interestingly, the api,, design method can be used to design simple, semi-rigid and 

rigid frames. 
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Further conclusions based on the limited design examples discussed in this chapter 

are: 

1. More economical external columns can be obtained with the use of qp,,, design. 

2. In the api,, method, the beam-column is designed as being dependent on axial load 

only and is not affected by the beam moment. As a result, the use of pinned, 

semi-rigid and rigid connections produces the same size of columns. 

3. In the api,, design method, increasing the connection restraint at the beam ends 
does not produce heavier columns as occurs in the current design method. 

4. The increased in the degree of connection restraint increases the beam end 

restraint and reduces the beam midspan moment. As a result, lighter or shallower 
beams are sufficient to resist the smaller midspan moment. This in turn produces 

more economical beams. 

5. It is seen that in most of the cases considered, the size of columns designed by the 

api, and the variable stiffness methods are almost identical. This similarity occurs 

may be due to the fact that both design methods are formulated based on the 

phenomenon of stiffness loss and moment shedding but the api" method is more 

straightforward in its application. 
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Elevation 

L4 954m 4.954m 

L-- Plan 

**Test frame 4 
Column size : 152 x 152 (d, 23 UC 
Bearn size : 254 x 102 ýý, 22 UB 
Connection : Flange cleat 

Column 

External AD 
DG 
GJ 

internal BE 
EH 
HK 

External AD 
DG 
GJ 

Internal BE 
EH 
HK 

Column 
capacit) 

predicted by 
BS 5950 simple 

construction 

Pdesien 

(kN) 
275 
334 
406 
361 
361 
478 

PdesignIPtest 

0.55 
0.61 
0.65 
0.69 
0.59 
0.59 

Column 
capacity 

predicted by 
Moore & 
Nethercot 

design method 
[7-4] 

Pdcsiizn 
(kN) 
335 
437 
450 
522 
512 
638 

PdeslgnIPtest 

0.67 
0.8 

0.72 
1.0 

0.83 
0.78 

Column capacity 
predicted by the 
proposed a,,,,, 

method* 

Pdcsii4n 
Le (kN) 

I. OL 
I. OL 
L OL 

0.85L 
0.85L 
0.85L 

384 
384 
384 
463 
463 
463 

Pdesignl 

Ptest 

0.76 
0.7 

0.61 
0.89 
0.75 
0.57 

* Based on BS 5950, Table 27(c) - rolled I-section in y-y axis buckling [7-11. 

Actual column 
capacity with 

the presence of' 
beam loads 

obtained from 
full scale test** 

[7-41 

Pt ýs1 
(kN) 
502 
546 
627 
521 
616 
813 

Table 7.1 Comparison of column capacity as predicted by the various 
design methods against the actual column capacity obtained 
from the full scale test : Frame 4/mInor axis [7-4], 17-2 11 



C4 C5 

3 
1 Nm 

°7T� 

I-A 

IIIII 

C6 

ý 

ýý 

Column 
capacity 

predicted by 
(xD approach 

[7-13] 

3 nm 

Column 

intemal C5/0-1 
C5/1-2 
C6/0-1 

Intemal C5/0-1 
C5/1-2 
C6/0-1 

77M 77) " 

14 953m 
-i 

Column 
capacity 

predicted by 
BS 5950 simple 

construction 

(kN) 
294 
406 
353 

PdesignIPte. 
gt 

0.38 
0.61 
0.49 

0.75 
0.86 
0.76 

Column capacity 
predicted by the 
proposed a,,,,, 
method* 

I dcsimn 

Le 
_(kN) 0.85L 

0.85L 
0.85L 

Based on BS 5950, Table 27(c) - rolled I-section in y-y axis 
buckling [7-1 ]. 

ý+ý 
Plan 

3 0111 

Elevation 

Test frame FI 
Column size : 152 x 152 (ýt) 23 UC 
Beam size: 254 x 102 Oa 22 UB 

4 9S3ni 

Pdesikn 
(kN)_ 

587 
569 
545 

Pdesign/Ptest 

702 
463 
463 

Pdcsignl 

PICS1 
0.9 
0.7 

0.64 

Actual column 
capacity with 

the presence of 
beam loads 

obtained from 
Gibbon's full 

scale test 
17-141 

111ý11 
(kN) 
781 
662 
719 

Table 7.2 Comparison of column capacity predicted by the various 
design methods against the actual column capacity obtained 
from the full scale test : Frame Fl/minor axis [7-14] 



A 

OSXIi 

s 191 

77-m 

Al 

-1 
4 191 in 77M 4 19 hi, 

B3 

i 

Fl-at. on 

Illm 

Column code 

I'll 

CI 

Test frame 2 
Connection type : RIGID 
References [7-221, [7-231 

[11 
Variable 
stiffness 
method 

Values of Fd,, i /F,,,, 

Test frame 2: 
C3 (int) 
C3 (top) 
B2 (bot) 
AI (top) 
C2 (bot) 
B3 (int) 
CI (top) 
CI (int) 

B1 (bot) 
A2 (bot) 
A1 (bot) 
C1 (bot) 
B3 (bot) 

(kN) 

0.79 
0.83 
1.0 

0.93 
0.97 
0.83 
1.05 
1.02 

1.12 
0.84 
1.04 
0.8 
0.97 

(kN) 

0.59 
0.61 
0.59 
0.52 
0.44 
0.19 
0.99 
0.99 

0.87 
0.47 
0.43 
0.38 
0.49 

[31 
13S 449 safe 
load table 

(all column end 
moments are 

ignored) 

(kN) 

0.78 
0.81 
0.93 
0.98 
0.71 
0.94 
0.99 
0.99 

0.99 
0.58 
0.8 
0.58 
0.72 

Notation: 
Fdesign is the prediction of column load capacity by various design methods 
Ft, is the collapse load of the column as obtained from test frame 2 
top = top storey, int = intermediate storey, bot = bottom storey 

[21 
BS 449 rigid 
(interaction 
equation) 

Table 7.3 Part of Wood's comparison of Fd,,, g,, 1, U,,,, 17-9] 



Column type Condition of 
restraint at ends length, L, 

(a). External column 
both ends semi-rigid 1. W, 

M 

(a). 

(b). Internal column 0.85L 
both ends semi-rigid 

P 
P 

mm AP 1.1ý299_4 

(b) 

Table 7.4 Proposed effective length of beam-columns for a.... design 
based on BS 5950 [7-11 or EC3 [7-3] : Intermediate 
beam-columns 



Column type Condition of 
restraint at ends 

I. Alectivc 
length, L'. 

P External column 

-rigid (a). One end semi 1. OL 
M 

and the other end 
L pinned 

/75ý17 

(a). 

P 

M (b). One end semi-rigid 1. A 
and the other end 
semi-rigid 

A- 
Partial restraint 
at base 

(b). 

P 

M (c). One end semi-rigid 1. A 

L and the other end 
rigid 

7hr 

(C) 

Table 7.5 Proposed effective length of beam-columns for api, design 
based on BS 5950 [7-1 ] or EC3 [7-3] : Beam-column connected 
to base (continue) 



54 kN/m 

Member 

-Ex-tern-alcolumn 

Internal column 

Exemal beams 
Intemal beams 

54 kN/m 

i 

M 

ECCS frame with 54 kN/m beam load 

(a). SIMPLE FRAME 
FC3 traditional 
method 

HEA 160 
HEA 180 

a,,,,, inethod*** 

HEA 160 
HEA 180 

IPE 330 
IPE 330 

IPE 330 
IPE 330 

Ob. SEMI-RIGID FRAME 
EC3 traditional 
method 

HEA 160 
HEA 180 

et,, _ method*** 

HEA 160 
HEA 180 

IPE 300* 
IPE 300* 

IPE 330** 
IPE 330** 

Note Beam design is based on 26% of free moment of end restraint at beam ends. 
Beam design is based on 5% and 10% AI,, of end restraints for external and 
internal beam ends respectively. 
Based on EC3 [7-3]. 

Table 7.6 Comparison of member sizes in simple and semi-rigid 
frames as designed by EC3 [7-3] and a,,,,, methods 



60 kNAn 

60 kN/m 
E11: 11= 

4. 

ECCS frarne with 60 kN/m bearn load s 

Member (a). SIMPLE FRAME 
BS 5950 current a,,,,, method with 13S 5950 a,,,,, method 

method with open open section with SI IS column* 
section column column* 

External column 152 x 152 UC 3)7 152 x 152 UC 23 120 x 120 x 6.3 SHS 
Internal column 152 x 152 UC 37 152 x 152 UC 37 150 x 150 x 6.3 SHS 

Exernal beams 356 x 171 UB 45 356 x 171 UB 45 356 x 171 UB 45 
Internal beams 356 x 171 UB 45 356 x 171 UB 45 

1 

356 x 171 UB 45 

Member (b). SEMI-RIGID FRAME 
BS 5950 current method with a, method 

method ýkitli open open section with SIIS column* 
section Column column* 

Exte -nal column 152 x 152 UC 37 152 x 152 UC 233 120 x 120 x 6.3 Sl IS 
Internal column 152 x 152 UC 37 152 x 152 UC 37 150 x 150 x 6.3 S1 IS 

Exernal beams 356 x 127 UB 39 356 x 127 UB 39 356 x 127 UB 39 
Internal beams 356 x 127 UB 39 , 356 x 127 UB 39 1 356 x 127_LJB '9 
* Based on BS 5950 column strength [7-11 

Table 7.7 Comparison of member sizes in simple and semi-rigid fraines 
as designed by BS 5950 [7-1 ] and a,... methods 



Floor-load diagram [7-91 

Member 

Internal column, E 

Comer column C(') 

Comer column C(2) 

Edge column E() 
T 

Wood's variable 
stiffness method 

RIGID FRAME 
a,,,,, method with 

open section column* 
203 x 203 UC 52 
152 x 152 UC 23 
152 x 152 UC 37 
152 x 152 UC 37 

203 x 203 UC 52 
152 x 152 UC 23 
152 x 152 UC 37 
152 x 152 UC 30 

1) Assume column C is a corner column. 
Assume column C is a corner column. The base is rigid base and the column length 
is 5.5m. 

(3) Assume column E is an edge column with rigid base. The column orientation is 
changed to buckle in minor axis and the column length is 4m. 
Based on BS 449[7-24]. 

Table 7.8 Comparison of column sizes in rigid frame as designed by 
Wood's variable stiffness and qw, methods 



Design at lower load level 
Elastic design 

Design at ultimate load level 
Inelastic design 

Columns are designed using As a result ofnionient shedding, the 
interaction equation to consider the acting moment is no longer 

effect of axial load and moment. detrimental to the column. Hence, 
columns can be designed as axially 
loaded. 

" Sufficient knowledge of connection 0 Connection A4-0 curve is not 
A4-0 is required in order to determine required. 
the semi-rigid moment acting on the 

column. 

" Moments due to connection continuity 0 Moments due to connection 

and connection eccentricity are continuity and connection 

considered in the column design. eccentricity are neglected in the 
column design. 

" The use of stiff connections induce 0 The use of pin, semi-rigid and rigid 
large moment to the column. This in connections results in similar 
turn results in larger or heavier column sizes. This is due to the fact 

columns. that the columns are designed as 
not dependent on the acting 
moment. This in turn results in 
smaller or lighter columns. 

Table 7.9 Comparison of elastic and inelastic column design 



Figure 7.1 Pattern of loading to induce large moment 
at internal column in simple construction [7-7] 

Elost; c bearn 

EIOSUC beorn 

------------------ 

Inelastic column 

�IIi 

Figure 7.2 Frame design with elastic beam 

and inelastic column 



(a). Semi-rigid frome under 
working gravity load 

Notes: 

1. The foiled column. Cf 
is used os the model 
for column design 

2. The beom Bf affected by 
the failed column is 
used as the model for 
beom design 

Reduction of beom 
end restroont moment 
due to inelostic column 

(b). Internal moment at working load 
(lower load level) 

(c). internal moment at ultimate load 
(higher load level) 

Figure 7.3 Idealisotion of non-sway semi-rigid frome 
for the olpho-pin design method 
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(a). Column axial loads 
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(b). Beom bending moment for simple frome 

(c). Beam bending moment for semi-rigid and rigid fromes 

Figure 7.4 Analysis Of frames 
for the alpha-pin approach 
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(a). 

A External beorn Internal beam Externol beorn 

Figure 7.5 Zero end restraint moment for beams 
with pinned connections 

0.05Mp 
0.1 Omp 

A., 
External beam Al \ Internal beam 

Simplified moment 

0.05M 0.05mp 
KP External beam 

O. Iomp 

Simplified moment 

0.10ký 

B 

Internol beom 

D 

0.05Mp 

0.10ký 

C 

(b). Simplified end restroint moments (c). End restroint moments 
for externol beom for internot beom 

Figure 7.6 Values of end restraint moments for beams with 
semi-rigid and rigid connections 

Axial food 

I 

Axial load 

I 

t 
(a). 
Bearn-column modelled 
cs oxially looded 

(b). 

Equivclent pin ended 
column with reduced 
effective length. KL 

(c). 
Bending moment of 
beam-column in the form 
of axially loaded case 

Figure 7.7 Design model of semi-rigidly 
restrained beam-column at ultimate load level 



,,,,, 
-PDEP connection 

Similar column size 

(a). Simple frame (b). Semi-rigid frame 

Figure 7.8 The same column size can be employed for different 
frame systems with the api,, design method 



Chapter 8 

Conclusions and Recommendations 

8., 1 Summary of Work 

This thesis has reported the findings of an analytical research investigation related to 

the behaviour of multi-storey semi-rigid non-sway frames with SHS columns. The 

frames utilised flowdrill connections to join the open section beams to the SHS 

columns. The analytical studies have been conducted by exploiting the M-0 curves 

obtained from the experimental joint tests conducted by France [8-1]. Accordingly, 

this section discusses the summary of research work that has been carried out. 

In the early part of the thesis, the review of previous work in Chapter 2 described the 

experimental aspects of beam-columns at ultimate load levels. Research results show 

that the strength of beam-columns with end restraints are normally in excess of that 

predicted by the current design methods suggested by the BS 449 [8-2] and BS 5950 

[8-31 codes. The high axial column load capacity is believed to be associated with the 

phenomenon of moment shedding. The review shows that there is a room for 

improvement in the design of restrained beam-columns. In view of this, it is justified 

to investigate further the behaviour of non-sway frames and aspects that contribute to 

the high ultimate strength of the beam-columns. 



In order to investigate the behaviour of the frames, the finite element program 

discussed in Chapter 3 has been employed. The program existing at the 

commencement of this study has been modified to work with frames with SHS 

columns. The program can cater for the gradual spread of yield and hence the response 

of frames beyond yielding can be investigated. The program also includes the 

modelling of the initial geometric imperfection by incorporating the co-ordinates of 

the deformed shape of the columns. The program has been validated against the test 

results in both non-sway and sway modes. Overall, the program can reasonably predict 

the real behaviour of non-sway and sway frames as demonstrated in Chapter 4. 

Therefore, the program can be regarded as acceptable for analysing semi-rigid 

non-sway and sway frames. 

The analytical studies conducted in Chapter 5 have contributed to a better 

understanding of the behaviour of inelastic columns, particularly the development of 

moment shedding and the redistribution of moments at the ultimate load levels. It is 

seen that, as a result of the redistribution of moment, the beams and columns can be 

treated as isolated members. The beams can be designed as simply supported with a 

certain degree of end restraint moment to incorporate the effects of semi-rigid 

connections and the beam-columns as axially loaded. 

Knowing that a restrained beam-column can be treated as an axially loaded 

compression member, more extensive parametric studies have been carried out in 

Chapter. 6 to investigate the ultimate strength of beam-columns with end restraints. 

Direct comparisons are made between the strength of restrained bearn-columns against 

the strength of axially loaded pin ended columns based on the BS 5950 [8-3] and EC3 

[841 codes. The results show that in all 288 cases considered, the strength of 

restrained beam-columns is greater than the strength of axially loaded pin ended 

columns as specified by the BS 5950 and EC3 codes except in three cases (where the 

a,, j, values are 0.99) where the strength of restrained beam-column is very slightly 

lower than the strength of pin ended column. This shortfall which is related to edge 

columns, however, represents only 1% of all the cases considered. This implies that 

beam-columns can be designed safely as axially loaded compression members based 

on either the BS 5950 or the EC3 pin ended column curves. 
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The understanding of the true behaviour of inelastic columns has enabled the 
development of the simplified design method of semi-rigid non-sway frames. A 

straightforward method of designing low rise multi-storey buildings for simple, 

semi-rigid and rigid non-sway frames, known as the api,, approach, has been presented 
in Chapter 7. The api,, design method has been developed based on the response of 
loss of stiffness and the phenomenon of moment shedding occurring in the 
beam-columns. 

The advantage of the api,, design method is the simplicity with which the column can 
be designed. With this approach, the design of semi-rigid fi-ames is not dependent on 

the stiffness M-0 characteristics of the connections, the stiffness of the beams and the 

stiffness of the columns. The api,, design method eliminates the interaction equations 

as normally used in the current design methods. Despite of its simplicity, the design 

method offers economical external column design as opposed to the current BS 5950 

design method. In the case of internal columns, economical column design could be 

achieved in cases when there is an appreciable disturbing moment due to 

non-symmetrical beam loads. 

Additionally, the response of inelastic beam-columns as observed in this study has 

highlighted that the specification stated in clause 4.7.7 of BS 5950 not to consider the 

effect of pattern loading for the purpose of column design is actually relying on the 

phenomenon of moment shedding. As a result of this phenomenon, it is seen that; the 

column end moment diminishes and sometimes acts as restraining moment and hence 

the moment is no longer detrimental to the column. 

The findings of the present studies, however, are based on limited parametric studies 
based on low rise non-sway frames. A more comprehensive study is needed to 

confirm the findings for high rise non-sway frames (Say of more than six storeys). 



8.2 Summary of Conclusions 

The main observations and conclusions obtained from the limited parametric studies 

on low rise multi-storey non-sway frames as conducted in this thesis are: 

1. At collapse load, the structure is seen to become statically determinate in which 

the column behaves as an axially loaded member and the beam as a simply 

supported member with a certain degree of end restraint moments. As a 

consequence, beams and columns in frames with semi-rigid connections can be 

treated as individual members. 

2.. At the ultimate load levels, the moment acting on the column diminishes as a 

result of moment shedding and sometime acts as a restraining moment. As a result 

of this phenomenon, it is not necessary to evaluate the disturbing moment 

transferred to the column. Hence, based on this justification, the pattern loading 

necessary to determine the effect of maximum detrimental moment to the columns 
is not required. 

3. The rate of decrease (shedding) of column moment is dependent on the rate of loss 

of stiffness in the columns. The more rapid is the loss of stiffness, the more 

sudden is the moment shedding. The rapid loss of stiffness in the columns has 

been seen in these studies as being associated with the following parameters: 

o The small values of second moment of area, L These parameters normally 

present in the case of columns buckle in minor axes. 

The more slender columns. This parameter causes the rapid loss of stiffness 
in the elastic range due to the large geometrical deformation. 

di The formation ofyielding in columns. This phenomenon causes the sudden 
loss of stiffness in the inelastic range as the yielded sections no longer 

contribute to the stiffness of the column. 

4. In, order to incorporate the benefit of connection restraints to the column the 

concept of effective length is employed. In order to avoid complexity, the 
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simplified effective lengths that are analogous to Table 24 of BS 5950 [8-3] are 

employed. This is justified based on the research conducted in Chapters 5 and 6 

that showed the possibility of designing beam-columns with end restraints without 

the need to know precisely the M-ý connection characteristics, the beam stiffness 

and the column stiffness. 

5. The amount of moment shedding redistributed from the column top end to the 

beams depends on the degree of connection restraint. Less stiff connections attract 

a small amount of the shed moment and hence permit a small amount of the 

moment to be redistributed back to the beams. 

6. It is seen that the stiffness of the connections is more important and becomes more 
dominantly utilised when the column starts to undergo rapid loss of stiffness due 

to'the attainment of first yield in the column. 

7. The benefit of stiff connections is seen to be more significant in the inelastic range 

where it can provide large reserves of strength and largely stable deformation to 

the column member. Such inelastic characteristics may have important 

implications for the ultimate strength of steel frames with semi-rigid connections 

in seismic areas. 

8. For columns, the effect of increasing connection stiffness is seen to be less 

important for columns with practical slendernesses. It is seen that the use of 

flexible PDEP connections can enhance the ultimate column strength to about 

90% of the column load with RIGID connections. Therefore, in the practical range 

of column slenderness, there are no significant benefits of increasing connection 

restraints in order to enhance the column ultimate load. 

9. The effect of increasing connection stiffness is seen to increase the restraint 

moments at the beam ends. This in turn reduces the maximum mid-span moment 

of the beams and hence resulting in shallower or lighter beam sections. 

10. In the api,, method, the beam-column is designed as a function of applied axial 
load only and not affected by the beam moment. As a result, the use of pinned, 

semi-rigid and rigid connections produces the same size of columns. Ibis result is 
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somewhat at odds with the traditional beam-column design using the interaction 

equations, where the use of stiff connections induce large moment to the column 

and hence produce larger or heavier columns. 

8.3 Recommendations for Further Studies 

This section discussed several suggestions that can be extended ftu-ther to: 

" improve the understanding of the behaviour of semi-rigid frames 

" obtain more economical beam design. 

One of the interesting features of the avi,, design method is that the design of columns 

with rigid connections gives similar results to the design method based on Wood's 

variable stiffness method [8-5]. In view of this, comparative studies on the api. and 
Wood's variable stiffness methods can be undertaken. It would be interesting to know 

to what extent the two methods differ. On one hand, the ai,, column design is 

significantly simple to use but on the other hand, the beams as designed by Wood's 

variable stiffness method are seen to be more economical than the beams designed by 

the api,, method. This is due to the fact that the proposed qp, ý, design only employs 

5% and 10% of end restraint moment at the external and internal bcam ends 

respectively; whereas, Wood's variable stiffness method employs full moment fixity 

which permits the beams to be designed plastically. 

In view of the above, the author believes that it is possible for the a, 'j" design mcthod 

to employ larger end restraint moments at the beam ends to obtain more economical 
beam design. The suggested studies which require the use of a three dimensional 

program are as follows: 

Investigate the values of beam end restraint moments at the higher load levels for 

three dimensional frames. In the analysis, the beams are loaded first to produce 
detrimental bending moment to the column, followed by loading the columns to 
failure. It is of interest to investigate the reduction of end restraint moments (at 
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higher load levels) at all beam ends with the presence of more bcams; connected to 

the column. 

investigate the design concept known as PxEy that %%-as suggested by Bak-cr et al. 

[8-6] in 1950s. According to this concept, P,, and Ey , respectively, indicatc that 

the major axis and the minor axis beams can be designed plastically and 

elastically. In the case of the api,, approach, it is of interest to know whether the 

column end moment is shed to the minor axis beams only and not to the major 

axis beams (i. e. when the column is allowed to buckle in minor axis). As a 

consequence, the reduction of beam end moments only occurs at the minor axis 

beams and not at the major axis beams. If this behaviour is true, the design 

concept suggested by Baker et al. can be adopted in the apt. design method, i. e. 

major axis beams can be designed economically using the plastic design method. 

in addition, other recommendations for further studies that can be investigated by 

using the plane frame program are as follows: 

'P An investigation on the performance of frames as designed by the a. design 

method. This can be performed by first designing the frames with the %'. design 

method. Then perform numerical load tests on the designed frames by appl)ing 

full factored, design loads on all beams followed by increasing the loads 

incrementally up to the frame failure. Frames that are able to carry loads larger 

than the factored design loads are considered safe and acceptable. Additionally. 

the behaviour of various frame configurations under these loading conditions can 

also be investigated. 

A study on the response of beam-column with the inclusion Of scmi-rigid 

connections at the base. 

A study of the qj, approach in sway fraznes. Further extensions on the study of 

. 
the api,, approach can be expanded to sway frames to investigate the bchaýjour of 
inelastic columns at the ultimate load levels. Analytical studies by Zic=n Ct al. 
[8-7] confirmed the response of redistribution of column moments to the 

neighbouring beams as the columns undergo yielding. This response gi%-cs an 

8-7 



indication that the phenomenon of moment shedding may also be present in sway 

frames. The interesting research question is that whether the understanding of the 

behaviour of inelastic columns with the beams remaining elastic may lead to a 

simplified design method that is analogous to the wind moment design method 

[8-8]. If so, the beams and columns could be designed indi%idually and 

independent of the M-0 characteristics, the stiffness of the beams and the stiffhas 

of the columns. 
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